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At top of Fig. 2.l3(b) replace nO_75 11 by 1175" 

Fig. 2.15 on vertical axis replace c/H by HIe. 

Li'ne 20 delete lO o f a shear wall lJ and replace i::¥ "of the example structure (the models used in the tests) II. 

At end add~ .IThe conclusions refer to structures in which the thicknesses of the coupling beams and 
the walls are of the same order I.. 1 

Add to Eg. (3.2b)! It or $f
yst 

Ast SS whichever is less." and add to Eq,. 3.2 tlor .=:-_ --=---;:--

In title of Fig~ 3.1 (d) replace fldistbution" by udis tribution" . 

Paragraph 1, line 3 replace ueA" by 118Eu. 

The dashed lines refer to conventionally reinforced beams and full lines refer to diagonally reinforced 
beams. 

section 3.5.1. (iv) line 3, replace Utrue U by "probable ll
• 

Section 3 .. 5.2 (a) line 1, replace "Flexureal tl by "Flexural!!, 

Line 5, after M add It (posi tive moment refers to compression on the left side of the section 
illustrated in F~g. 3.l9} II. 

Md at end of paragraph (iv) "Because the deflections in both walls are essentially the same the 
curvature in the tension wall is limited and this may delay its failure~ II 

Add footnote to Table 3. L "The values of ~y and q,u correspond to two particular loading histories 
1. e. (d) and (e)." 

In Fig. 3.25. The top arrowed line marked (1) in the third diagram of the top row to extend to unit 
distance .. 

Line 5 from bottom and remainder of the sentence to be replaced by lithe closest to the curves obtained 
for the compression wall but both quantities reduce to below this value at the critical base area of 
the tension wall. It 

Line 3 from bottom replace "shown" by Ifassumedl!. 

Add after line 6 lIThe term wall refers to one wall of the structure, while the term shear wall means 
the entire coupled shear wall structure." 

Line 5 from bottom, add "Fig_ 4.11 shows the idealised situation with infinitely rigid coupling 
beams, which implies that no compression occurS in the tension wall. lJ 

Add neW paragraph: (h) For positive loading the jacks and load cells were situated as in Fig. 5.9.b_ 
For reversed (negative) loading both jacks and load cells were placed at the side of the 
specimen so that the applied forces were introduced as shown by broken arrows Fig, 5.5. 

Add in line 2 after "Appendix B", liThe accuracy of the theodolite readings are discussed on page 240." 

At bottom of Fig. 6.23 add behind" (inches)", ,,10-
2

. 

In line 2 from bottom, delete flestimated tl
, 

Last line ,of paragraph 8.1, insert after "load", "and greater energy absorption capacity'l .. 



I 

ABSTRACT 

In this project the strength and behaviour of coupled shear 

walls subjected to seismic type of lateral load are examined. 

The sensitivity of shear wall response to changes in relative 

stiffnesses of beams and walls, and the effects of cracking are 

studied. Using a finite difference approximation the application 

of laminar analysis is extended to coupled walls with variation in 

properties of beams and walls with height, different boundary 

conditions, different pattern of loading and two or more rOws of 

openings. 

Theoretical approaches are suggested for the estimation of 

strength and post-cracking stiffnesses of beams and walls. Using 

these approaches, with the aid of finite difference approximation 

of the laminar technique, the history of the shear wall's behaviour 

is followed by an incremental non-linear elasto-plastic analysis 

which exposes the ductility requirements of beam and wall hinges 

and reveals the sequence of their yielding. 

Two quarter full size seven storey reinforced concrete coupled 

shear wall mOdels, with differently reinforced coupling beams, have 

been tested under static reversed cyclic loading to simulate seismic 

effects. The experiments revealed that carefully designed and 

detailed shear walls can possess adequate ductility to give the 

desirable protection against catastrophic ground shaking. The 

shear wall model with diagonally reinforced beams exhibited superior 

stiffness, ductility and energy dissipation characteristics. 

Finally, the significant findings of this investigation have 

been translated into design recommendations for coupled shear wall 

structures. 
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CHAPTER ONE 

INTRODUCTION 

1.1 SHEAR WALL STRUCTURES 

In high rise buildings, shear walls provide the required 

rigidity for lateral loads resulting from wind and earthquake 

effects. Walls designed for earthquakes should satisfy the 

1 

requirements of ductility, energy absorption, damping characteristics 

and damage control in addi tion to the primary requisites of strength 

and stiffness. Windows, doors and service ducts require that these 

shear walls are pierced by a number of openings. In regular coupled 

shear walls these openings are in a vertical row The coupling 

consists of a number of spandrel beams which connect the walls. 

Though coupled shear walls have been accepted to provide the required 

rigidity to minimize non-structural damage during moderate seismic 

disturbances, there has been a certain amount of distrust' with 

respect to their ductility and energy absorption properties Only 

in exceptional caseS will it be possible to resist the earthquake 

generated inertia forces within the elastic range of behaviour. 

In the case of catastrophic earthquakes, it is generally accepted 

that energy dissipation, involving considerable excursions into the 

post-elastic range, will have to be relied upon. 

The response of coupled shear walls in the elastic range has 

been predicted by various methods. Many of these methods are 

applicable for regular structures with uniform member properties. 

As coupled shear walls are expected to perform satisfactorily also 

during large earthquakes, methods which account for the inelastic 

actions are necessary to aSseSs post-elastic behaviour. Previous 

studies which examined the behaviour of coupled shear walls in the 

elastic and elasto-plastic range are reported in Section 1.3. 



1.2 CRITICAL ASPECTS OF COUPLED SHEAR WALL BEHAVIOUR 

There are three areas in two coupled shear walls in which 

critical conditions may arise during a strong seismic disturbance. 

These areas are shown in Fig. 1 .1 • 

FIG. 1.1 

1.2.1 

(1) Coupling beams. 

(2) Tension wall. 

(3) Compression wall. 

TYPICAL LATERALLY LOADED COUPLED 
SHEAR WALLS 

The damage suffered by the coupling beams during known 

earthquakes2 ,3 and the experiments carried out by Paulay4 show that 

these beams, conventionally designed for shear and flexure with 

stirrups and horizontal flexural reinforcement respectively, cannot 

sustain the flexural yield load when subjected to high intensity 

cyclic loading. These experiments revealed that shear deformation 

greatly overshadowed flexural ones. EVen when the stirrup 

reinforcement provided was in excess of that required for the 

maximum possible shear force, which would develop when the flexural 

steel yields, it has been found that after a few cycles, causing 

alternate yielding in the top and bottom flexural reinforcement, the 

2 

beam may fail in sliding shear. When the flexural steel yields at the 

face of the wall nearly the whole of the shear. force is transferred 

across the concrete in the compression zone. However, this concrete 

has cracked during previous loading cycles and its frictional shear 

resistance diminishes rapidly as a result of repeated opening and 

closing of the cracks. This shows that even a drastic increase of 



3 

stirrup steel cannot improve the behaviour as sliding shear may occur 

between the two adjacent stirrups. Such a sliding shear failure in 

coupling beams cannot be considered as a satisfactory mode of failure 

for the purposes of seismic resistance. Moreover, sliding shear 

means a considerable loss of strength. 

The concern for the inadequate ductility of coupling beams led 

to the investigation of a different arrangement of reinforcement. 

Paulay5 developed the concept of diagonally reinforced beams. It 

was observed
6 

that with careful arrangement and detailing of 

reinforcement, greatly increased ductility could be attained in these 

beams. Theoretical stUdies? indicated that the ductilities attained 

experimentally for the diagonally reinforced beams are adequate when 

compared with the ductilities imposed on a shear wall during 

severe seismic disturbances. 

1.2.2 

The shear strength of one of the walls may be seriously 

affected by axial tension generated by the earthquake induced 

overturning moments. It is important to realise that under these 

conditions, the contribution of the concrete to shear strength becomes 

negligi ble. 

1.2.3 Compression Wall (Area (3)) 

The axial compression generated by the earthquake induced forces 

and by gravity load on the structure may limit the ductility attainable 

in the compression wall. Apart from this, construction joints in 

shear walls (shown with broken lines in Fig. 1.1) may become the 

weakest link in the chain of resistance. 

1.3 PREVIOUS INVESTIGATIONS 

This survey is limited to investigations related to the 

behaviour of reinforced concrete coupled shear walls subjected to 

static loading and is divided into the following three parts: 
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(1) Elastic analyses. 

(2) Elasto-plastic analyses. 

(3) Experimental investigations. 

The following three approaches have been used in the 

analyses of coupled shear walls: 

(a) Laminar analysis. 

(b) Frame analysis. 

(c) Finite element analysis. 

(a) This approach, by which the statically 

indeterminate problem of coupled shear walls is reduced to a relatively 

Eimple analysis, originates from Chitty8. Beck, in his first 

publication9 deals with wall panels containing one or more rows of 

openings. The Vierendeelgirder is one example in which he replaced 

the individual columns by an equivalent laminar system, similar to 

that used by Chitty8. 10 
In 1959, Beck extended his laminar analysis 

of Vierendeel girders so as to allow for significant axial deformations 

in coupled shear walls and the shear deformation of the deep coupling 

beams in symmetrical structures. In 1960 appeared the first 

bI ' t' 11 f R pu lca lon 0 osman. Making use of the laminar system and strain 

energy considerations, he established the fundamental Eulerian 

differential equation of the problem. He chose the solution in 

terms of the axial force in the walls and expressed this by trignometric 

series. In this approach he neither allowed for shear deformation 

nor considered the separation forces exerted by the spandrel beams. 

In a discussion of Rosman's paper, Beck
12 

pointed out the similarity 

to his mathematical model with that used by Rosman and proposed the 

complete solution by giving expressions for the la~tnar separation 

forces and the singular separation force at the topmost lamina. 

Since then, in a number of published papers, the method has 

been further developed. (See references 13 to 43). The problems 



considered in these publications are: the number of rows of openings, 

different types of loading, different foundation conditions and certain 

variation in properties with height. A list of the investigations which 

may be considered to have application in the design of the coupled shear 

42 wall has been tabulated by MacLeod e This table shows the different 

aspects considered by these studies 

(b) Cardan
44 

rightly suggested that a general 

matrix analYSiS, which allows for all the significant deformations in a 

coupled shear wall structure,can be programmed for a computer. It has 

42 been pointed out by MacLeod that the plane frame programme when used 

to solve coupled shear walls should consider the effect of finite joints$ 

The effect of flexibility of the joint between the beam and the wall has 

been investigated by Michael45 • Smith46 , Kratky and puri47 , Schwaighofer 

and Microys48 and Qadeer and Smith49 suggest various methods by which a 

standard computer programme for the analysis of a frame could be modified 

and 'Used also for coupled shear walls 

(c) Both finite and frame~work elements 

5 

have been used in the elastic of coupled shear walls. Frame-work 

elements are line elements loaded and in bending, whereas finite 

elements are two dimensional which connect more than two nodes Hrennikoff50 , 

MCHenr;1, MCCormick52 and Grinter53 have used different types of frame-work 

elements in 'cheir analyses. Different shapes of finite elements have 

been used by AlwoOd54 , Tocher and Rartz55 , MacLeod56 , Cerny57, Weaver and 

Oakberg58 and Girijavallabhan59• 

documented60 • 

The method is now well established and 

6'1 In 1968 Winokur and Gluck proposed a design method based on a 

collapse mechanism and suggested procedures by which Simplicity in the 

analysis and economy in reinforcement may be achieved Q Paulay7 used the 

laminar analysis to ;assess the post-cracking "elastic" behaviour of 

coupled shear walls and suggested a step by step procedure for evaluating 



the post-elastic performance of the structure. In his recent work, 

GluCk62 has proposed a solution for the overall ductility of the shear 

wall when plastic hinges develop at the ends of the beams only over part 

of the height. For this case, charts for the determination of overall 

ductility factor, and the associated rotational ductility of the coupling 

beams, have been presented. Gormack63 investigated the behaviour of the 

coupled shear wall by using a non linear iterative elasto plastic finite 

element analysise 

1 

6 

A number of elastic model studies compare the results of the elastic 

analysis with model behaviour. The results of these investigations have 

limited application in predicting the behaviour of reinforced concrete 

coupled shear walls and hence these are not reported here. 

The first known experiment with a large scale reinforced concrete 

coupled shear wall model was reported from Rumania64~ These models were 

studied under monotonic loading., Apart from the experimental 

investigations of l~ 5 6 , , Binney and ! reinforced concret 

model studies of coupling beams using certain 'Ill1conventional t~'pes of 

reinforcement have been undertaken by Papar()ni 66 et aL Reinforced concrete 

model studies of the Par que Ceritral Building67 reveal that the behaviour of 

connecting beams is not completely independent from the whole shear wall 

behaviour. Luisoni at a168 show that good agreement is obtained with 

experimental evidence when simple theoretical assumptions are made in the 
I 

analysis~ incorporating alasto-plastic criteria. In a state of the art 

report, during the international conference on planning and design of , 

tall buildings held at Lehigh University, Bethlehem, Tomii69 has 

summarised the findings of a; number of Japanese investigations70 ,71,72 

on shear walls with openings. The results of these investigations 

have been used69 to arrive at empi cal coefficients for the 

prediction of the behaviour of shear walls with various sizes of 

openings. Recently Hisatoku and Matan073 have investigated the 

behaviour of a 1/20 scale model of an 18~storey coupled shear wall 
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structure. The model was made of reinforced mortar. The test 

result agreed with the behaviour of the model predicted by a finite

element analysis. 

1.4 THE SCOPE OF THIS PROJECT 

The behaviour of tall rectangular cantilever shear walls and 

those of the coupling beams indicate that with careful arrangement 

and detailing of reinforcement large ductilities could be achieved. 

The primary aim of this project was to examine the ductile behaviour 

of reinforced concrete coupled shear walls when the coupling beams 

and the walls are designed and detailed accordingly. 

Based on the elastic analysis, the sensitivity of shear wall 

response to changes in relative stiffness of the coupling beams 

and walls and to the effects of cracking are studied. Using a 

finite difference approximation the application of the laminar 

analysis is extended to coupled shear walls with variation in 

properties of beams and walls with height, different boundary 

conditions, different pattern of external lateral load and two or 

more rows of openings. 

The strength and stiffness properties of the coupling beams 

and coupled walls are assessed based on theoretical considerations. 

The elastic and elasto-plastic responses of the critical sections 

of the tension and compression walls to static loading are 

determined, using the load-moment-curvature relationships. 

The load-moment-curvature relationship and the finite 

difference approximation of the laminar technique are used in a non

linear elasto-plastic analysis, in which the history of the shear 

wall's behaviour is followed, through stages of incremental loading, 

till the ultimate load is reached and the desired overall ductility 

is attained. This analysis exposes the ductility demand of the 

coupling beams and the critical wall sections during their various 

stages of plastification. 



In two quarter full size seven storey reinforced concrete 

coupled shear wall models the various effects of differently 

reinforced coupling beams upon the overall behaviour were studied 

8 

The models were tested by subjecting them to static cyclic reversed 

loading, to simulate earthquake effects. The results of these tests 

are presented. Wherever applicable the results, obtained during 

the experiment, are compared with those predicted by the theoretical 

study mentioned in the preceding paragraph. 

These tests have shown that carefully designed and detailed 

coupled shear walls can possess all the qualities required to give 

the highest degree of protection against nonstructural damage during 

moderate earthquakes while assuring survival in the case of 

catastrophic seismic disturbances on account of their ductility. 

Finally, the most important findings are translated into design 

recommendations for coupled shear wallss 



9 

CHAPTER TWO 

THE ELASTIC ANALYSIS OF COUPLED SHEAR WALLS 

2.1 INTRODUCTION 

A brief review of elastic laminar analysis as applied to shear 

walls is presented. Based on this analysis, the sensitivity of the 

shear wall's response to changes in the relative stiffnesses of the 

coupl beams and the walls are examined~ The influence of cracking 

upon the static quantities is studied, based on an approximate 

analysis, which allows for a reduction of the stiffnesses of the 

cracked componentso 

The use of finite element analysis and the frame analysis, as 

applied to the solution of the coupled shear walls, are discussed 

The laminar anal is modified to handle specified variations 

of the properties of the beams and walls, by a finite difference 

approximation. This analysis is then extended to shear walls with two 

or more rows of openings. Numerical examples demonstrate the 

application of the proposed analyses. 

2.2 THE LAMINAR ANALYSIS 

The coupled shear wall, to be cons here, consists of 

the two walls connected by the coupling beams at each floor vel as 

indicated in Fig. 2.1.a. For the purpose of analysis the beams are 

replaced by a set of infinitisimal elastic laminae. This replacement 

enables the statically highly indeterminate problem to be reduced to 

the solution of a single, second order, ordinary differential equatioD. 

The mathematical model, depicted in Fig. 2G1.b. simulates well the 

real structure when the number of storeys is large. 



FIG 2.1 A PROTOTYPE COUFLED SHEAR WAUJ 
STRUCTURE AND ITS NATHEHATICAL MODEL 
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2.2.1 

In addition to homogeneity, isotropy and linear elasticity, the 

following assumptions are made: 

(a) The floor heights are uniform so that the coupling beams 

are equally spaced. 

(b) The coupling beams are of the same size, with the exception 

of the top-'most beam, the stiffness of which is one half of that of 

the others e 

(e) The properties of the walls do not vary with the height. 

(d) The axial deformation of the beams and the shear deformation 

of the walls are neglected. 

(e) The stiffness of the walls is very large compared to that of 

the coupling beams. Thus, the slopes of these walls are locally 

unaffected by the discrete beams. Consequently, at any level, the 

slopes and deflections of the two walls are the same. This implies 

that each coupling beam has a point of contraflexure at its mid-span 

(f) The external load can be expressed as a continuous function 

of the distance measured from the top of the structure. 

2.2 2 

In order to set up the basic quation of the problem the coupled 

shear wall structure is cut along the centres of the connecting laminae 

(see Fig. 2.1.b). The displacements at the cut end of the lamina due 

to actions on the walls, and due to the laminar shear force, are 

expressed and combined. Based on the conditions of equilibrium and 

compatibility, the following relationship between the external moment, 

Mo ' axial force in the wall, Tx ' and the laminar shear force, qx ~ 

74 
at any level is abtained 

T 
x 

1 (1 dx - - - + E A 
1 

H 

l)J 
x 

T dx -x q =: 0 
x 



where I ::: 
x 

::::; 

:::: 

G :::: 

••• (2.1a) 
1 + 

the reduced moment of inertia of the coupling beam 

to allow for the shear deformation 

area of the beam 

moment of inertia of the beam 

form factor to account for the non~uniformity of 

shear stress distribution 

the modulus of rigidity 

10 • it, ,12 ,1 , Is are the geometrical properties of 

the shear wall as defined in Fig. 2.1. 

12 

Combining the common terms and differentiating these with respect to x, 

the differential equation of axial force in the walls is obtained 74 

where 

and 

and 

force, 

where 

· . 
is the axial force in the wall at 

2 (l, 1 i
2

) 
('2 IX) (2.3) 

OJ 
:::: + 

A2 
+ 

hI 3 0 
s 

:= 

V 
••• (2.4) 

The solution for the differential equation yields the axial 

T thus 
x 

T x 

T 
px 

:::: it sinhOtx 

Y. { M 
0/

2 0 

+ 

2 
d Mo 

+ ~2 Of x 

B coshQ'x + T · .. (2.5) 
px 

d
4

M 
0 } + 4d 4 + I) 0 !It 0 a ... 

()I X 

· .. (2.6) 
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is the particular integrale The integration constants A and B 

are obtained from the known boundary conditions. 

Three load patterns which commonly represent equivalent seismic 

loads are considered, as shown in Fig. 2.1 

(a) A single point load, P, applied at the top of the shear 

wall & 

(b) A distributed linearly varying load, W , acting with 

maximum intensity at the top of the structure 

where 

2 4 

base, 

with a 

2.2.5 

(0) A uniformly distributed load, W
1 

• 

The bending moment at any level due to these loads is 

Only 

x 
H 

two 

so that 

boundary 

o 

~2 
+ PH ~ + W1H 2 

~ < 1 

conditions are considered$ 

(a) Each wall, acting as a cantilever, is fully 

hence (i) when x 0, T - 0 

and (ii ) when H, 0 i.e 
dT 

0 x q ::: 
dx 

(b) The walls are restrained at the base and are 

rigid diaphragm at the top so that 

(i) when 0, 0 i.e. 
dT 0 x q :: 
dx 

:: 

and (ii) when x H, 0 i.e0 
dT 0 = q :: ::::: 
dx 

fixed 

also 

... 

at its 

(2 8) 

(2 9) 

provided 

(2.10) 

(2.11) 

Substituting the appropriate values of the moment (Eq. (2.7)),its 

derivatives in the particular integral (Eq.(2.6)), and applying the 

boundary conditions (Eqs. (2.8) to (2.11)) the unknown axial force 

T (Eq. (2.5)) is obtained. All other internal actions and deflections 

are derived based on the well known principles of structural mechanics 



as indicated below: 

(a) 

The axial force is obtained as: 

T (0 :; [ -I- ~)tanh~ 
~2 

sinh~~ + 6inh~~ (2 
~co6h~ ? , 

3 + p~ + pI g2) + ' (2 _ 
2 ~ 

14 

••• (2012) 

where ~ ::; aH , p 
p 
Vi and " p' =: T 

The load ratios p and p' are assumed to remain constant 

throughout the load history. 

The axial force is the accumulation of laminar shear q(~) • 

Hence the laminar shear q(S) = (d~is»). (~) 

On substitution of T(S) from Eq@ (2.12) 

( 

(2 + pi) sinh~~ + 2 

The shearing force Vp(x) 

p(x) is 

I 
where C =:: 

Thus,p(x) 

dM 
~ 
dx 

~ 
dx 

c 

C 

dT x 

] 

. 74 12 
generated by the separatlon forces ' 
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On substitution of q(S) from Eqo (2.13), the separation force is 

p(~ ) '" VWHC [ tanhf!! sinh~~ 
sinh~~ (2 

+ rc;osh~t ~2 1 pi _ p) 

- coshlll~ (2+r) + 2 - 2 ~ ~J ji2 ~2 
+ 2 

~ ~ 

The lateral deflection of shear wall is computed using the relationship 

EI 
o 

whence 

(b) 

;: M 
o 

IT 
x 

+ (10~ = 2. 

(2sinh~ 

( 

4 _ 7 0 5)p'J 

2 
+ -

~ 
~ = I'P 

) ~~ 

[ (sinh~g ..: Sinh~) 

~p t + pi sinh~ ) cosh~ (2 + 

(s3 1 5~2 I + • P 1 

When the two walls are restrained at the base and provided 

with a rigid diaphragm at the top the various in actions from 

consideration of Eqs. (2.10) and (2.11) become as follows 

~3 2 
- --~ + S2 + ~ (1 - ~) + p~ + pl~ + J 

3 ~2 2 ~ 
... (2 17) 

[ ( _ ~) (COSh~~ + sinh~k sinh~S) (~+~, (~Sl~' :~~ 
'" sinh~ - tanhjJ - F ~ / 

••• (2.18) 

pi) 

5pi 



p(~) = VWCH [ (~ - i) (sinh~~ 
~ 

+ 

y(~) : 

( COSh~S COSh~) 
sinh~ 

16 

+ COSh~~ _ COSh~~) _ (1 + ~\ cosh'~ 
sinh tanh~ ~ ~) sinh$ 

} 

... (2.20) 

The moments in wall 1 and wall 2 are obtained as 

Thus, .. 
The above equations do not easily lend themselves to manual 

computations. The use of a computer programme is inevitable for 

speed and accuracy_ 



2.3 THE EFFECT OF SIGNIFICANT VARIABLES 

To examine the sensitivity of the structure's response to the 

changes in the relative dimensions of the coupling beams and walls, 

the effect of the following variables upon the performance and 

efficiency of the coupling system was studied. 

(a) The stiffness of the coupling beams 

(b) Provision of a rigid diaphragm at the top of the structure 

(0) Total stiffness of walls 1 and 2 

(d) Ratio of the stiffness of wall 1 to the stiffness of wall 2 

(e) Cracking in the beams and in the tension wall 

(f) Flexible beam-wall junction. 

For the purpose of this study the core of a 20-storey building, 

consisting of two channel shaped walls, was chosen. Fixed as well as 

variable dimensions of this core are shown in Fig. 2.2. The relevant 

dimensions of the chosen structure and details of equivalent lateral 

load considered are summarised below 

Floor height, h :::: 11'-0" Total height, 11 := 2201~0" 

Number of storeys"" 20. Wall thickness? t ::::: 1411 

Span of the coupling beams, :::: 6'-0" 

Triangular load, W:::: 600 kips. 

Point load, P = 80 kips. 

The load corresponds to the prototype seismic requirements 

of the New Zealand Building Code 75 • 

The· dimensions a and b of the walls were varied from 6'-0" 

'17 

to 141-0" in different combinations to reveal the effect of changing the 

wall dimensions on the significant design quantities. 

The dimensions of the beams were varied as indicated in 



Table 291 PROPERTIES OF BEAMS 

NO. ASPECT DEPTH WIDTH AREAl!< 
RATIO 

D/l D B A=2BD s 

in. in. Sq"in0 
I 

1 0 .. 83 60 12 1296 

2 0$42 30 12 1008 

3 O@ 24 12 720 

4 0" 18 12 432 

5 0,,08 6 24 288 

area of two beams 

As and when necessary beams of depth from Oil (D/l "" 0) 
s 

to 6 11 (D/l 
S 

o 08) and from 60" (D/l '" 0" 
s 

were also used to evaluate the ffect of 

flexible or a very stiff coupling system. 

Ii (D/1 
IS 

d ither a very 

The effectiveness of the coupling between the two walls depends 

on the stiffness of the coupling beams. In these coupled walls the 

accumulation of the laminar shear generates axial tension in one wall 

and compression in the other" 

wall produces the moment 7 IT 

resisting the external moment, 

The axial force~ T·, generated jn each 

which is usually the major component 

~1 ,,(See Eqo (2.23). 
o 

A very s ff 

coupling system will lead to large axial forces and hence to an 

efficient structural action. With diminishing stiffnesses of the 

laminae the walls will tend to accept the load as cantilevers subjected 

. 76.77 
to shear forces and large bend1ng moments' Moments M1 and 

H2 increase consequent to the decrease of the IT component. 
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In Fig. 2e3 the efficiency of coupling is evaluated in terms of 

the stiffness of the structure. For this purpose, the stiffness of 

the shear wall, kS' is defined as the load in the previously defined 

pattern, required to produce unit deflection at the top of the 

structure. This stiffness is compared with the stiffness, kF 9 of 

a fictitious wall with the same dimensions as the prototype structure 

but having an infinitely rigid coupling system. The efficiency of 

coupling for this fictitious structure is taken as unity. Thus, the 

efficiencyof coupling of the prototype wall is expressed in terms of 

the stiffness ratio! € k ... 

In Fig 2.4, the efficiency of coupling as affected by different 

total wall stiffness of wall 1 and wall 2, is studied. For this 

purpose the total wall stiffness of wall 1 and wall 2 is represented by 

the moment of inertia ratio, €r ' which is defined as the ratio of total 

moment of inertia , for the prototype shear wall shown in Fig. 2.1, 

to the total moment of inertia, ! of a fictitious wall which has 

the same dimensions for the webs of the channel d sections as the 

type structure but dOBS not have (1 e. a b The 

efficiency of coupling, €k ,for the stiffest symmetrical shear wall 

section considered (E 1 = 150), with infinitely rigid coupl beams, 

is taken as unity. The efficiency of coupling for different total 

stiffness of wall 1 and wall 2 is thus expressed in terms of the 
the prototype shear wall 

stl ffness ratio € k := 

An examination of Figs. 2.3 and 2.4 reveals that: 

(a) Decreasing the stiffness of the beams decreases the efficiency 

of coupling as would be expected. 

(b) The efficiency of coupling falls off rapidly when the stiffness 

of the beams, as measured by the aspect ratio, D/l s of the coupling 

beams,falls below a certain value For example the stiffness of a 

symmetrical coupled shear wall of given height increases 20 fold when 
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o 0·50 ',00 
Ratio Coupling 

FIG. 2 3 THE STIFFNESS RATIO OF A SHEAR WALL AS AFFECTED BY THE 
STIFFl'\ESS OF THE COUPLING BEAMS FOR DIFFEREN'r VAl,UES 

OF I1/12 

o 01'5 1-00 

(D/ls) 

FIG. 2. Lf THE STIFFNESS RATIO 01" A SHEAR WALL AS AFFECTED BY THE 
STIFFNESS OF THE COUPLING BEAjvlS FOR DIFFEREN'l' MOMENT 
OF INERTIA RATIO 8

1 

) 



the aspect ratio, 

o 33 

D/l ~ 
IS 
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of the coupling beams increases from zero to 

(e) The fficiency of coupling is not sensitive to changes in 

beam stiffness when the aspect ratio is larger than 0 0 75 (see Fig. 2.3). 

(d) The stiffness of the shear wall s with an increase in 

total stiffness of wall 1 and wall 2, as expressed by the moment of 

inertia rat:i.() € r 
Ce) The stiffness of the coupled shear wall increases with the 

wall moment of inertia rati 1 1
1
/12 , for a given total moment of 

::i.n<:l!rtia, However this increase ia insi 

is more than 005. 

Hence, for efficient structural action, the designer could aim 

at 681e.o overall dimensions so that the aspect ratio of the coupling 

them O. and that the inertia ratio of the two walls 

In Fig. 2 5 a, the variation of laminar shear factor, E 
q 

with the height f the shear wall for different beam aspect ratios ia 

shown" '1'11e laminar shef.u:" factor is ned as the ratio laminar 

shear, the pro shear wall to the maximum laminar shear, 

, of a fictitious shear wall with infinitely ri d coupl system", 

As expected the maximum laminar shear increases with increas beam 

s ffness. As the of the cDupling beam i reduced, the height 

at which the maximum laminar shear o~cur6, moves up For very Ii y 

d shear walls, the laminar shear is almost uniform. 

In Fig 2 6 a, the ation of axial force factor. IT ,with 

height af the shear wall for different beam aspect ratios is shown. 

The axial force faator is defined 8S the ratio of axial force, T I of 

the prototype shear wall at any level to the maximum axial force, 

of a fictitious shaar wall with infinitely d coupling system 

As expected the axial force factor at the bass of the walls also 

increases with beam stiffness. 
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( a) 

o 

Variation of laminar shear factor'£q , with hei 

of the shear wall for ~ifferent beam aspect ratios 

t 

Variation of maximum laminar shear faetor t € i for q 
different beam aspect ratios 

THE EFFECT OF VARIATION OF BEAM srrIFFNESS ON TEE 
LAMINAR SHEAR FACTOR, €q 

22 
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5-381)( 106 in' 

Axial ~,-.,. Factor, 

(8) Variation of axial force factor, €T' with 

height of the shear wall for different beam 

aspect ratios 

0 D·' 0'0 

1, = 11·391x 100 in 

5.3(1)( 100 in' 
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D/ls 

( b) Variation of maximum axial force factor, e
T

, for 

different beam aspect ratios 

FIG 2.6 THE EFFECT OF VARIATION OF BEAf.1 STIFFNESS ON THE 

AXIAL FORCE FACTOR, €T 
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Figs. 2 5.b and 2.6.b show the sensitivity of maximum laminar 

shear factor, €q ,and maximum axial forCB factor, €T ,to the ahanges 

in beam aspect ratios respectivelye For aspect ratios greater than 

0.33 the variations of the maximum laminar shear factor and maximum 

axial force factor are insignificant. 

In Figs. 2.7 and 2.8, the bending moment variation in wall 1 

M, I and wall 2, M2 ' is plotted against the height of the structure in 

terms of total base moment, MO ' due to lateral load. As expected both 

wall moment ratios M,/MO and M2/Mo increase with decreasing beam 

stiffnesses. When the aspect ratio of the beam decreases, the axial 

forc IT! decreases. This decreases the IT component in Eq. (2. ). 

To resist the same external moment, MO I the wall moments M1 and M2 

increases by 1 times the decrease of axial force, T Q Thus, the 

wall moments are much more sensitive to changes in beam stiffness than 

other static quantities like the laminar shear, q, or axial force, T • 

Fig. 2 9 shows the variation of the components of MO with height 

for di ferent beam aspect ratios. In Fig. 2 10, the moments resisted by 

wall " wall 2 and the IT component at the base of the shear wall for 

different beam aspect ratios are expressed in terms of the total Bxternal 

moment MO at the base. 

reveals that: 

An examination of the Figs 2.9 and 2.10 

(a) For an aspect ratio greater than 0.60 the increase in the 

component IT, consequent to an increase in the depth of the beams, is 

insignificant. 

(b) An aspect ratio less than 0.33 requires the walls to accept a 

large proportion of the load as cantilevers. (Wall moments are doubled 

when the aspect ratio is reduced from 0.33 to 0.16.) 

As expected deflections decrease with increasing beam stiffness of 

the coupled shear wall as shown in Fig. 2.11.a • In this figure, the 

deflection factor, €~ • is plotted against the height of the structure 

for different beam aspect ratios. The deflection factor, £6 I is the 

tatio of the deflection of the prototype shear wall to the top floor 
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FIG. 2.7 VARIATION OF MOMENT FACTOR M1/Mo WITH HEIGHT 
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FIG. 2.8 VARIATION OF MOMENT FACTOR f.12/Mo WITH HEIGHT 
OF THE SHEAR ViALL FOR DIFFERENT BEAM RATIOS 
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deflection of a fictitious shear wall with infinitely rigid coupling 

beams having the same wall dimensions as the prototype shear wall. 

Fig. 2.11.b shows the variation of the maximum deflection factor, 

€A , for different beam aspect ratios. 
£.} max 

show that for beam aspect ratios greater than 0.33 the variations in 

the top floor deflections, as expressed by the variations in the top 

floor deflection factor, €/j , are insigniflcanta 

Thus both from the consideration of stiffness and efficient 

structural action, the designer should aim at selecting the overall 

dimension of the coupling beam so that its aspect ratio is larger than 

. 6 3 . 4 't 0.33 for the shear walls in Wh1Ch x 10 > 10 > 50 x 10 ln unl s. 

The magnitude of the laminar shear, q, has a on the 

design of coupling beams as well as the walls Fig. 2.12.a shows the 

variation of laminar shear factor, € ! for different beam aspect 
q 

ratios with respect to the total moment of inertia of wall 1 and wall 2 

for a particular 11/12 The laminar shear factor, € ,is the 
q 

ratio of maximum laminar shear, qmax t in the proto shear wall to 

the maximum laminar shear, of a fictitious shear wall with 
max ' 

a :;:: b ;,:; 14" (see Fig@ 2.2) and with infinitely rigid coupling beams. 
r 

It is seen from Fig. 2$12.a that increasing o decreases the 
F 

laminar shear. 10 and IF are the Bum of the moment of inertias of 

walls 1 and 2 of the prototype and fictitious (a ~ b 1!~1I) shear walls 

respectively. This is to be expected as an increase in stiffness of 

the walls will relieve the coupling beams. However, for coupling beams 

with aspect ratios greater than 0.25 the moment of inertia ratio, £I ' 

does not significantly affect the laminar shear. 



1·n~----~------f--------t------t-----

O.5~------I------+------t-- 0-08 _--+ __ 
Y 

o 

FIG. 2.12(a) 

50 100 
Moment 

D/ls 

150 200 
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• 2.12.b shows the on of top floor deflection factor, 
L 

€b, , for different €I values of the shear wall for a par 11/12 

ratio of the walls. As expected deflections decrease with increasing 

wall stiffness" However, above €r = 100 the decrease in deflection 

consequent to an increase in II value is insi ficanL 

Effect of Variation of Wall Sti Ratio 

The variation of laminar shear factor, € ,for different beam q 

aspect ratios with respect to the wall stiffness ratio, 11/I2' for a 

particular value of is shown in Fig. 2 13~a. It is seen that 

the laminar shear factor, €q' does not appreciably vary with the 

relative stiffnesses of wall 1. and wall 2 for any aspect ratio 

Fig. 2.13.b shows the variation of top floor deflection factor, 

€o ' for different 11/12 ratios for a particular value of ~ 

The deflections with increasing 11/12 ratios. However, this 

decrease is insignificant for 1,/12 o Hence, the variation of 

for a constant does not si f1 antly affect either the 

stiffness of the structure or the efficiency of the c when 

14~15,42 
Several dimensionless parameters have been used 

to define the behaviour of a shear wall structure@ The most useful 

42 
of these is aH ,a being the coefficient of the governing differential 

on, Eq" (2 2)" MacLeod studied the overall stiffness of the 

structure with respect to on of the parameter aH • This 5 

was based on the analysis made for shear walls th a constant overall 

aspect ratio Hie 3.15, where e is a dimension defined in Fig. 2 158 
42 

The results of this analysis re that 

(1 J For O'H > 8 the increase of deflections with O'H are 

not 
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(2) For QlH < 4 a small variation in the value of QI H could 

produce a significant change in deflection. 

These findings are assembled in the form of a behaviour table4~,78 

(See Table 2.2) 

TABLE 2,,2 BEHAVIOUR OF COUPLED SHEAR WALLS 

OIH Behaviour 

> 8 Close to that of a wall without openings 

4 ~ 8 Transition 

0 4 Behaviour approaches that of a frame 

Though the above study is useful in determining the stiffness 

of a structure, it does not depict the influanc of the efficiency of 

coupling on shear wall behaviour For this purpose the variation of 

axial force, T, at the base and the deflection, A, at the top 

floor, with the parameter, &H I for shear walls with various overall 

ratios, Hie, subjected to the defined load 

pattern, were examined o The dimension C , WBS chosen as fixed 

and H was varied. The variation of axial force factor. ~ and , ~'T 1 

deflection factor, €A umax , with ~H for an overall aspect ratio 

HIC = 2.00 are shown in FigS0 2 14.a and b respectively. Reference 

may be made to Section 2.3.1 for the definition of and € A Dmax 

Limit a - Beyond this the behaviour is that of a shear wall with 

infinitely rigid coupling system. occurs at 

location 0.90 ~ S ~ 1.00 

Limit b - Beyond this the maximum axial force, T A at the base max ' 

of the shear wall is more than 95% of the maximum axial 

force developed by a shear wall with infinitely rigid 

coupling system. occurs at location 0.8 < S 1000 
:;:; 
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Limit c = Beyond the shear wall develops at the base more than 

75% of the mum axial force in a shear wall with an 

infinitely rigid coupling system. This range is 

arbi trarily defined as "efficient coupling"0 The top 

floor deflection is less than twice the top floor deflection 

of a shear wall with an infinitely rigid coupling system. 

occurs at location 

)::'imi·t d Beyond this the axial forae at the base of the shear wall is 

more than 60% and the top floor deflection is less than 

three times the corresponding values for a shear wall with an 

infini rigid coupling system occurs at 

Beyond this limit the axial deformation 

of the walls and shear deformation of the beams should be 

considered in the anal s. This range is arbitrarily 

assumed to result in a stiff structure 

aE lesa thaD at limit d! the behaviour approaches that of two 

cantile rs subjected to ahear for and be mome.nts The laminar 

analysis may introduc B ficant errors in short walls. 

In Fig. 2 15 the above limits of H are plotted nst the 

overall aspect ratio H/C. lower and upper bounds of the limits 

a to d correspond to the aspect ratio HIC 2.00 and 8 00 

respectively. The shaded area shows the combination of values of aH 

and for which the coupling system is efficient For values of 0' Ii 

and HIC which result in a point limit d the structure is 

stiff. An examination of this figure shows that: 

(i) Beyond aH = 7, the coupling system is efficient. 

(il) Beyond tJlH 5, the structure is stiff. 

235 

The reinforced concrete shear wall could remain crack free 

when the lateral load is very small Therefore, theoretical elastjc 

s or to-elastic observations of the structure have limited 



value in 

countries 

cting the behaviour of the structure in earthquake prone 

The cracking of concrete signifies that the reinforcement 

has commenced to contribute more effectively to the strength of the 

structure. This may significantly alter the behaviour of the coupled 

shear wal1 7 

The coupling beams are subjected to flexure, in the presence of 

large shearing forces In these beams, which are often deep members, 

the maximum fl stress at the tension corner could be expected to 

be more than those predicted with linear strain variation across the 

section. Near the re-entrant corners, the concrete is in a biaxial 

state of stress Moreover, stress concentrations occur. The onset of 

cracking in the beams could be expected at smaller loads than in 

shallow reinforced concrete beams. Owing to subsequent loading~ the 

diagonal crack may develop and propagate from the tension corners. 

This may result in loss of laminar shear transfer and also in a 

reduction of the efficiency of coupl 

'rhe of the walls is likely to commence at the base. 

Consequently there is a loss of flexural rigidity over the affected 

height This leads to increased flexural rotations In one of the 

walls tension will promote the development of the cracks. n the other 

wall c ve stresses may delay the formation of the cracks In 

the bottom storeys, where the stresses are critical, the formation and 

development of cracks are likely to be severe. Thus, the loss in 

stiffness due to cracking is likely to be more in the bottom B 

than in the top of the structure. 

The foregoing discussion implies that the elastic laminar analysis 

may have limited application for certain reinforced concrete coupled 

shear wall structurese A more exact analysis which takes into account the 

varying stiffness of the walls and beams is possible and this is 

developed in Section 2.5. To study the effects of crack , considering 

the groBs section shown in Fig. 2.2, uniform properties have been 



assumed for each of the three main components of the shear wall~(i$e. 

the tension wall, the compression wall, and the coupling beams) based on 

74 
the procedure outlined by Paulay It was assumed that as a 

consequence of cracking 

(1) The stiffness of all coupling beams was reduced by 70% 

(ii) The tension wall lost 50% of its flexural aU ffnees, and 

30% of i 'cs area 

The assumption that stiffnesses reduce over the full height of a 

structure may be crude but in the absence of the data regarding 

disposition of reinforcement, improved assumptions and approximations 

to simulate the exact variation of stiffness with height would seldom 

be warranted~ The effects of cracking on a typical shear wall core 

may be evaluated by examining the effects of stiffness variation of 

beams in Figs 2.5 to 2&11, and of walls in Figs. 2.12 and 2.13. A 

study of these s reveals that the stiffness reduction of the 

beams and walls affects the behaviour of the shear wall as follows: 

(i) Cracking of the beams reduces the stiffness of the coupling 

system Herein, the effects of are studied based on the 

that it results in a 70% loss of stiffness of the beams. 

The effect of providing a beam whose moment of inertia is 

where Ib is the gross moment of inertia of the beam, is the same as 
3 

that of a beam with an equivalent depth, 1003 D 
q o 7D. Hence 

the effects of cracking are the same as reducing the aspect ratio of 

the coupling beam to 0.7D/ls j where D and are the depth and clear 

span of the coupling beam respectively. It was pointed out in 

Section 2.3.1 that for beam aspect ratios larger than 0.33 the static 

quantities are insensitive to changes in beam stiffness. The equivalent 

aspect ratio 9 D 11 . would be more than O. eq 8 ' 
for beam aspect ratios 

D/l s 

D/l 
(3 

> 

> 

0.60. Thus, it may be concluded that for beam aspect ratio 

0.60 cracking has insignilicanteffects on static design 

quanti ties. 
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(ii) Cracking in wall 1 reduces the moments in wall' and 

increases the moments in wall 2. This is due to reduction in the 

proportion of the moment of inertia of wall 1 to the total moment of 

inertia, I 
o 

Cracking of wall 1 has the same effect as providing a 

less stiff wall. The effect of variation of wall stiffness on critical 

design quantities were studied in Section 203.2 and Section 2.3.3. 

During this study it was observed that the variation of the stiffness 

of the walls (total stiffness or relative stiffness expressed by 

10 or I,/I2 ratio respectively) do not affect the shear transfer 

capacity of the beam when the beam aspect ratio D/l :> 0,,25 
s 

The 

equivalent aspect ratio of the cracked beam would be more than 0 25 

when the beam aspect ratio D/l :> 0.36. s Thus it may be concluded 

that for beam aspect ratios more than 0.36, cracking of the walls has 

ne i ble effect on the efficiency of coupling. 

(iii) Cracking of the wall reduces 11 and hence it decreases 

the I1/12 ratio. It was nted out in Section 2 3.3 the 

variation of 1,/12 for a constant does not sl ficantly affect 

either the stiffness of the structure or the efficiency of the coupling 

o 25 The equivalent moment of inertia ratio would be 

more than 0 Thus for shear walls with 11/I2 

the effect of cracking of wall 1 on laminar shear and top floor 

deflection is insignificant. 

It has been assumed in the laminar analysis that the walls are 

rigid compared to the coupling beams 0 The deformation of the coupling 

beams due to the semi-rigid nature of finite joint,shown in Fig 2 16, 

is ignored. It is difficult to determine the rigidity of this finite 

joint. It would be stiffer than the coupling beam but not infinitely 

stiff. 'rhe finite joint acts as an end block to the beam restraining 

it at the junction of the wall against rotation. Herein l an attempt is 

made to study the sensitivity of ihe static quantities for changes in 



FIG. 2 16 INFLUENCE OF FINITE SIZE OF JOINTS BETWEEN COUPLING 
BEAM AND SHEAR WALL 

FIG. 2.17 Cor-1PARISON OF ORDINARY SHEAR WALL AND SHEAR WALL 
WITH INFINJIl'ELY RIGID PIAPHRAGM AT THE TOP 



the assumed values of rigidity for the finite joint. For this 

purpose the dity of the finite joint is in terms of the 

rigidi factor, k, where 

k _, 

For the example structure. the critical design quantities were computed 

for various values of the rigidity factor, k , within the limits of 

1 k <:: The plot in Fig. 2 16 shows the effect of flexible 

joints on the maximum laminar shear factor, € I and maximum axial qmax 

force factor, em • The maximum laminar shear factor, € I is 
~max qmax 

the ratio of the maximum laminar shear developed by the coupling beam 

having finite join~with ri dity factor, k , to the maximum laminar 

shear developed by a fictitious coupling beam having finite join~with 

rigidity factor k Similarly. the maximum axial force factor, 

is the 1'a'1;10 of the maximum axial force in the walls 

of a coupled shear wall with ing beams having finite joints with 

a ri dity factor k to the maximum axial force dave dna 

fictitious c ad shear wall having coupl ng beams with infinite 

rigid finite joints. For I the limits f end block dity 

suggested by the ACI Committee 442 79 arB also shown It can be 

Been that the error introduced in the elastic analysis of a shear wall 

with k > 10 is insignificantq However, cracking of the structure 

and consequent loss of bond forces which anchor the reinforcement of 

the coupling beams in the wall may more si ficantly alter the 

behaviour (stiffness) of the shear wall during post-elastic high 

intensity loading This is discussed in Chapter 7 with reference to 

the post-elastic loading of Shear Wall B test specimen. 

Infinitely rigid interconnect on at the top arises in practical 

situations when a shear core extends above roof level and has no holes 

corresponding to those below. Fig. 2 17 compares the laminar shear 



factor~ €q ! and bending moment ratio M1/Mo for a shear wall with 

infinitely rigid diaphragm at the top with that of a normal shear wall. 

For aspect ratios above 0.33, where the efficiency of coupling is good 

there is very little difference in the maximum laminar shear and wall 

momentso However, for very lightly coupled shear walls there is a 

significant decrease in the laminar shear. Critical design quantities 

are hardly affected by the type of connection when coupling system is 

efficient 0 

2.4 OIJ?HEH iViETHODS OF ANALYSES 

The use of the frame method and the finite element method in 

the analysis of a coupled shear wall is discussed briefly 

Any frame computer programme is useful in the analysis 

of shear walls However, to avoid significant errors the programme 

should consider 

(a) finite joints (see Fig. 2 18) 

(b) axial deformation of the walls 

(c) shear deformation of the beams 

The inclusion of the above in the computer programme does not 

significantly affect the solution time Howeverjframe s, 

stiffness matrix methods, was found to take three times as 

much time as the laminar analysis. (The time taken to analyse a 

10-storey shear wall by the laminar method was -" It I Ie seCB. on an IBM 3bO I~ 

computer). A normal frame ana,ly~3i.s also requires more input data 

compared to B laminar analysis 

~2 
The laminar analysis has been shown to VB significant 

errors in the following two cases. 

(1) When the number of storeys is few 

) When the stiffness of the walls that of the 

beams 

These limitations do not apply to frame method In particular, the 
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following variations can be accommodated without having to make 

simplifying assumptions as in laminar analysis: 

(1) Different storey height 

(2) Different foundation conditions 

(3) Flexible Joints 

(4) Variation in the properties along the height of the 

shear wall 

(5) Second Order (p - !J.) effects. 

2.4.2 The Finite Element Method 

This involves division of the shear wall into a number of small 

elements. Force-displacement relationships of these elements are 

combined with equilibrium and compatibility conditions and the 

resulting equations are solved to obtain the unknown static quantities 

of the structure. For this, the use of a computer is indispensable. 

Elements commonly used in the shear wall analyses are shown in 

F " 2 19 42,50,51,52,53,58,59 Al t sh of h ar 11 J.g. • • mos any _ape 8 .e wa can 

be accommodated. The ~ain disadvantages are: 

(1) The analysis takes considerably more time than the laminar 

analysis. (448 sec for a 10-storey structure in the IBM 360/44k 

computer) 

(2) More input data is required compared with both the frame and 

laminar analysis 

(3) There is no means of assessing the behaviour till the final 

results are obtained. In the laminar method the behaviour of the 

shear wall can be predicted using the parameter '~H'. 

2.5 THE FINITE DIFFERENCE METHOD 

The application of the laminar analysis in its present form is 

restricted to shear walls which have uniform properties throughout 

the height for the beams and the walls. This idealised situation may 

not be realised even when the shear wall is uncracked. In tall shear 
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walls, the amount of steel in the beams may be varied so that the 

strength of the coupling system corresponds approximately with the 

elastic laminar shear distribution t as shown in Fig. 2.5. Though 

the laminar analysis has been extended 22, , 24, 25 to 

accommodate certain variations in the properties of the components 

with the height, these methods could not be used for a reinforced 

concrete shear wall in which the properties of the walls and beams 

vary conside also due to cracking. 

In the laminar s the compatibility of the deformations at 

the mid-points of the laminae led to the differential equation, 

This, when solved in closed form, gave the unknown 

axial force, T 0 (Eq. (2.5». In the laminar analysis several 

assumptions were made to enable a closed solution to be obtained. 

The differential equation of laminar action may be rearranged, 

incorporating variable properties for the walls and the coupling beams. 

This quation may then be trans rmed nto a recurrence equation 

involving the unknown axial force at specified nts (nOdal points) 

as indicated in Fig. 2 20 ons may then be solved by 

simple arithmetical means to obtain the unknown axial forces at these 

nodal points. 

The equation, Eq. (2 I), which represents the compatibility of 

deformation at the mid-point of a lamina is modi ed to incorporate 

the variation in properties, thus 

H 

J dx 
dx H 

J 
dx 

x 
ox x ox 

H 

J 
x 

o 

1 
E wx 

f!' dx 
x 

(2 24) 



FIG. 2.20 MATHENA'I'ICAL MODEL FOR THE 
FINITE DIFFERENCE METHOD OF 
SHEAR ALL ANALYSIS 

2 

O· 

FIGo 2.21 FINITE DIFFERENCE OPERATOR 
FOR NODE Inl 



where E ~ Youngs modulus of the wall at x from top wx 

Ebx 
': Youngs modulus of the beam at x from top 

A1x ' A2x ' I ! etc "'" d1imensional properties of the beams xx 

and the walls which are variable 

They refer to the corresponding 

properties at a distance x from tapa 

Differentiating the above equation with respect to x leads to 

1 
E wx 

1 o 

where (~ 

~ 

h 1 ./ 
SX 

••• (2.25a) 

On clivi 

reduces to 

by ~ and rearranging the terms, the above equation 

) V M o 

This is a differential equation involving the variables ~ , 

All the above values exe T Mo and T with respect to x. 

are known at the nodal points. Refer.Bce may be made to Fig 2.20 

with respect to identification of the nodal points0 Eq (2.26) is 

transformed into the following recurrence equation involving the 

unknown axial forces at the discrete nodal points 

where ho - distance between the nodal points. The 

the nodal point number for the variables. 

denote 
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In Fig. 2.21, this equation is shown as a difference operator for the 

nodal point n. The solution consists of: 

(a) Applying the recurrence operator to all the nodal points 
! 

(1 to z) to get z simultaneous linear algebraic equationso 

(b) Transforming the boundary conditions into a difference 

form at the top and bottom of the shear wall and incorporating them 

in the above set of equations. 

(e) Solving the equations to get the unknown axial forces at 

the z nodal points. 

(d) Solving the other static quantities forthe structure at 

these nodal points making use of the nodal axial forces 

Any type of load variation can be accommodated The bending 

moment M is expressed in terms of the loads at the nodal points. on 

For the general seismic loading shown in Fig. 2.1 using uniformly spaced 

nodal points 

M on + + ( 

where z - number of the nodal point at the base of the wall 

e (2 28) 

n = number of the nodal point at which the bending moment is 

computed. 

The boundary conditions commonly encountered in practice are 

considered as follows: 

(a) The boundary conditions at the top. (Fig. 2.22.a) 

(1) Free at the top . At n ::: 1 T1 ::: ° (2.29) . , 
(ii ) With a ri d diaphragm at the top_ (Fig 2.22.b) 

At 1 , dT = ° since :::: ° (2.3°) n :::: 
dx q1 

:; ° 
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FIG. 2 THE DEFORMATIONS OF A TYPICAL LAMINA 
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(b) The boundary conditions at the base. (Fig. 2.22.c) 

(i) Restrained at the base: At n : Z , ~; = 0 since : 0 

H 1M dx 

S 0 

x 

T z-1 

I' 

= 0 

(ii) FI ble foundation at the base. (Fig. 2.22 d) 

The deformation due to the flexible foundation is 

incorporated into the deformation compatibility 

equation for the bottom most lamina thus 

H H hl 3 

S S 1 (.1.. + 1 
s 

- t:. ::: T dx - T dx - qx x E A1 x 12Eb1x w 
x x 

• •• (2. 

where 6 is the displacement due to foundation settlement. The 

0 

first two terms of Eq. (20 represent 1 times the slope of the wall. 

Le. 1 ( ~ J (1 + 1 ) T dx - qx !::, ::;:; 0 
A1 A2 x • •• (2 34) 

x 

At x H 1{ SL) (p t dx = zqz - l\ :::. 0 • •• ) 

Midpoints of the laminae are the points of contraflexure as per 

the assumptions made in the laminar analysis. The slopes of wall 1 

and 

(*) 

wall 2 at the foundation are the same. 

The slope, 

M1z M
1z + M2 M 

8 z 
:= ;:: 

Ke 1 
= :. 

Ke 1 
= z + Ke2 z 

• •• (2. ) 

where K~:= Ke 1 + KS2 

Ke1 • K82 = the rotational stiffness of foundation 

under wall 1 and wall 2 respectively. 



The vertical settlement is 

T T T 
A z z z 

:;:: 

K51 
+ 

K62 
'" KI) 

where 1 1 1 

Ko 
::: 

K&1 
+ 

K02 

K61 Ko2 ::: the vertical displacement stiffness under 

wall 1 and wall 2 respectively. 

Using Eqs. (2.35) to (2.39), the boundary condition at z is 

written as 

(~;) (Fr + Fs) 
F 

T + l' M ::: 
1 z 0 

z 

where F ::: 
I' ~Ke 
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and F 
1 

'" (PK
b 

• •• (2. ) 
s 

• (2.40) is transformed into the finite difference form as 

follows: 

which leads to 

T z+1 

If F and 
r 

2h (F + F ) T + 2h o r s Z 0 

M 
o 

M 
o 

are both zeros, Eq. (2.44) reduces to the 

familiar boundary condition for fully rigid foundations in 

For this condition Eq. (2. ) reduces to 
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At n:: z , 

•• eo (2,,46) 

This reduces to 

1 + 
2h 1 
.0 

E I cP 
'II oz 

( M - IT ) oz z: 

(iv) Hinged baae on elastic foundation 9 (Fig. 2.22.8) 

For this condition Eq. (2.34) reduces to 

H 

Ii 
hI 3 

s 

x w 
= 0 

Combining this with Eqs. (2.38) and (2.39) at x = H , 

T 
z+1 

T z-1 - 2h F T o s z 

2h 1 
+ 0 

qiEw Ioz 

When = 0 Eq" (2,,49) reduces, because of the changed 

boundary condition for hinged foundation, to Eq (2.47). 

In ,practice these boundary condition~ may occur in any 

combination. These can be incorporated into the algebraic equations 

obtained from applying the recurrence operator to the nodes, before 

solving for the unknown axial forces. 

The effect of flexible joints is incorporated into the laminar 

analysis by introducing a factor J to represent the joint modulus80 
a 

in the expression for equivalent or reduced moment of inertia, 

of the coupling beam. The additional deflection due to the 

flexibility of the joint (see Fig. 2.23.c) 

hI 2 
s 

d j = <Ix 
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Combining this with the deflections of the lamina due to flexure, d
f

• 

and shear, d ,shown in Fig. 2.23, gives the. laminar deflection, 
5 

hI 3 
,~ 

7lt The equivalent or reduced moment of inertia derived by raulay is 

modified as 

I :::: 
X 

The value of 
81 

of Bhatt 

J can either be assumed or obtained using the curves a 

The total number of independent unknowns (T) for this problem is 

equal to the number of nodal pointsQ All other unknowns like q, M1 ' 

, etc , are directly solved once these axial forces are found As 

the nodal numbers follow a regular pattern, the input data for the 

shear wall at the nodal points are generated for the storeys in which 

there is no variation of the properties with height. This reduces the 

total input data. The bandwidth of the matrix formed by the coefficients 

of the simultaneous difference equations is only 3. This tri·~banded 

form of the matrix is taken advantage of in reducing the storage 

requirement. 

The procedure as explained above is extended to analyse shear 

walls with two or more rows of openings. For each row of opening 

one compatibility equation for the deformation of the laminae is set UPe 

These differential equations are coupled. A shear wall with two rows 

of openings is shown in Fig. 2.24. The coupled differential equations 

for span A and span B of this shear wall are: 
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FIG. 2.24 A PROTOTYPE COUPLED SHEAR WALL STRUCTURE \HTH 
TWO ROWS OF OPENINGS AND ITS MATHEMATICAL 
FINITE DIFFERENCE MODEL 
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and 

+ 

where the parameter 1 - --
EWA2 

H 

the axial force in wall (1) TA := S qAx 
x 

H 

the axial force in wall (3) TB : J qBx 

x 

the parameters and 

.. 

dx 

dx 

are the values 

of CY , V t·cp (Eq. (2.3), Eq0 (2 4) t Eq. (2 2b» for the span A 

and span B respectively. 
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The recurrenCe equation for the nodal points 2n-1 and 2n are: 

and 

CPA(2n+1) = ~A(2n-3) } 

4 epA(2n-1) 
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(h2 E 2) T + (0) T + { 1 + ~B(2n+2) - ~B(2n-2)} 
+ 0 (2n) - (2 ) (1) 4 B n A 2n+ ~B(2n) 

where the subscripts A and B correspond to the values for 

span A and span B respectively. The bracketed subscripts correspond 

to the nodal point number. Reference may be made to Fig. 2.24 with 

regard to identification of the nodal points. 

A(2n-1) ; - ~ 
2 for the left hand span at (2n-1) 

B(2n) = _ ,2 at (2n) 

C(2n-1) : VM for the left span at (2n-1) 
0 

D(2n-1) 
,2 at (2n-1) ~ - W 

E(2n) for the ght span at (2n) 

F(2n) VMo for the right span at (2n) 

The nodal numbers are odd for span A and even for span B. The 

recurrence equation in the operator form is shown in Fig 2.25. 

The equatiDns obtained by applying these operators to all the nodal 

points, together with the boundary conditions at the top and bottom 

of the walls give as many linear, algebraic, simUltaneous equations 

as the unknown values of axial forces at the nodes. The other 

static quantities for the structure (qA ' qB ' etc) are again 

obtained using the principles of statics. The details regarding 

the loading, boundary conditions et~. are not included here as the 

steps involved are similar to those explained in the previous 

sections for the shear wall with a single row of openings. 

Finally, the analyses presented above could be made use of to 

allow for the discrete nature of the coupling beams. For this, zero 
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beam properties may be assigned for the nodes associated with the 

openings and the relevant beam properties for the nodes associated 

with the beams. A sensitivi~y analysis was made to assess the 

order of errors introduced by this approximate method on the static 

design quantities. This waS done by choosing different number of 

nodal points. The details of this analysis are not shown~ The 

analysis showed that the order of errors introduced on critical 

design quantities is less than 5. provided that 

(a) The number of storeys more than 6 

(b) The stiffness of the walls is comparable to the 

stiffness of the coupling beams, i.e. aH > 6 

(0) The distance between the nodal points is less than half 

the floor height, i.e0 

206 NUMERICAL EXAMPLES 

To illustrate the application of the finite difference 

method to the shear walls with varying properties two examples are 

considered One a coupled shear wall structure with a single 

row of openings and the other with two rows of openings. In these 

examples, the properties of the walls have been assumed to vary 

in each storey .. It unlikely that in a real structure variation 

of this nature would occur" These examples are used to illustrate 

the application of the finite difference method to a coupled shear 

wall structure .. The examples were not intended to simulate the 

prototype structure. In the second example the properties of the 

coupling beams also vary with height. The results are also obtained 

using the laminar analysis, assuming uniform average properties, 

to estimate the errors involved due to this assumption. The final 

results, in both the examples, are compared with those obtained using 

a frame analysis .. 
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2.6.1 

A ten storey shear wall core is considered. Openings at 

each floor pierce the opposite walls of the box section. Reference 

may be made to Fig. 2.1 with respect to the notations. The 

properties of the structure and the loading are assembled in 

Table 2.3. The following three analyses were made. 
i 

The properties given in Table 2 were used. 

The shear wall was analysed by the conventional frame analys~s which 

incorporates finite joints, axial deformation of walls and the shear 

deformation of beams. 

The properties given in Table 2.3 were used. 

The shear wall was analysed using finite difference approximation 

given in Section 2.5. 

Average uniform properties were assumed as 

follows: 

.4
1 1n , 2 

A1 = 4.55 x 1 i 

6 75 x 106 in4 h = 
: 4.65 x 103 in

2 , I1 = 5.25 x 106 

105 in instead of variable 

properties. The shear wall was analysed using laminar analysis given 

in Section 2.2. 

The results are presented in Fig 2.26. The diagrams show that: 

(a) The number of nodal points was ample so that the errors 

introduced by the finite difference method, when compared with the 

results of the frame analysis, were negligible. 

(b) For the example structure the assumption of average 

properties introduced errors which may be considered acceptable for 

design purposes. For significant quantities they are shown in 

Table 2.4. 

The total computation times required to analyse this shear 

core by the above mentioned three analyses are: Analysis A - 189 sec., 

Analysis B - 85 sec., Analysis C - 65 sec. The number of nodal 

points used for Analysis B was 75. 



TABLE 2.3 PROPERTIES OF SHEAR WALL WITH A SINGLE ROW 

OF OPENINGS 

WALL PROPERTIES FLOOR 

FLOOR A1 A2 I1 12 h 

x 103in2 x 103in2 x 106in4 x 106in4 

10th 3·55 3 .. 65 3.90 4.50 90 

9 3.75 3.85 4 .. 20 5,,00 105 

8 3.95 4.05 4.50 5.55 105 

7 4.15 4 .. 25 4.80 6.00 105 

6 4.35 4 .. 45 5 .. 10 6.50 105 

5 4.55 4.65 5.40 7 .. 00 105 

4 4 .. 75 4.85 5.70 7,,50 105 

3 4.95 5.05 6 .. 00 8 .. 00 105 

2 5.35 5.45 6 30 8050 120 

1 5. 5 .. 6.60 9.00 120 

Constant Data: 

Total height of shear wall H: 1065 in. 
Span 1 168.7 in., 11 "" 82.2 ~n., 12 86.5 in. 
Overa.ll dimension of shea.r core: 15 1 -011 x 12'-0" 

HEIGHT 

Beam properties: All beams are of same size and strength 
Depth D = 24 in., Width B = 14 in.! 
Spa.n Is -= 38 in. 

Young's modulus E = 5000 ksi. 
Load: Total base shear = 340 kips. 

Triangular load W = 300 kips. 
Uniformly distributed load W1 = 0 kips 
Point load P "" 40 kips. 
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TABLE 2 .. 4 COMPARISON OF ANALYSES FOR THE SHEAR WALL WITH SINGLE ROW OF OPENINGS 

Significant response Units Analy; Analysis % Error 
examined A and B C 

Shear in the critical beam Kips 105 x 1" x 0 .. 50 105 x 1.48 x 0,,50 
Qb 

:: 74,,02 :: 77.70 + 4.97 

Shear in the top beam Kips x 0 .. 68 x 0 .. 50 45 x 0.46 x 0,,50 
Qbt I ::::: 15 .. 30 :: 10 .. 70 - 30.00* 

Axial force at the base Kips 1100 + 5.76 
T 

I 
32.5 x 103 28 x 103 - 13.84 Wall moment 1 at the base Kip.in.: 

M1 

itall moment 2 at the base Kip.in. 44 5 x 103 40 x 103 - 10.1 
M2 

Deflection at the top Ins 0.110 0.123 + 11.81 
!:, 

This is not critical in the design. 

0"\ 
o 
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2.6.2 

A ten storey shear core combining two wells was considered. 

Openings at each floorpi~rce ~h~ opposite walls ~f the twin box 

section. Reference may be made to Fig. 2.24 with respect to 

dimension, shape and notation" The properties of the structure and 

the loading a+e assembled in Tabla 2.5. The following three analyses 

were considered. 

: The properties given in Table 2.5 were used. 

The shear wall was analysed as a conventional frame incorporating 

finite joints, axial deformations of the walls and the shear 

deformations of the beams. 

The properties given in Table 2.5 were used. 

The shear wall was analysed using finite difference approximation as 

given in Section 2.5.6. 

: Average uniform properties were used as follows: 

A1 4055 x 103in 2 
A2 4.65 x 103in2 A3 5.75 x 103in 2 

:; 

11 5 .. x 106in 4 
12 6075 x 106in4 13 '" 9.75 x 106in 

4 
;::: =: 

AA 874 in 2 
AB 1034 in2 h 105 in. For this case also :::: , 

the shear wall was analysed using finite difference approximation. 

The results are presented in Fig. 2.27. The diagrams show 

that the differences between the results for the three analyses are 

negligible. 

For the example structure with assumed average properties, 

the resulting errors are given in Table 2.6. 

The total computer time required to analyse this twin shear 

core by the above mentioned three analyses are: Analysis A - 248 sec., 

AnalysiS B-1 sec., Analysis C - 120 sec. The number of nodal 

points used for the analyses Band C was 100 • 
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TABLE 2.5 PROPERTIES OF THE TWIN CORE SHEAR WALL 

WALL PROPERTIES BEAM FLOOR 

FLOOR A, A2 A3 

x 103in2 x 103in2 x 103in2 x 

10th 3·55 3.65 I 4.75 

9th 3.75 3,,85 4.95 

8th 
! 

3·95 4,,05 5 .. 15 

7th 4.15 4.25 5·35 

6th 4.35 4.45 5 .. 55 I 
5th 4.55 4.65 5·75 , 

4th 4.75 4.85 5·95 
1 

I I 
I 

4.95 
I 

6.15 I 3rd ; 5.05 
I 

2nd 5·35 I 5. 45 I 6.55 I 
I 

1 I 1st 5·55 5.65 6.75 I 

! 
Constant Data 

Total height of shear wall H ~ 1065 , 
Span lA::; 168.7 in, lA1::; 82.2 in, 
Beam properties for span A Beam 
Beam properties for span B : Beam 
Load: Total base shear::; 550 Kips 

PROPERTIES HEIGHT 

I", 12 13 AA AB h 
; , 

106inlf 106in4 106in4 . 2 .2 in x x ~n 

3·90 4.50 7·50 794 998 90 

4.20 5.00 8,,00 794 998 105 

4.50 5.50 8.50 794 998 105 

4.80 6 .. 00 9.00 842 1055 105 

5.10 6.50 ! 9 .. 50 842 1055 105 

5.40 7,,00 10.00 842 1055 105 

5 .. 70 7,,50 10.50 987 1240 105 

6000 8.00 11.00 987 1240 105 

6.30 8.50 11.50 987 1240 120 
~ 

6,,60 I 9.00 12.00 987 1240 120 I 
Overall dimension of shear cores =- 22'-0" x 12'-0" 

86.5 in.' Sp~n lR-::; 204.4 i:,-, lEi::; 91.8 in •. , lb2 ::; 
== 24.0,l.n, WJ.dth-DA =- 14.0.l.n 9 Span IS ::; 38 J.n •. 
:::;: 30.0 in, Wi BB =- 14.0 in, Span lS~=- 45 in. 

112.8 

Triangular load W ::; 400 Kips, distributed load ::; 100 Kips, Point load P ::; 50 Kip6. 

in. 
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Significant response Units Analyses Analysis % 
examined A and B C Error 

Shear in the cri tical Kips 105 x 1.09 x 0·5 105 x 1.06 x 0.5 2.82 
beam in the left span :: .20 55.60 

Shear in the cd tical Kips 105 x 1.28 x 0·5 105 1.23 x 0.5 - 3.87 beam in the right x span 
67.20 64.60 

Shear in the top beam Kips 45 x 0.39 x 0·5 45 x 0.30 x 0.5 - .01* 
in the left span :;; 8.80 6.75 

Shear in the top beam 45 x 0.40 x 0.5 45 x 0 32 x 0.5 20.00· 
in the span cc .... 9.00 7.20 

Axial force 

in wall 1 Kips 782.0 786 0 + 0.56 
in wall 2 Kips 1 0 137.1 + 0.08 
in wall 3 Kips ~912 0 ~923.1 - 0.01 

Bending moment 

in wall 1 Kips 18,700 17,950 - 4.01 
in wall 2 Kips ,200 26,300 - 3·33 
in wall 3 Kips 31,800 31,400 - 0.00 

Deflection at the top in. 0.080 0.088 + 10.00 

These are not critical in design. 



2.7 CONCLUSIONS 

1. For an efficient coupling, the designer should aim at 

selecting the overall dimensions of the coupling beams so that the 

aspect ratio Dh s 
is greater than 0033. In the above range the 

following variables do not significantly affect the static quantities, 

i.e. laminar shear, axial force, and wall moments: 

(a) Provision of rigid diaphragm at the top. 

(b) Variation of relative stiffness of the walls. 

(c) Variation of total stiffness of the walls. 

2. It is preferable to choose the dimensions of the walls so 

that the wall moment of inertia ratio I1/I2 is greater than 0@50. 

3. For an efficient shear wall structure the critical 

parameter, ~H, should not be less than 7. 

For beam aspect ratio, D/I > 0.60 cracking does not 
s 

significantly affect th~ static design quantities. 

5. The finite difference technique is a powerful method of 

analysis for structures in which properties vary with height. This 

analysis requires considerably less computer storage and time than the 

frame analysis. The following abIes have been accommodated in 

the finite difference approximation to laminar analysis: 

(a) Variation of properties of members with height. 

(b) Variation in storey height. 

(c) Various boundary conditions likely to be met with 

in practice. 

(d) Shear walls with one or two rows of openings. 

(e) Flexible beam-wall joints. 

6. The order of error introduced to static design quantities 

due to the use of finite difference approximation is less than 5% 

provided that 

(a) The number of storeys is more than 6 

(b) The distance between the nodal points is less than 



half the floor height, i.e. h < O.5h o 
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(c) The stiffness of the walls is comparable to the stiffness 

of the coupling system, i.e. orH > 6 • 



CHAPTER THREE 

THE PROPERTIES OF THE CRACKED COMPONENTS IN 

COUPLED SHEAR WALLS 

3.1 INTRODUCTION 

It was shown in the previous chapter that the coupling system 

plays an important part in the transfer of load to the foundations. 

The .8xternal lateral load generates flexure, shear and axial loads 
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in the walls and bending in the presence of high shear stresses in the 

coupling beams. It is of considerable importance to aSSBSS the 

stiffness of these coupling beams in order to be able to predict 

their contribution to the resistance of the total external moment 

in the elastic range of behaviour o 

Cracking in the walls is affected by the axial loads presenta 

In one of the walls axial tension may encourage the development of 

cracks and consequent loss of stiffness. The 10S6 of stiffness is 

more near the bottom floors. This is likely to affect the relative 

contribution of the walls to the resistance of the external load. 

Herein, an attempt is made to assess the strength and the 

stiffness properties of the cracked components of the shear wall in 

order to predict more accurately their elastic and elasto-plastic 

response to high intensity loading 

3.2 DIAGONALLY CRACKED BEAMS WITH CONVENTIONAL REINFORCEMENT 

Spandrel beams reinforced with horizontal bars for flexure and 

with stirrups for shear will be defined as "conventionally reinforced 

coupling beama ll or IIconventional beamstl. 

3.2.1 
4,74 

A series of tests have been carried out by Paulay to 
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investigate the behaviour of conventionally reinforced coupling beams. 

It was observed that only about 85% of the flexural strength, as 

predicted by conventional ultimate load analysis, can be expected to 

develop in beams with a span to depth ratio less than 105. 

By equating the maximum shear capacity, permitted by the AeI 

82 5 code , to the flexural capacity Paulay showed that 

where 

Pmax == 

1 = clear span of the coupling beam 
s 

d = effective depth 

d 1 = effective cover to the top steel 

This shows that the flexural steel has to be limited to avoid 

a shear failure in accordance with the leI code requirements. 

However, Paulay5 also found that with this shear stress intensity 

sliding shear failure will occur after a few cycles of reversed loading 

if yielding in the and bottom flexural steel occurs. He 

recommended 5 that in order to minimise the danger of a sliding shear 

failure the flexural steel content, be limited so that 

The maximum shear in a coupling beam, when the capacity of the 

flexural reinforcement is attained, is approximately 

where f ym 

2 
v :::: 

max 

yield strength of flexural steel 

The maximum dependable shear force that could be resisted by the 

stirrups provided is 



where t:p := 

f yst 
::: 

Rst :::-

s = 

V max 
:= 

d 
cP f Rst -yst s 

capacity reduction factor 

yield strength of stirrup 

area of stirrup steel 

stirrup spacing 
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steel 

Equating Eqs. (3.2a) and (3.2b) the stirrup reinforcing content 

required to avoid a shear failure is 

where 

p 
w 

A 
VI 

bS' 

2 p (d-d i) f 
ym 

f yst 

the web steel content. 

74 
In his earlier work Paulay derived expressions for the 

deformation of these beams based on the mechanism of shear 

resistance" The model on which his analysis was based is shown in 

Fig. 3 1.a. The crack pattern for a typical beam tested by Paulay 

can be seen in the photograph reproduced in Fig. 3.1 h. The total 

beam rotation, e , as defined in Fig. 3&6, was found by the superposition 

of distortions due to four separate actions as shown in Fig. 3.1.c,e, 

f and g. The total rotation was defined thus: 

e 

where the rotation to truss action (Fig 

the rotation owing to arch action (Fig. 3.1.e) is 

e "" a 

••• 0.3a) 

. .. 0 3b) 



---Xf 

I / 
I I / 
I I 
I I 

@ The model 

. @ Deformations along one 
. Iinka,ge 

-ZfJ- T 
a I}a i 

z D 

® The model 

® Beam elongation 
74 

-
I , 
I 
I , 
I , 
I , 
I 
I 
I -

@ Dimensions of a 
typical concrete strut 

€ 

@ distbution 
of stirrup 

If 
I 

-' 
, 

I I I I I I I I 
I 

I I I I I , I I I I I 
I I I I I I I 

I I I I I I I I I I I I I I I I I I I I I I I 
I I I I I I 
I I I , 

I 
I I I; I I 
I I I I 

Is 

I 
I I 
I I 
I I 
I I 
I I 
I , 
I I 
I I 
I 
I 
I 

. ..,. 

, , 

--

I , 
1 
I 
I d-d' D 
\ ! 
I 
I 

~_ t , 

-AS' 

(j) Flexural rotation 

70 

NOTE: FIG. 3.1.h The photograph of 
the crack pattern for a 
typical beam tested by Paulay 
is on page 266 , 

FIG e 3 1 PAUl.AY'S ANALYTICAL ASSESSMENT OF DEFORMATIONS 
OF THE CONVl1,"NTIONALLY REINFORCED COUPLING BEAMS 



the rotation owing to flexural action (Fig. 3.1.0 is 

6' - /}., I 

El 
5 S 

"" ~d-d') m 

the rotation owing to beam elongation (Fig. 3.1.g) is 

/). 

e 
1 

::: 

s 

Superposition of rotations due to different actions is incorrect 

as it does not satis the requirements of compatibility. Moreover, 

Paulay did not consider the deformations in the end block region where 

the flexural steel is anchored. The arch action (see Fig. 3.1.e) is 

likely to be negligible when the stirrup steel approaches yielding, as 

a single potential diagonal failure crack forms between diagonally 

opposite corners (see Fig. 3.1.h). This crack would have to close if 

compression stresses are to be transferred along the diagonal AD of 

Fig. 3.2 a. shows the modal which includes all the members 

whose deformations contribute to the rotation of conventional beams. 

The deformable members are shown in thin lines. For the purpose of 

analysis, the memberss1:J.bwn in thick lines are assumed to be infinitely 

rigid, i.e., their contribution to the beam rotation is neglected. 

A development length, IJ, for the flexural reinforcement, has been 

assumed on either side of the face of the wall. The deformation of 

this portion of flexural steel is also included in the analysis. 

The distortion of the truss, shown in Fig. 3.2.a., results 

from the deformations of (a) the stirrups and diagonal concrete struts, 

(b) the top and bottom flexural bar and (c) the flexural steel in the 

end blocks. 

The shear force, P, shown in Fig. 3.2.a. is transmitted from 

one support to the other by stirrups, which together with the diagonal 
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concrete struts, form a truss. This shear may be transferred through 

as many paths across this statically indeterminate truss as there are 

stirrupse While considering 'the distortions associated wi th the 

deformations of stirrups and diagonal concrete struts, all other members 

(top and bottom flexural bars and the members in the end blocks) of the 

model truss are assumed to be infinitely rigid. 

74 
Paulay determined the distortions of this indeterminate truss 

by examining the deformations of a typical linkage ABCD. This is 

shown in Fig. 3.1.0. For the purpose of analysis the dimensions of 

the diagonal concrete strut was assumed as shown in Fig. 3.1.b. The 

deformations resulting from one component force, S, for a particular 

linkage, ABCD, shown in Fig. 3.1.c., is 

2 2 

( 
x2 ) 1 ] 1 + +-
( d -d I ) 2 2n Pw 

(3.4) 

The displacement compatibility require that the vertical 

displacement of all linkages at the right hand support be the same j i.e. 

must be the same for all associated values of and For 

74 
the purpose of this study Paulay assumed a parabolic stirrup force 

distribution based on observed strain variation. This is shown in 

From the 

linkages, the factor, 

compatibility of deformations of suitably chosen 

Pc P- I which represents the degree of non-uniformity 
o 

of stirrup force variation, was found to be 

where 

22 
1 + (1 + v) + 

w 
v = the ratio l/(d-d') s 

1 

n ~ the modular ratio E IE 
s c 

••• (3.5) 

Combining Eqs. (3.4) and (3.5), the vertical displacement, ~V' 

was obtained as 
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o 
v =: ••• <3.6) 

(b) Distortions associated with the elongation of the tOE 

and bottom flexural bars 

By considering the equilibrium of the forces acting on the 

triangular portion of the beam shown in Fig. 3.2.b, the expression for 

tension force variation in the flexural steel of the conventional 

coupling beams obtained by Paulay can be approximated by 

T 
m ] 

PI 
where the maximum tension force at the support, Tm = 2~d!dl) ••• (3.7a ) 

The variation of this tension force l Tt' in the member GD and the 

tension force~ Tb , in the member AJ are shown in Fig. 3.2.0. and 

Fig. 3.2.d. respectively 

The distortions associated with the elongation of the top and 

bottom flexural bars are shown in Fig. 3.2.e. The construction of 

this Williot diagram was based on the following two assumptions: 

(1) Only the deformations of members ED and AF are considered. 

All other members of the model truss are assumed to be 

infinitely rigid. 

(2) The displacement compatibility for the linkages has been 

considered while assessing the deformations of the stirrups 

and diagonal concrete struts. Hence, for the purpose of 

simplicity, only the linkage A, B, C, D, for which tan ~ 

is considered. 

From Fig. 3.2.e, the vertical displacement, OF ' is seen to be 

1 s 
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1 A 1 ( A 
_ A 

ac) 
6, 

s ed s eb 
= 2(d-d t ) 

+ 2(d-d') ••• (3.8a) 

1 s 

in which 6 1 f Tt (x) dx 
ed = iT ••• (3.8b) 

and 

s s 
0 

1 
= iE s s 

1 /2 s 

{ J Tt (x) dx -

o 

Substi tuting Eqs. (3.8b) and (3.8c) in Eq. 

PI 3 PI 3 
6 s + s 
F = 

16A E (d-d t )2 4A E (d-d ')2 
s s s s 

1 /2 s 

J Tb (x) dx } 

o 

(3.8a) 

... 

The first term is the vertical displacement caused by the 

••• (3.8c) 

(3.8d) 

differential elongation of the top and bottom bars, whereas the second 

term is the vertical displacement caused by the elongation of the bars. 

(c) Distortions associated with the elongation of steel 

in the anchorages 

The deformation of flexural steel anchored in the walls will .. 
also influence the distortions of the beam. The anchorage length, 

lJ ' over which the deformation would be significant, is uncertain. 

For the purpose of this analysis this length is assumed to have an 

upper limit of 0.251 s and a lower limit of zero. The force T at 
m 

E (see Fig. 3.2.c) is assumed to be constant over the anchorage 

length lJ. The force in the member DI is likely to be small and 

it is neglected. 

The distortions associated with the elongation of bars in the 

anchorages is shown in Fig. 3.2.f. The construction of this Williot 

diagram is based on the assumptions similar to those made in 

connection with Fig. 3.2.e. 

The vertical displacement at the right end relative to member 

GH is seen to be 



2 {j, 11 2 h. 1 
/j ge d ge s 

E ::: 
(d-d') + -rd-d t) 

T l' 
in which 6 m d 

:::: 
ge A E 

s 6 

Therefore, the vertical displacement 

when 

when 

I' d 

I' d 
::: 

(d) 

6, 
E 

0 

=: 

0.251 

) 

bE :::: 0 

PI 3 
IJ ::: rt s E 

The total rotation of the beam is 

e + + 
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In Fig 3.3, a comparison of theoretical stiffnesses (Eq. (3.10» 

of conventionally reinforced beams, and the stiffnesses observed by 

Paulay during his experimental investigations is presented. For 
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313 Beam 314 

(a) Stiffnesses observed by Paulay during his 
experimental investigation also shown by 
broken lines. 

( b) Theoretical stiffness based on Paulay's 
assessment. 

(c) Theoretical stiffness based on Eq. (3.10). 

@ @ @ @ @ 

Beam Beam 393 Beam 394 

FIG. 3.3 A COMPARISON OF THEORETICAL AND OBSERVED 
STIFFNESSES 
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this purpose the stiffness, K, of the beam is defined as the load, P, 

required to cause unit rotation of the beam at both of its supports. 

The stiffness of each cracked beam is then expressed as a percentage 

of its computed stiffness in the uncracked state. To have an estimate 

of the error introduced by Paulay's assessment of rotations, the 

stiffness calculated from Eq. (3.3) is also shown in this figure. 

For each, the theoretical and experimental stiffnesses, a lower 

and upper limit is indicated. In Paulay's assessment the lower limit 

corresponds with stiffnesses computed on the assumption that 30% of 

the total shear, P, is transmitted across AD (see Fig. 3.1.e) by 

arch action and the upper limit is based on the assumption that the 

force resisted by arch action is negligible. For the assessment 

based on Eq. (3.10), the lower limit corresponds with stiffnesses 

computed on the assumption that the development length, ld = 0.2516 

and the upper limit is based on the assumption that the development 

length, I , - 0 d - • The upper and lower limits for the experimentally 

determined stiffnesses, on the other hand, represent the highest and 

lowest values observed during cyclic loading. The broken lines in 

each figure show the range within which the observed stiffness varied. 

Considering the approximations which formed the basis of the 

study presented in Section 3.2.2, it may be said that fair agreement 

exists between theory and observation. Paulay1s analytical assessment 

of deformations also leads to approximately the same final stiffnesses. 

This is due to the compensating effect of the following two errors 

in Paulay's equations. 

(i) The rotations were overestimated owing to the superposition 

of the deformations caused by different actions. This led to an 

underestimate of stiffness. 

(ii) The rotations associated with the elongation of steel in 

the anchorages were not considered. This led to an overestimate of 

stiffness. 



When the assumed development length lJ = 0.251
5 

' the 

errors associated with (i) and (ii) happened to be the same. 

Thus the lower limits of stiffnesses, computed with Paulay's 

assessment, and with Eq. 0.10), give identical values'. 
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Eqs. (3.6), (3.8d), (3.ge) and (3.10) reveal that the geometry 

of the beam as well as the steel content contribute to the stiffness. 

To examine the influence of steel content on stiffness, the 

rotations 9V ! SF and 9E have been modified. The relative 

proportions of these rotations were examined at the onset of yield 

during the assumed theoretical bilinear elasto-plastic behaviour. 

By substituting the total shear, P, at this limit, in terms of the 

steel area, A s and yield stress, f , in the above equations, y 

the rotations 9
V

' SF and 9
E 

are expressed in terms of the 

aspect ratio, and steel content, P , thus 

12 p (d~d') [1 + (1 + \)2) + ] 
9

V "" 
I 

\J (ds
) (1 + 2 

Po 
) 

(t) (~s) (t) (IdS) 

SF 
s 

+ 
s 

=:: 

8(d~d ') 

(~J) 
s ••• (3.11c) 

••• 0.11d) 



It is seen that the rotation, 9V ' is dependent on steel 

content. However, the rotations SF and 

of steel content. 

are independent 

The variations of the components of yield rotation 

80 

and 
1 s 

eE) for different steel contents, p, for an aspect 

ratio of D = 1.00 were computed. This was based on an 

assumed effective cover d' = 0.1d and an assumed development 

length Id '" For the purpose of computing the shear 

deformation, it was assumed that sufficient quantity of web 

steel, Pw' as expressed by Eq. (3.2), was provided so that 

shear failure should not occur. The results of the analysis are 

shown in Fig. 3.4& The percentage of web steel content, Pw' 

required to prevent a premature shear failure, as per Eq. (3.2), is 

also shown in this figure. An examination of this figure shows 

that: 

1 For the chosen aspect ratio, the shear deformation, 9V ' 

which is dependent on the steel content, P , is more than the sum 

of the rotations SF and SA which are independent of the steal 

provided, when " > 0.75% • :: 

2. The flexural capacity of the beam increases with the 

steel content, p To avoid a shear failure increasing amounts 

of web steel are necessary. Eq. (3.2) shows that 
I 

s the aspect ratio 1) = 1@00 The values of Pw 

figure indicate this. 

"w 2p when 

plotted in the 

The trend towards the use of higher strength concrete and 

steel and ultimate strength design has made the use of lighter 

members possible. This led to a number of investigations which 

aimed at predicting more accurately the deflections of reinforced 
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concrete members. Only a few of these focussed attention on 

deep beams 0 Herein an attempt is made to compare the rotations 

computed, using various methods applicable to reinforced concrete 

members. The yield rotations of the coupling beam of the test 

model shear wall A are computed using these methods and also 

This is then compared with the yield 

rotations measured during cyclic loading·. The relevant 

particulars for these beams are as follows: 

(i) The percentage of flexural steel content, p ::: 0.62 

(ii ) The percentage of stirrup steel content, Pw 
::; 1.76 

(iii) The aspect ratio, 1 /D :;:; 1 .. 25 e 
s 

A critical examination of the methods of assessing the 

stiffness of coupling beams in the cracked state is then made. 
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For cracked beams it has been suggested that the deformation 

could be predicted using an equivalent moment of inertia as follows 

where 

q 

:: 

:: 

= 

M 3 
(r) 

max 
I 

g + 
M 3 

[1 - (r) ] It .. 
max 

gross moment of inertia of the section ignoring steel 

moment of inertia of the cracked transformed 

critical section 

7.5/f~ IglYt ' the cracking moment 

distance from centroidal axis of gross section, 

neglecting the reinforcement, to the extreme fibre 

in tension 

M = the maximum moment in member at the stage for which max 

deflection is being computed. 

This is discussed in detail in Chapter 6. 



This equation was proposed by Branson 83 It is based on 

tests conducted on shallow reinforced concrete beams. An 

examination of Eq. (3 0 12) will reveal that this value of equivalent 

moment of inertia, I is between the limits of I and eq t g 

I 
eq 

is expressed as the weighted sum of I and 
g It ' depending 

on the extent of cracking as expressed by the cube of the ratio of 

cracking moment to the maximum moment present in the span. Using 

Ig and It only would give lower and upper limits of the 

deformations respectively I from Eq. <3.12) give's the eq 

transition between the above two cases~ TO compar~ the range of 

values given by Eq. (3.12) rotations are computed based on I 
g 

I and It for the example beam. These rotations are shown as eq 

The upper and lower limits of the 

yield rotations measured during cyclic loading are shown with 

broken lines. 

It is seen that using the ACI equations does not lead to 

a realistic assessment of stiffness as expected. In deep members 

shear deformations are significant The ACI equation does not 

allow for stiffness reduction associated with shear deformation. 

(b) 

When assessing the inelastic deflection of the reinforced 

concrete frames with infilled panels, Umemura and Aoyama84 

suggested a reduction factor of fJt ::: 0.35 
y 

rigidity, EI, and a reduction factor, 

for the flexural 
f 

~y = 0.604G ' for the 

shear rigidity, AG , for approximately square panels. f in the 
q 

reduction factor, ~y' represents the maximum shear stress present 

in the beam. These reduction factors are based on the results of 

the tests on reinforced concrete deep members. With their 

suggestion the reduced moment of inertia, 

modifies to 

I ,i n Eq. ( 2. 1 a ) 
x 



where 

beam, 

f 

I = x 
1 + 

= the gross moment of inertia 

= form factor 

Using a form factor, f = 1.2 , the yield rotation of the 

9 ,was computed for the example beam and the result is 
y 

shown in Fig. 3.5e The rotation computed as per this method is 

seen to lie between the upper and lower limits of the rotations 

observed during cyclic loading. 

(0) 

When estimating the effects of cracking it has been 

84 

suggested that a reduction of 70% to 80% can be made to the gross 

stiffness of coupling beams for obtaining their stiffness in the 

cracked state. The rotations so calculated for the example beam 

is shown in Fig 3.5 It is seen that it overestimates the 

stiffnesses. The stiffness of the beam determined in this way 

could be used for the preliminary approximate analysis when the 

properties of the coupling beams (p and pw) are not yet known. 

Kordina suggests a reduction factor of (0.6 + 10p) for 

assessing the stiffness of members in the cracked state. No 

effort has been made to include shear distortions in this 

reduction factor. Hence it is presumed that this is applicable 

to shallow members only. As expected the values resulting from 

Kordina's expression would give significant errors for deep 

members (see Fig. 3.5.) 



Fig. 3.5 also shows two limits of the rotations computed 

The lower limit, e
1 

t corresponds to the rotation 

computed based on the assumption that the force resisted by arch 

action is negligible The upper limit, e
2

, corresponds to the 

rotation computed based on the assumption that 30% of the total shear, 

P , is transmitted across AD (see Fig. 3.1.e) by arch action. 

It is seen that there is good correlation between the predicted 

and observed rotations 

Fig. 3.5 shows two limits for the rotations computed from 

Eq. (3.11). The upper limit, f
2

, and the lower limit, f
1

, 

correspond to rotations that are computed based on the development 

lengths of ld = 0.251s and I' 
d 

o respectively. As expected 

these rotations are of the same order as the rotations predicted by 

Paulay's assessment, It is seen that there is good 

correlation between the predicted and observed rotations 

3.2.6 
Lf,74 

Paulay's tests on conventionally reinforced beams 

revealed three distinct ranges of beam behaviour when they were 

subjected to a number of high intensity load reversals. In Fig. 3.6 

the load-deformation curve for a typical coupling beam is reproduced. 

As no readings were recorded for these beams when unloaded a 

straight line was drawn between the last measured value of extension 

and that at no load. The three ranges are: 

1. A "soft range" at very low load 

2. A "steady range" at medium loads 

3. A "plastic range" near ul tima te load. 
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74 
A TYPICAL LOAD-ROTATION CURVE OBSERVED BY PAULAY 
FOR A CONVENTIONALLY REINFORCED COUPLING BEAM 
WITH AN ASPECT RATIO OF 1 /D :: 1@29 s 

A TYPICAL LOAD-RO'rA'rION CURVE OBSERVED BY 
PAULAY FOR A DIAGONALLY REINFORCED BEAM OF 
ASPECT RATIO 1 /D :: 1 29 

6 
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The coupling beams possess equal amounts of top and bottom 

steel. Shallow beams with equal amounts of top and bottom s 

are known to sustain large plastic rotations. However, in deep 

spandrel beams, a sliding shear failure will occur after a few 

cycles of reversed loading if,due to flexure,yielding in the top 

and bottom steel occurs. This is likely to restrict the ductility 

of these beams. Moreover, the shear force and the consequent 

diagonal cracking cause tension to develop in the top as well as in 

the bottom reinforcement. The "compression" reinforcement in these 

beams is subjected to tensile strains over the full span. Thus the 

relief with respect to ductility owing to the presence of the 

compression reinforcement cannot be expected. The bulk of the 

shear force must be transferred across the concrete compression zone 

of the beams into the walls. The concrete in these areas is 

subjected to cracking During a number of load reversals these 

cracks open and close several times The opening and closing of 

cracks in this zone may eventually lead to the deterioration of the 

compressive strength of the concrete. This is because the faces 

of the crack might not come into even contact due to slight 

relative displacement in the cracks Because of the full depth 

cracking at this section, the whole shear force must be carried by 

the dowel action of the main reinforcement alone. The initial 

"softness" in stiffness, witnessed at low moments, as can be seen 

in Fig. 3.6, is due to these open cracks in the compression zone 

and the shear force being resisted mainly by the dowel forcese 

When the cracks close in the compression zone, as expected, an 

increase in stiffness is observed. Both the ineffectiveness of 

the compression reinforcement and the imminent danger of sliding 

shear failure, restrict the plastic rotational capacity of these 

coupling beams. 
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3.3 DIAGONALLY REINFORCED COUPLING BEAMS 

The above findings led to a study of alternative solutions for an 

effective coupling beam. At this stage, the concept of diagonally 

reinforced coupling beams, as shown in Fig. 3.8, was developed by 

Paulay'. The philosophy behind this design is that the shear and 

moment on the coupling beam could be resisted by steel forces alone. 

This is provided by uniformly stressed diagonal reinforcement acting 

in compression along one diagonal and in tension along the other. 

The tests conducted by Paulay5 
6 

and later by Binney have revealed 

that these beams meet much more successfully the ductility demands 

indicated by the theoretical studies 74 provided that adequate 

lateral ties are provided to enable the compression diagonal to sustain 

the yield load without bucklingo 

The ultimate strength of these beams may be derived from simple 

force equilibrium ions. With the notation used in 

seen that 

T. :: Cu As f u y 

p ::: T sinOi' + C sinOi' u u u 

"" 2 Tu sinO' 

The moment 1 Mu ' at the junction of the beam and the face of the 

wall is 

M 
u = 

Therefore, the dependable shear strength and flexural strength are 

:: <P 2 A f sinOi' 
s y 

and 

== <P A f 1 sinO' 
s y s 

••• (3.18) 
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FIG. 3.8 MECHANISM OF LOAD RESISTANCE IN A DIAGONALLY 
REINFORCED COUPLING BEAM 
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respectively, where ~ is the capacity reduction factor 

In diagonally reinforced beams, the observed distribution of 

strains, reproduced in Fig. 3.9, are almost uniform
6. This figure 

shows the strains along the diagonal steel during first high intensity 

loading. Therefore, the steel compression strains are very small as 

the concrete is still contributing. The observed strains indicate 

that the beam behaves like a truss. There are only negligible bond 

forces present between the tension steel and the surrounding concrete. 

The compression chord of the truss is a composite section consist 

of steel and the surrounding concrete. The area of concrete which 

contributes to the resistance of the compression force is dependent 

upon the formation and development of cracks and so it cannot be 

clearly defined. The area in compression is likely to vary from a 

minimum value at the edge of the beam to a maximum value at the centre 

line of the beam The strain variation of the steel in the compression 

chord, observed by Binney (see Fig. 3®9), also suggests this 

A typical diagonally reinforced coupling beam. with span 1 
s 

depth D, is shown in Fig. 3~10oa After cracking the beam forms a 

and 

new mechanism. The tension force, T is resisted by the steel, AD 

The concrete is still effective in reSisting compression For the 

purpose of analysis the diagonal compression strut is approximated by 

the shaded area indicated in Fig. 3.10.a. Accordingly the mean area of 
1 b 

the tapered diagonal strut is s (3D 2Z) where the symbols can be 

identified from Fig. 3~10.a. The implications of this assumpt on are 

examined in Section 3.3 

The model on which this analytical assessment is based is shown 

in Fig. 3.10.b. 

block of length 

The deformation of the steel ,anchored in the end 

I' d 
on either side of the face of the wall is also 

included in the analysis 
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assumed dimensions of the 
diagonal concrete strut 

(b) The model truss 

D 

1 

1

6HD
, 

0, e,b,f , 

o\i 

(c) The distortions 
associated with the 
deformations of 
diagonal members 
AD and BC 

h 

92 

(d) The distortions 
associated with 
the deformation 
of steel in the 
anchorages 

FIG. 3.10 ANALYTICAL ASSESSMENT OF DEFCRFATIONS OF 
DIAGONALLY REINFORCED COUFLING BEAMS 
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The distortions of the truss, shown in Fig. 3@10 b, result 

from the deformations of: 

(a) diagonal members AD and Be in the spandrel beams 

(b) diagonal steel anchored in the end blocks of length 

Id (AE, DR ,FB and CG). 

(a) 

steel' AB and CD 

The rotations associated with the axial deformation of the 

diagonal steel AB and CD are shown in Fig. 3.10.c. /j2 is the 

diagonal contraction along BC. 6
1 

is the diagonal elongation along 

AD. From the geometry of this Williot diagram the net vertical 

displacement of C relative to A is 

I'1VD 

where a is the inclination of the diagonal reinforcement to the 

axis of the beam. 

With the notations used in Fig. 3.10, the vertical displacement 

associated with the deformations of the diagonal steel is expressed in 

terms of the steel content and the maximum shear across the beam as 

Pl 18 2 PI lt4 
6

VD 
s 

+ 
s 

:=; 

p"'nE bl (3D-2Z)E + (n-'l)E p*l' e s c C 

:: lIVD1 + lIVD2 .. 
where P = maximum shear force across the beam 

area of steel in one diagonal 
As Is 
bd • the equivalent steel content. 

0,,20) 

The first term, ~VD1 ' in the above expression corresponds 

to the deformation associated with the tension chord and the second 

term, I'1VD2 I corresponds to the deformation associated with the 

compression chord. 



(b) 

The deformations of diagonal steel anchored in the walls will 

also influence the distortions of the beam. The end block length, 

Id ' (see Fige 3010.b), in which the deformation of the anchored 

diagonal bars would be significant, is not exactly knowno For the 

purpose of this analysis this length is again assumed to have an 

uppe r limi t of 0.251 s 
and a lower limit of zero. The same force, 

T ~ (see Fig. 3.10.b), as in the member AD is assumed to be present 

in the members EA and DR. The deformations of the compression 

members FB and CG are likely to be small and they are neglected. 

While considering the distortions associated with the deformation of 

the bars in the anchorages the diagonal bars AD and BC are assumed 

to be infinitely rigid. Fig. 3.10 d shows these distortions. 

The vertical displacement, 6VE ' at the right end relative 

to the left end, is Seen to be 

when I' d 
=: 

when I' d 
:; 

(c) 

The 

e 

where 

.. U 21) 

0 lJ.VE 
~ 0 .. 0 21a) 

PI 1,2 

0.251 AVE 
s 

6 p. E n 
c 

•• (3.21b) 

beams 

total rotation of the beam is 

6
VD1 
-I

s 

+ ••• 0,,22) 

the rotation associated with the elongation 

of the tension chord, AD, obtained from 

Eq. 0.20). 
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e ::: the rotation associated with the contraction 
C 

of the compression chord, Be, obtained from 

Eq. (3.20) 
~VE 
I 

the rotation associated with the deformation of 
s 

steel in the anchorages, obtained from Eq. (3.21). 

a) It was assumed that the principal mode of load transfer and 

the associated distortions, when the beam is diagonally cracked, are due 

to tension and compression along the respective diagonals of the beam. 

However, secondary reinforcements (stirrups and horizontal bars) when 

provided may be responsible for resisting a portion of the ultimate 

load in a different fashion. The increase in stiffness associated 

with such secondary basketing reinforcements has not been included. 

When the secondary reinforcement is curtailed at the face of the wall 

the increase in stiffness is likely to be negligable. 

b) It was assumed earlier that the average depth of the 

compression strut is 

D 
a 

2Z) 

As pointed out earlier, the exact depth of compression strut is 

uncertains The depth would be greater than the lateral dimension of 

the spirals, which are provided to prevent the main bars from buckling, 

and less than the overall depth, D a However, using the strain 

measurements, made on diagonally reinforced beams by Binney6 the 

equivalent depth of concrete strut could be estimated. 

The curve (a) in g. 3.9 shows the typical strain variation for 

the steel along the compression diagonal observed by Binney. For 

the purpose of analysis, this curve was idealised by the straight line 9 

(b) • The horizontal line (e) shows the average strain, in the 

compression diagonal. The average steel force in the compression 

diagonal is therefore 



C' ::: A E e' 
s s s • •• <3. 

For equilibrium, the total force C in the compression chord must 

be equal to the tension force, T, along the tension chord. 

Thus C ::: T A f 
s Y 

Therefore, the force resisted by concrete, C ,is c 

C :: C 
C 

C' A f 
s Y A E e' s s s H' 0.23c) 

For the composite action of the diagonal concrete strut. the 

strain in the concrete, e' should be approximately equal to the c 

strain in the compression steel € I 
S 

Thus C 
c 

AEe' ::: AEe' 
c c c c c s 

Combining Eqs. (3.23c) and (3. 

the concrete strut is 

) the average depth, D 
a 

of 

D 
a " • e (3 238) 

Fig 3 11 compares the depth of concrete strut for the three 

beams reported by Binney, using the observed strain variation and 

Eq. <3. ) t wi th the assumed depth calculated from Eq. (3.22). The 

shaded blocks show the assumed ths as per Eq. (3. ). The unshaded 

blocks show the depths computed from observed strain variations, as 

per Eq. (3.23e) It is seen that the assumed and computed depths 

are of the same order for beams 316 and 318. 

To trace the sensitivity of yield rotation to the changes in 

the assumed depth, D ,rotations were computed for the beam shown 
a 

in Fig. 3~12.a. for various values of 

assumed end block length, IJ = O. 
shows this. In the practical range 

, (0 <: D 
a 

D) with an 

The curve (b) in Fig. 3 12.b. 
D 

(0.1 ; <: 1 0 00), it is seen 

that the assumption regarding the depth of the compression strut does 

not significantly affect the yield rotation, 



o !.t:! -
r-

·4 

·3 
7,- p;--.... 
% ~ V. 

·f /. V 

~ ~ v. 
0 v V 

]76 317 318 
Beam numbers 

FIG. 3~11 COMPARISON OF DEPTH OF CONCRETE 
RESPONSIBLE FOR RESISTING COMPRESSION 
BASED ON OBSERVED STRAIN VARIATION 
WITH THAT ASSUMED IN THE ASSESSMENT 
OF DEFORMATIONS 

, 
• · I 

0:"'2" I 

• 
I 

(a) The dimensions of the example coupling 
beam 

o 0-2 01. 0·6 1· 

Da/D 

(b) The sensitivity of yield rotations with 
respect to the values of Da and l~ 
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c) It was assumed that the steel anchored in the end block of 

length, ld' (see Fig$ 3.106b) will influence the distortions of the 

coupling beam. The upper and lower limits for this length were 

assumed as zero and 0.251 • 
s 

The variation of computed yield 

rotation for the example beam (see Fig. 3~12.a), for various assumed 

depths of compression strut, for 1d = 0.251
s 

(curve(b»),and for ld 0 

(curve(a»are shown in Fig. 3.12.b. The theoretical values of 
'. 

rotation lie between the curves (a) and (b) depending on the depth of 

concrete, Da' resisting compression, and the value of ld. It is 

seen that the rotations are sensitive to changes in the assumed values 

of \; • When Id = 0.251
8 

nearly 30% of the rotations are due to 

the deformation of steel in the anchorages. 

The dimensions of the example beam are the same as those of the 

coupling beams used in the test specimen Shear Wall B*. The shaded 

band in Fig. 3.12 b. indicates the limits within which the rotations 

observed during cyclic loading lie It is seen that this band lies 

between the curves (a) and (b) of Fig. 3 12.b. when 

and 0 2 D /D 
a 10* 

0, 
s 

To examine the influence of the steel content on stiffness, the 

expressions for rotations aT ,BC and BE have been modified. The 

relative proportions of these rotations were examined at the onset of 

yield during the assumed theoretical bilinear alasto-plastic behaviour. 

By substituting the total shear, P, at this limit,in terms of the 

steel area, , and yield stress, fy I in Eqs. (3.20), (3.21) and 

(3.22), the rotations are expressed in terms of the aspect ratio, 

and steel content, p'" as 

Details of this specimen are included in Chapter 5 The resul t;s 

of the test are presented in Chapter 7. 



and 

where 

aT 

e 
C 

e 
E 

0 
E 

8y 

e 
y 

:::: 

::: 

::: 
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1 (f ) 
2 \~ ••• <3.24a) 

c 

) 
c + 4(n-1) pI!< sinO' cosO' 

f 1 1 (~) when Id, s 
IT cOSO' 1+ 

c 

0 when Id, ::: 0 

"T + 9 C + 9
E 

the yield rotation of the diagonally reinforced beam 

The variation of the components of rotation e e 
T' C 

are plotted against the steel content for an aspect ratio, 

and 9E j 

L , D := 1.,00 

It is seen that 

1. The rotations associated with the elongation of steel in the 

tension chord l 9T ! and the rotations associated with the 

deformation of steel in the s! e E 
do not depend 

on the steel content These constitute the major portion of 

the total rotations. 

2. The rotations associated with the contraction of compression 

chord is proportional to steel content HowBver,the 

rotation associated with the deformation of the compression 

strut is small compared to the total yield rotation, e 
y 

3. The rotations associated with the deformation of steel in 

the anchorages, 9E , is approximately 25 to 35% of the 

total rotation when ld, = 0.251
8 

• 
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FIG. 3.14 DESIGN CHART FOR THE DETERHINATION OF YIELD 
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The yield rotation for the diagonally reinforced beam is plotted 

against the diagonal steel content for various aspect ratios of the 

beam in Fig. 3.14. This figure can be used as a design aid. The 

equivalent flexural rigidity EI 
eq 

of the diagonally cracked beam is 

EI eq 
::: 

where e 
y = the yield rotation for the particular aspect ratio and 

steel content from Fig 9 3.14 

= theoretical ultimate shear as 

Binney's report on diagonally reinforced beams includes Paulay's 

pilot test and the tests on two diagonally reinforced beams conducted by 

him In Fig. 3 15. a comparison of stiffness. of the 

reinforced beams, computed with Eq. (3.22) and the stiffness observed 

during test is made for the beams reported by Binney and for the beams 

used in Shear Wall B test specimens. The stiffnesses are expressed 

in terms of the stiffness in the uncracked state. 

For each, the theoretical and observed stiffnesses, a lower and 

upper limit is indicated. For the theoretical assessment the upper 

limit corresponds to the value computed with lJ = 0 and the lower 

limit to the value computed with IJ = O. The two limits for 

the experimentally determined stiffnesses represent the highest and 

lowest values observed during cyclic loading. It is seen that, 

generally, there is good agreement between the values computed with 

Eq. (3022) and those observed during test. 

A typical load rotation curve of a diagonally reinforced beam 

5 
observed by Paulay is shown in Fig. 3.6. This figure shows the 
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excellent energy absorption characteristi s of the diagonally reinforced 

beams. The hysteresis loops of the diagonally reinforced beams bear 

the characteristics of a steel member As expected, the soft range, 

witnessed in conventionally reinforced beams,is absent. Upon load 

reversal the compression diagonal was subjected to eld before cracks 

crossing it closed and before the concrete was engaged in the transfer 

of compression The compression yielding and the Bauschinger effect 

associated with it can be seen in the loops. Thus the entire shear 

and flexure could be resisted by the steel forces alone. 

3.4 A COMPARISON BETWEEN THE BEHAVIOUR OF THE TWO TYPES OF 

COUPLING BEANS 

3. 1+.1 S -----
Fig 3.16 compares the theoretical rotations of the conventionally 

reinforced beams with diagonally reinforced beams for an aspect ratio 

of 1.00 for various percentages of steel The rotations of the 

conventional beams are 1.4 to 2 0 times larger than the rotations 

of diagonally reinforced beams~ nding upon the steel content 'I'he 

increase in rotations for the conventionally reinforced beams is more 

for heavily reinforced beams (100% when p ;;;: 3 00), In the 

uncracked state it is reasonable to assume that both the conventionally 

reinforced beam and the diagonally reinforced beam of the same 

dimensions have approximately equal stiffness8s. 

The conventionally reinforced beam exhibits a Boft range at 

very low loads,during which its stiffness is very low, when it is 

subjected to a number of high intensity load reversals 

behaviour is undesirable for earthquake resistant design The 

stiffness of diagonally reinforced beams increase till it reaches 

a steady range. The soft range of stiffness, associated with the 

shear deformation,is absent in the diagonall reinforced beam. 
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3.4.2 

For the purpose of comparing the ductility factor of 

conventional and diagonally reinforced beams, the ductility of a 

coupling beam is defined as the ratio of the rotation sustained at 

ultimate load to its yield rotation. The cummulative ductility 

attained by a beam is defined as the sum of the maximum ductilities 

attained at maximum load levels during each high intensity load 

reversal The percentage of ultimate load plotted against the 

cumulative ductilities attained by the beams tested by Faulay 5 and , 

B' 6 lnDey , at maximum load levels for the various cycles are shown in 

Fig. 3.17. 6 This has been reproduced from Binney's report. 

The improvement in ductility characteristics of the diagonally 

reinforced beam could be clearly seen in this figure. It is also 

BeeD that the diagonally reinforced beams retain much longer their 

ability to transfer load at large ductilities. 

3.4 3 

Fig 3 18 shows the ratio of actual energy absorbed (area under 

the load-rotation curve) to the theoretical energy absorbed (area 

under the theoretical bilinear load-rotation curve), plotted· 

nst the cumulative post-elastic energy for the various cycles at 

, E IE 1 T ' B' 6 , the maXlmum 'A ~O evels. hlS was used by lDney to quantlfy 

the energy absorption characteristics of diagonally and conventionally 

reinforced beams. The superior energy absorption properties of the 

diagonally reinforced beams is again evident from this figure. 

3.5 THE TENSION AND COMPRESSION WALLS 

In a coupled shear wall structure one wall is subjected to 

tension and the other wall to compression in the presence of wall 

moments and M 
2 

respectively. The plastic hinges in the walls 

will develop at the base when the ultimate load i approached. While 

discussing the strength and deformation propert 8S of these walls, 
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several terms have been introduced. 

(i) Ideal moment capacities 

The subscripts 1 and 2 refer to tension and compression 

walls respectively This is the section's theoretical moment capacity 

calculated from accepted first principles using specified minimum steel 

and concrete strengths. 

(ii) Reliable moment capacities Md1 ' Md2 

These are ideal capacities multiplied by the corresponding 

capacity reduction factors, i.e. Md1 = ~1 Mu1 and Md2 

'rhese are the moments to be relied upon in design. 

(iii) Probable moment capaciti 

This is the section's theoretical moment capacity calculated 

from expected mean material strengths. 

(iv) Overstrength moment capacities Me1 I 

This is the expected maximum moment capacity of a member. 

It makes allowance for true yield strength,for possible extra ate 1 that 

may partici e and for strain hardening. It can be considered a the 

upper bound of the member's strength in flexure. 

(v) 

The same subscripts as used in (i) to (iv) when used with the 

letter V instead of the letter M, refer to the corresponding shear 

cepaci ties. For example V 
u1 

and V refer to the ideal shear 
u2 

capacities of the tension wall and the compression wall respectively. 

This refers to the centre of 

gravity of the gross area of the concrete section. 

This is the centroid of re istance 

of a section reaul lug from stresseS induced whe the G eel end tte oncrete 
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are subjected to a predefined uniform strain, e. Thus the force 

centroid in tension is different from that in compression. For an 

unsymmetrical section the posit on of force centroid varies for 

different predefined uniform strains. 

~~~~=~~~~~.~~:~~i~d This is the centroid of resistance of a 

section resulting from stresses produced when the steel and the concrete 

are subjected to a uniform theoretical ultimate strain of O.OO~. Thus 

the plastic centroid is the same as the force centroid when the 

predefined uniform strain is 0.003. 

3 5.2 

The overall dimensions of the walls remain sensibly constant over 

the full height. In a few tall shear walls the thickness of the walls 

may be reduced in the upper storeys. The ultimate strength of these 

walls can be evaluated using the axial load-bending moment interaction 

relatioDship,similar to eccentrically loaded columns As pointed out 

in Chapter 2, both the moments and the axial forces reduce in the upper 

storeys. Therefore, the flexural reinforcement could be curtailed in 

the upper storeys For each wall, the sign of the axial force and 

moment changes whenever the load is reversed. Because more than one 

axial load-bending moment combination may have to be considered at 

various levels of the structure, to assess the strength of these walls, 

it may be advantageous to construct the appropriate interaction curves 

for the ultimate condition. With the aid of a small computer, this 

is a 
. 86 

relatively easy task . 

Fig. 3.19 shows the axial force-moment interaction for the 

four different sections used in the walls of the shear ~all models· 

A and B at ultimate load. For the purpose of obtainin these 

interaction curves various loc~tions, as shown in Fig. 3.20.b, were 

assumed for the neutral axis position for the section con i~ered. 

* The reinforcement details are given in Ch p er 
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Fig. 3~20.c and d show the stresses and the equivalent compressive 

stress block used in the analysis. The properties of this 

87 compressive stress block are those defined by Hognestad et a1. 

For each neutral axis position the combination of ultimate axial 

force P and ultimate moment M are computed based on the 
u u 
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condition shown in Fig 3.20.b. The moments are computed about the 

geometric centroid, 0, so that the moments from the interaction 

diagrams could be directly related to the moments calculated using 

the finite difference approximation of the laminar analysis described 

in Chapter 2. Fig. 3.19 shows that the interaction diagrams are 

"displaced ll When there is a uniform compressive strain, the 

ordinate for moment indicates a small negative value. This is because 

the moments are computed about the geometric centroid instead of the 

astic centroid. These interaction diagrams are used to 

(a) determine the ultimate nominal strengths 

for the critical sections at the base, and 

and M 
u2 

(b) determine the locations at which the flexural reinforcement 

in the walls may be curtailed in the upper storeys. 

In the design of the shear walls it is necessary to ensure that 

shear failure does not occur before the ductile type of failure, 

associated with yield of flexural steel,could be achieved The 

probable moment capacities, Mp1 and Mp2 I will be greater than the 

nominal moment capacities I Mu1 and lViu2 ' calculated using the 

interaction curves. Indeed the failure moment is likely to be more 

than the probable moment capacities and owing to the 

following reasons: 

In the hard grade A432 (f = 60 ksi) steel, stresses may y 

increase with an increase in yield strain above the designated yield 

. (8 
po~nt • 
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(ii) The steel provided in the critical coupling beam is likely 

to reach yield strain first. From the onset of this yield, the steel 

in the critical coupling beam is subjected to plastic deformation. In 

well designed shear walls, the walls reach ultimate load after the 

steel in most of the coupling beams reaches yield strain. When the 

walls reach ultimate load the steel strains in the beams in the 

critical region could be in the strain hardening range owing to very 

large aId deformations sustained by them. 

increase in the value of the axial force, 

This leads to an 

T ,generated by the 
u 

accumulation of coupling beam shears. This increases the ultimate 

moment capacity of the structure due to increase in the IT 
u 

component. 

(iii) Case studies of prototype shear wall structures indicate 

that the axial compression generated in the critical wall section is 

likely to be below balanced load. Therefore, the probable failure 

moment, Mp2 ' is likely toincrease because of the increase in the 

axial compression force T 
u 

(See 

(iv) The tension force, T ,computed at the base of Wall 1 
u 

is relatively large. Wall 1 should resist this tension force and 

the wall moment, M1u • Case studies of the prototype shear wall 

indicate that the depth of compressive stress block. c! required 

to develop this moment, M1u! with an axial tension in the wall 

would be small compared to the total depth of the shear wall. The 

strain pattern associated with this small neutral axis depth may 

cause the strain in the tension steel, farthest from the neutral axis, 

to be in the strain hardening range when the ultimate load on the 

wall is reached. 

For the walls to be able to attain the failure moments, without 

the danger of shear failure, the shear capacity of the tension and 

compression walls of the coupled shear wall need be based on over 

strength moment capacities Mo1 and Mo2 • The reliable shear 
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capacity of the tension and compression walls should therefore be 

M 
01 

Mu1 
V

u1 ... (3.26) 

v = 62 
1 M02 

V
u2 Mu2 

where cp is the capacity reduction factor for moment in tension walls 
1 

q, is the capacity reduction factor for moment in compression 2 

walls 

fP is the capacity reduction factor for shear. 
s 

In the above expressions the ideal moment capacities Mu1 and 

Mu2 are calculated using specified minimum concrete and steel 

strength properties Multiplication of nominal strengths by 

factors ranging from 1.1 to 1 4 would make allowance for the 

factors listed earlier. 

While providing stirrups to resist the shear it should be 

borne in mind that, under severe seismic induced loads, which would 

cause yielding in the walls, flexural and di cracking and 

consequent loss of shear capacity of concrete would occur. It is 

doubtful whether under these conditions there would be any shear 

resistance provided by the concrets, especially in the tension wall. 

Thus, it is recommended that the contribution of concrete to shear 

resistance in the re on of the plastic hinges be ignored. The 

horizontal stirrups provided should be able to supply the necessary 

reliable shear capacity computed using Eqs. (3.26) and (3.27). 

The wall sections are subjected to flexure and axial load. 

The axial load influences the curvature and hence there is no unique 

moment-curvature relationship as in the case of members subjected to 

moments alone 89. However. the value of the curvature is unique for 
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a particular combination of axial load and bending moment. Hence the 

curvature variation of a particular section depends on the axial load-

moment history of the sBction,as the shear wall is loaded from zero 

load to its ultimate capacity. 

In the previous section ultimate load moment interaction was 

computed based on the limiting maximum concrete strain e :: 0,,003 • 
c 

Blume 89 at aI, have plotted the curvatures, ep ,against the 
u 

ultimate axial load, P . for various axial load-moment combinations u ., 

at ultimate condition represented by the extreme concrete fibre 

reaching a strain of 0.003. A better understanding of the elastic 

and post-elastic deformations could be had if a continuous plot of 

curvature variation ~s made for the critical section. The theoretical 

axial load-moment history for this section is known from theelasto 

tic analysis of the shear wall . When the shear wall is loaded 

from zero load to its theoretical ultimate load the concrete strains 

in the critical sections increase from 0 to 0.003. The maximum 

steel strains increase from zero to beyond yield till the strain for 

that neutral axis depth, as shown in Fig 3 20 b, is reached. The 

interaction diagrams in Fig. 3.19 show the combinations of load and 

moment at a strain limit of e = 0.003. 
c 

To trace the behaviour of the section from zero load to ultimate 

load a set of interaction diagrams for the critical section of the 

model walls,shown in Fig. 3.19,for various stipulated maximum concrete 
f 

strains (0 to 0.003) and steel strains (0 to:> 'EiL ) are plotted.(Figo3.21.) 
s 

The various neutral axis depths considered satisfied the followint 

conditions~ 

1 • 

2. 

maximum concrete strain < e 
:::: C 

maximum steel strains < 

either the concrete s n was equal to e c or the 

steel strain farthest from the neutral axis was equal to est 

• An incremental elaste-plastic analysis is proposed in t [' 4 
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Fig. 3.22ob shows the various neutral axis depths considered 

according to the above condition when the maximum stipulated strain 

in the concrete is e and the maximum stipulated strain in the 
c 

st.eel is 

First the steel strain was chosen as a fixed value. 

The st.rain in the concrete was varied. This concrete strain was 

less than or equal to the limiting strain, e 
c For each neutral 
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axis position associated with steel strain, est' and concrete strain, 

the axial load, P, the moment, M , and the curvature, ~ , were 

computed. For computing the curvat.ures the following relationship 

was used. (See Fig. 3.22.b). 

c • •• <3.28) 

Next, the concrete strain, e ,was chosen as a fixed value 
c 

The strain in' the steel was varied. This steel strain was less than 

or equal to the limiting strain, B
st

• As before, for each neutral 

axis position associated with the concrete strain, e ,and steel 
c 

strain, est! the axial load, P I the moment, M , about the force 

centroid, and the curvature, ~ I were computed. For computing the 

curvatures, the following relationship was used. 

• •• C3 29) 

Thus for a set of stipulated limiting steel strains, t j and 

limiting concrete strains, ee ,one axial load-moment interaction 

curve was plotted using the axial loads and moments computed above. 

(See the curves (b) in the axial load-moment plane in Fig. 3.21). 

A particular point on this curve represents the axial load-moment 

combination when the steel strain is and concrete strain is e 
c 

This point is usually considered as the "balanced" condi t:i on. Above 

this point the limiting concrete strain, ee ,controls. Steel 

strains are less than or equal to est • 
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For each neutral axis position, the curvature, ~ , was plotted 

as vertical ordinates at the corresponding load-moment combinations. 

These ordinates are joined by a curve. Such a curve (c) shows the 

load-moment-curvature variation for the section (see Fig. 3.21). 

Such axial load-moment-curvature relationships were plotted for the 

following set of stipulated maximum strain limits at the base section 

of the shear wall models. 

(1) The maximum concrete strain, This corresponds 

to the theoretical ultimate axial load-moment curve. The curvature 

obtained using this maximum stipulated strain, e = 0.003, is the 
c 

upper bound of the curvatures computed in this theoretical study 

Hence the curve (c) so obtained is the outermost curve in Fig. 3.21. 

When the depth of neutral axis is very small, the values of curvatures 

are since the steel strain, t ' is large. The region IIA II 

f 

(See the outermost axial load-moment curve(b)for the tension wall) 

represents the combinations of ultimate axial load and ultimate moment 

for which there is the risk of tension steel fracturing before the 

predicted by the curvature curve (c) could 

be realised, 

(2 ) The maximum concrete strain is e = 0.002. c The maximum steel 

strain is :::: 0 0018, t A limiting strain of 0.0018 was chosen as 

this strain in the farthest steel from the neutral axis would cause 

yielding in approximately 90% of the tension steel provided for the 

base sections of the model walls. A maximum strain of 0.002 for 

concrete is arbitrarily chosen as the strain at the commencement of 

plasticity for concrete. It is seen that the loads and moments so 

computed are very close to the loads and moments computed for the 

ultimate condition. The curvature curve for this case, shown by a broken 

line, represents the The deformations 

produced beyond this stage could be considered as entirely plastic 

deformations with very little increase in loads and moments. 
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(3) The maximum concrete strain is 0.0011. The maximum 

steel strain is e = 0.0012. st 
The interaction curve represents the 

"elastic limit" condition The concrete strain of 0.0011 is 

regarded as the strain at which the non-linear range of concrete strain 

commences. For the steel used in the model walls t 0.0012 is the 

strain at the end of linear stress-strairl behaviour. This is based 

on the stress-strain curves for the reinforcement used in the shear 

wall models. When the farthest steel fibre reaches a strain of 0.0012, 

the non-linearity of the load-deformation relationship is expected to 

commence. The curvature curve for this case represents the 

curvature. 

(4) The following three strain limits,which represent the 

elastic cases , were also considered. This was to enable a 

continuous plot of the load-moment-curvature relationship to be made 

(i) 0.0009 and 
t 0.0009 

(ii ) e ;:: o 0006 and e st '" 0.0006 
e 

(iii) 0.0003 and e st 0.0003 

The curvature curve :;> for these cases represent II 

11 

(5) The origin, 0 , represents the interaction relationship when 

o and est = 0 I i.e. when the specimen is in the unloaded 

condition • 

• 3.22.c Bnd 3.22.f show the compressive stress block and 

the assumed stress-strain relationship for concrete used in the above 

90,91 
analyses. These are based on Baker's recommendations. The 

concrete stress-strain curve is a parabola up to a maximum stress of 

fl at a strain of 0.002 where 
cc 

fl ( OeB + I <: fl (3 30) ... 
cc c 



f' 
cc 8 The recommended range for ~ is O. to 1.0. After a strain 
c 

of 0.002, the concrete stress remains constant at f' until 
ce 

the theoretical maximum strain of 0.003 is reached. 

For plotting these axial load-moment curves (Fig. 3.21), the 

moments were computed about the "force centroid" rather than the 

"geometric centroid" as shown in Fig. 3.22.e. When the loads and 
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moments are related to the curvatures, it is necessary to compute all 

moments about the "force centroid tl to avoid a positive moment being 

associated with a negative curvature. The tensile strength of 

concrete was also considered in the analysis as shown in Fig. 3.22.c. 

Thus an estimate of the curvatures of the critical sections, 

subject to any load-moment combination, Can be made from Fig. 3.21. 

On the same diagram, the load~moment histories of the critical section 

for the tension wall, represented by curve (e), and the compression 

wall, represented by curve Cd), obtained from the elasto-plastic 

s.are plotted in the load-moment (P-M) When plotting 

this load-moment history, due allowance was made to convert the values 

of the moments predicted by the elasto tic analysis to the 

corresponding values with respect to the "force centroid". The 

curvatures at the point of intersection of the load-moment interaction 

curve (b) and the load-moment history curve (e)or~d) for the section 

are the vertical ordinates from the point of intersection of these 

curves to the curvature curves, (c). These vertical ordinates are 

joined to get the theoretical load-moment-curvature variation for the 

tension wall, curve (g) ,and compression wall, curve (f). 

The load-moment-curvature histories shown in Fig. 3.21 were used 

to determine the section ductilities of the critical section of the 

tension and compression walls of the models. 
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The curvature variation is not large till the limiting steel 

strain, 

strain, 

t ' reaches a value of 0.0018 or the limiting concrete 

reaches a value of 0.002 as shown in Fig. 3.21. For 

the purpose of ductility studies this limit is taken as the yield 

condition for the section. Thus the curvatures computed,using the 

maximum stipulated atrains indicated in case(2)in the previous section, 

are the yield curvatures •. The curvature computed,when the concrete 

strain in the extreme fibre is e 
c 

theoretical maximum curvature, w 
u 

0.003 (case(1)) is the 

The section ductility, 

is computed as the ratio of the theoretical maximum curvature, rp 
u ' 

to the theoretical yield curvature, ~y' i~e. 

As pointed out earlier, the shaded area in Fig 3.21 shows the 

curvature variation with axial load and moment for the base sections 

of the tension and compression walls of the shear wall models. In 

Table 3.1, a comparison of the theoretical maximum section ductility 

for the critical sections of the tension and compression walls, is made. 

Yield Theoretical Theoretical 
curvature maximum maximum section 

curvature ductili ty 

e{)y CPu 118 
_. 

Compression wall .12 x 10-3 .52 x 10-3 4.33 

Tension wall .10 x 10-3 1.40 x 10-3 14.00 

.~ 
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The slopes of the compression and tension walls at any stage 

of loading must be nearly the same. A region with curvatures 

greater than yield curvature, ~y I does not occur just at the 

critical section. The inelastic deformations are spread out over 

a finite length. When these factors are considered the curvature 

sustained by the compression wall, when the shear wall reaches 

ultimate condition, is always more than the curvature for the tension 

wall-. Thus the overall ductility attainable in a coupled shear wall 

will depend on maximum curvature at the base of the compression wall. 

The section ductilities in Table 3.1 are based on 

a maximum concrete strain, e = 0.003. c After the concrete cover 

spalled off, the area of the compressed concrete reduces to that inside 

the transverse reinforcement. If the concrete in the compression zone 

of the wall is confined by closely spaced stirrups, the ductility of 

the concrete may be greatly enhanced and large ultimate concrete strains 

may be reached 

92 
or even more 

The limit of useful strain in this case could be 0.01 

Thus the ductility shown in Table 3 1 for the 

compression wall,may be regarded as the lower limit that could be 

achieved for the base section of the shear wall. 

3 5.6 

It is necessary to assess, at least in an approximate way, the 

properties of the cracked walls in order to have an estimate of the 

overall deformations of the shear wall. ~ underestimate of the 

stiffness properties would lead to an overestimate of deflections and 

of ductilities which may not be realised in practice. As at present, 

there seems to be no reliable method of assessing the flexural ri dtty, 

• This is discussed in Chapter 4 (see Eq. 4.27). 
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El, and the extensional rigidity, EA , in the cracked state by 

specified reduction factors applicable to the appropriate gross values , 

of the tension and compression walls@ 

For ordinary reinforced concrete members, the axial deformation 

and the loss in stiffness due to reduction in EA,as a result of cracking, 

is not significant. For such members Kordina85 has proposed certain 

global reduction factors. These are shown in Table 3.2. Such 

reduction factors make it unnecessary to integrate over the full 

height or length of the structural member, taking into account the 

variabili ty of dities and stresses. However, in coupled shear 

walls axial deformation of the walls cannot be ignored. The 

elongation of the tension wall and the contraction of the compression 

wall introduces beam rotations which are opposite to the rotations 

caused by the flexural deformations of the walls. Thus an underestimate 

of the extension rigidity EA would lead to an overestimate of the 

beam rotations and beam ductilities. An estimate of extension rigidity 

and flexural ri ty is necessary to predict the post cracking behaviour 

74 
of the shear wall. Paulay suggested a value of O.5EI for the 

gross 

flexural rigidity, and a value of O.7EA gross 
for the extensional 

rigidity for the tension wall and allowed no reduction for the compression 

wall. While examining the affects of EI variation on the stability 

of frames, MacGregor 93 recommends that EI gross 
could be used for 

columns. These suggestions are assembled in Table 3.2 

Fig. 3.23 shows the variation of the flexural rigidity for the 

critical sections of the tension and the compression walls of the models 

for various load-moment combinations. These load-moment combinations 

are ven by curves marked (b). The variation of extension ri dity, Ell. 

(see curves marked (c»for the critical sections for the various load 

moment combinations, represented by the curves marked (b) is shown in 

Fig. 3.24. The interaction curves marked (b) were obtained for the 
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TABLE 

Reduction factor for EI = 
gross concrete section

(EI) gross 
(EA)eff 

Reduction factor for EA = 
gross concrete section

I 
(EA) 

11'rOSE 

Type of Stage Reduction Reduction 
loading considered factor for factor for 

EI EA 

Bending and high 
0~2 + 15(p+p') ~ 

axial com- overloads 
pression 
(Compression service 

0.6 15(p+p ') Wall ) loads + -
Kordina 85 

Bending and high 
15 (p+p') 

axial overloads -
tension 
(Tension service 15 (p +0 I ) 
Wall) loads -

Compression Post 1 00 '1.00 

74 Wall cracking 
Paulay 

Tension Post o 50 o 70 
Wall 

Bending and 

93 axial com- Post 
1.00 MacGregor pression cracking -

(Compression 
Wall ) 

previously defined (see Section 3.5.3) maximum stipUlated strain limits. 

Reference may be made to Fig. 3.22.b where the strain variations for 

the various neutral axis depths considered are shown. The effective 

flexural rigidtty, EI, and the extension rigidity, EA, were computed 

from the following relationships: 

EI M 
eff 

:= ep 

EA P 
eff 

:= 
e 

where M = moment of all forces about the force centroid, F , shown 

in Fi g. 3.22. €I • 

ep = curvature shown in Fig. 3 22.b. 



FIG. 3.23 VARIATION OF THE FLEXURAL RIGIDITY FOR THE CRITICAL SECTIONS OF THE 
TENSION AND COMPRESSION WALLS WITH THE RELEVANT LOAD-MCJviENT HISTORY 



FIG, 3.24 VARIATION OF THE EXTENSION RIGIDITY FOR THE CRITICAL SECTION OF THE 
CO~PRESSION AND TENSION WALLS WITH THE RELEVANT LOAD-MOMENT HISTORY 



P net axial force computed using the internal forces shown 

in Fi g. 3 .22 • d 

e = strain at the force centroid F , shown in Fig. 3.22.b. 
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In the Figs. 3.23 and 3.24, the load-moment histories of the 

critical section for the tension wall (e) and the compression wall (d) 

obtained from the elasto-plastic analysis were also plotted. The 

properties EA and EI at the points of intersection of the load

moment interaction curve (b), and the load-moment history (e)or(d) 

curve. are the vertical ordinates to the curves marked (0) from the 

point of intersection. These ordinates when joined by a curve give the 

continuous variation of properties (El and EA) for the section of the 

tension wall (g) and of the compression wall (f). Ordinates of curve(h) 

represent gross properties. 

The reinforcement in the bottom three floors of the walls of the 

shear wall models were not varied with height Adopting the same 

procedure as ven in the preceding paragraph. the variation of properties 

at the level of these three floors for the corresponding load-moment 

history was also obtained. These are not shown in Figs. 3 23 and 3.24. 

In the shear wall model,4 different sections, shown in Fig. 3 19, 

were used. For these sections similar interaction relationships as for 

the critical section shown in Fig. 3.23 and 3.24 were constructed. These 

are not shown~ 

The loads and moments at the sections at intervals of one storey 

were obtained from the elasto-plastic analysis for a particular s age of 

loading considered, for example, when the steel in the critical coupling 

beam reaches yield. For these loads and moments the values of EI and 

EA were found from the relevant load-moment EI or EA relationship. 

These were then plotted to obtain the variation of properties of the 

wall with height at the stage considered. The variation of EI and E./\ 

for the tension and compression wall when the steel in the critical 
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coupling beam reaches yield, are shown in The 

variation of axial force and moments at this stage,as found from the 

elasto=plastic analysis, are also showne In Figs. 3.25.0 and g~ the 

following values of EI are plotted: 

(1 ) Flexural rigidity based on gross concrete area. - (EI) 
gross 

upper limit of Eq. (3.12). 

(2) Flexural gidity ba.sed on the uncracked section considering 

both steel and concrete. 

(3) Flexural rigidity obtained from the interaction diagrams 

as explained earlier in this section. 

(4) Flexural rigidity of the cracked transformed critical 

section - (EI) - lower limit of Eq. (3.12). 
cr 

(5) Flexural rigidity computed using Eq. (3 12). 

(6) Flexural rigidity computed using Paulay's suggestion 

O.5EI for the tension wall and EI for compression gross gross 

wall. 

(7) Flexural ri dity computed using Kordina's equation for 

hi overloads 

(8) Flexural rigidity computed using Kordina's equation for 

service loads. 

In Figs. 3.25.d and 3. .h, the following values of EA are 

plotted: 

(1) Extensional rigidity based on gross concrete area. 

(2) Extensional rigidity based on uncracked section considering 

both steel and concrete. 

(3) Extensional rigidity obtained from the interaction diagrams 

as explained earlier in this section. 

(4) Extensional rigidity computed using Paulay's suggestion = 

O.7EA for tension wall and EA for compression wall. gross gross 
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In Fig. 3.25 the flexural and extensional rigidities are plotted 

in terms of their gross values@ Thus, from the axial load-moment= 

rigidity (EI or EA) diagrams, and the loads and moments computed 

from the elasto-plastic analysis, the variation of properties with 

height at any stage of loading could be obtained@ In Chapter 4, an 

incremental elasto-plastic analysis is proposed which uses this 

information. In Chapter 6 and Chapter 7, the deformations computed, 

using the relevant properties from Fig. 3@24 and Fig. 3625 in the elasto

plastic analysis, are compared with the deformations measured during 

cyclic loading of the models. 

The comparison of sectional properties in the cracked state! 

obtained from the three dimensional plots and those predicted by the 

suggested overall approximate reduction factors (see Table 3.2), 

indicate that these factors underestimate the stiffness of the walls. 

This is due to the large steel content (3.8%) used in these walls 

compared with ordinary beams or columns. In the test models~ a 

constant force of 25 Kips was applied at the centreline of the walls 

by the prestressed cables, to simulate the dead load on the walls. Thi 

ensured that the base of the walls of the model and a comparable proto 

type shear wall were subjected to the same order of gravity stresses 

However, in the upper floors the stresses produced by the gravity loads 

in the prototype shear wall are much less when compared with those 

produced in the model. This would influence the rigidity values. 

Fig. 3.25 indicates that the gross EI and the oss EA curves are 

the closest to the curves obtained taking into account the variability 

of stiffnesses and stresseso In the case of the prototype shear walls 

the variation of effective flexural rigidity, EI, and the effective 

extension rigidity, EA, may be more sensitive due to variation of dead 

load with height and lesser steel content in the walls. 
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For the nonlinear, incremental elasto-plastic analysis,proposed 

in Chapter 4, the properties of the walls were varied at each 

incremental load. This was done using the load-moment-property curves 

shown in Figs. 3~23 and 3024. 

3 6 CONCLUSIONS 

1. Paulay's analytical assessment of deformations of these 

beams has been reviewed and modified. The equations for the computation 

of rotations now proposed include the rotation of the coupling beam 

associated with the deformation of steel in the anchorages. The 

stiffnesses predicted by these equations and those observed by Paulay 

show reasonable agreement with the stiffnesses observed for coupling 

beams of Shear Wall A. Theoretical stiffnesses based on methods which 

do not make allowances for shear deformations lead to significant errors. 

2. For the aspect ratio of the beam examined (1 /D ;;;: 1 00), the 
s 

rotations associated with the deformation of the stirrups and diagonal 

concrete struts (shear deformation) are larger than the flexural 

deformation when the steel riontent p > 0.0075 
;;;: 

The stirrup steel 

content, p ,required to prevent a diagonal tension failure when the 
w 

flexural strength is fully developed, can be shown to be 

This equation shows that excessive web reinforcement would be required when 

I /D := 1 . P .-.J 2 
s 'w"'" 

3. Previous tests have shown that ductilities that C04ld be 

attained during post-elastic high intensi ty loading of these beams ai'e 

limited due to the ineffectiveness of the compression reinforcement and 

the imminent danger of sliding shear failure. 
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1. Equations have been proposed for the determination of 

rotations of these beams based on theoretical considerations. The 

stiffnesses predicted by these equations and those witnessed during 

tests show reasonable correlation. 

2. The rotation, B
C

' associated with the contraction of the 

compression strut is dependent on the diagonal steel content. This 

rotation is small compared with the total yield rotation, e 
y 

Hence 

the errors introduced by arbitrary assumption regarding the depth of 

concrete resisting compression is not significant. 

3. The rotation. eT , associated with the elongation of the 

tension chord, and the rotation 9 E associated with the elongation of 

steel in the anchorages, are independent of the diagonal steel content 

Together these constitute the major portion of the total yield rotation. 

4. For the same steel content, the diagonally reinforced beams 

are 1 40 to 2 00 times as stiff as a conventionally reinforced beam 
1 

of the same aspect ratio (; := 1 00). 

5. The studies of Paulay and Binney have revealed that these 

beams have better ductility and energy absorption characteristics. 

This will be further illustrated when Shear Wall B model is examined 

in Chapter 7& 

1. It was shown that the flexural capacity of the walls could 

be larger than those predicted using nominal strengths for steel nnd 

concrete. To avoid a shear failure~ the shear capacity of the walls 

need to be increased according to Eq. (3.26) and Eq. (3.27) to account 

for the increased flexural capacity associated mainly with strain 

hardeninge 
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2. The section ductility at the development of full strength 

of the base section in the tension wall is significantly larger than 

that of the compression wall ,in the shear wall models studied. Thus 

the maximum ductility of the shear wall is limited by the maximum section 

ductility of the compression wall. 

Chapter 4. 

This will be examined fur ther in 

3. For the shear wall structures,the three-dimensional plots 

suggested may he used to evaluate the flexural and extensional 

rigidities of the wall sections at any stage of loading. These plots 

arB used in Chapter 4 for the incremental nonlinear elasto-plastic 

analysis of the shear wall. 

routine design$ 

It is not suggested that they be part of 

4. The comparison of the sectional properties in the cracked 

state obtained using the three-dimensional plots, and those predicted 

us suggested overall approximate reduction factors, indicate that 

these factors underestimate the stiffnesses of the model walls 

will be examined further in Chapters 6 and 7. 

This 
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CHAPTER FOUR 

AN ELASTO-PLASTIC ANALYSIS OF COUPLED SHEAR WALLS 

4@1 INTRODUCTION 

The performance of coupled shear walls in high rise buildings has 

been the subject of study of a number of researchers during the last 

decade. Most of these focussed attention on the elastic behaviour 

of these major lateral load resisting structures. 

In cDuntries prone to earthquakes, the ability of the ductile 

structure to absorb energy by post-elastic deformation, assisted by 

such other factors as a reduced response due to damping, soil structure 

interaction and the change in the period of vibration due to reduction 

in stiffness caused by cracking, make it possible to design structures 

to resist lateral loads recommended by the design standards even though 

these loads are si ficantly less when compared with the theoretical 

elastic response ine~tia loads obtained from the analysis of records 

f d ' 2,3 o severe groun mot1ons • Of the factors mentioned above, 

the absorption of energy by post-elastic deformations is by far the most 

important and hence the use of equivalent lateral loads for seismic 
89 

design presumes the structure to have sufficient ductility 

To evaluate the full response of shear wall structures, it is 

necessary to examine their post-elastic behaviour. During severe 

ground motions the attainment of the ultimate load and subsequent 

elasta-plastic energy absorbing deformations are reality. It is 

necessary to quantify the magnitudes of the post-elastic deformations 

in the components of the structure during the various stages of their 

reaching ultimate capacities, and to estimate the total ductility 

demand on them in order to compare these with the ductil as that have 

been observed to be available in experimental specimens It is no 



suggested that the evaluation of various aspects of the elaeto tic 

response of the structure to any ven lateral load be part of a routine 

des procedu:ce 

The elasto-plastic examination, presented hers, attempts to 

quantify the ductility demand on the coupling beams and the wallse 

The history of the shear wall's behaviour is followed through 

stages of incremental loading till the ultimate load is reached and 

the required overall ductility is attained. Such a study will show 

the order of ductilities which arB desirable if survival of a major 

earthquake is to be assured It may then be SBsn that these 

theoretical ductilities can be met by various components of a shear 

wall structure provided it is designed and detailed accordingly 

J+.2 COLLAPSE MECHANISM 

The ultimate s 

seismic of 

of the coupled shear wall subjected to 

load is obtained when a "collapse llI(O)chanism" is 

formed due to the development of "plastic hinges". The aGtic 

hinges should possess the required rotation capacity to sustain arge 

local increases in curvatures without significant loss in the moments 

Reports on structural damage caused by earthquakes 

indicate that the column sidesway mechanism. shown in Fig. 4 1 ali 

unlikely to develop in coupled shear walls except in cases where the 

wall dimensions were drastically reduced at the foundation leval. 01.' 

where columns were used to support the walls. In fact, the behaviour 

of some shear walls show that most of the coupling beams failed before 

the ultimate strength of the walls was attained. Thus the beam 

mechanism, shown in Fig. 4 1.b,represents the most likely ultimate 

condition of the coupled shear wall. 
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® mechanism 

FIG 4.1 COLLAPSE MEGHANI SM,s OF COUPLED SHEAR WALLS 

Loaded position 
of wall 

Unloaded position 
of waH 

&b Beam rotation 

(~~)w of the wall 

FIG. 4.2 ROTATIONS OF A COUPLING BEAM 
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For multistorey structures, the number of plastic hinges 

required for this type of failure mechanism to form depends on the 

number of storeys. Two hinges are required in each coupling beam to 

terminate its ability to accept further sheare In addition one plastic 

hinge needs to be developed in each of the cantilever walls, normally 

at the base, to complete the collapse mechanism By means of a step 

7 . 
by step procedure, Paulay traced the post-elastlc performance of the 

shear wall through the following six stages of loading. 

(1 ) 

(2 ) 

(3 ) 

(4 ) 

(5 ) 

(6 ) 

Design load entirely within elastic range. 

Onset of yielding in the critical lamina. 

Full astification of the laminae. 

Capacity of wall 1 attained. 

Capacity of wall 2 attained. 

Overall ductility requirement for fully 

at constant load 

tic deformations 

If yielding has commenced at the critical sections of all the 

beams before the walls reac:h yield curvature ~ further deformations in 

the beams will take place at constant beam shears due to plastic 

rotations occurring in the beam hinges. This would contribute to the 

major part of the lateral deformation at the top floor. The slasta 

plastic analysis proposed by paulay7 assumes such a behaviour It 

has been assumed that the plastic hinges form in all the coupling beams 

before plastic deformation of any kind would occur in the walls. This 

in fact is desirable, and it should be encouraged It is advantageous 

to design the cou~ling beams so that they become the major euergy 

dissipating devices. It is desirable that as much of the total energy 

be dissipated by the coupling system as possible before hinging of the 

walls commences because this will ensure that the walls remain in the 

elastic range of behaviour tili a very late stage of a major disturbance 

and thus enjoy a high degree of protection against permanent damage 

Yielding in the walls means permanent misalignment of a building which 
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will be next to impossible to repair& It is considerably easier to 

repair damaged coupling beams. 

However, the sequence of hinge formation depends on the behaviour 

of the cracked components of the shear wall. If the shear wall is 

provided with stiff coupling beams, the plastic hinges at the ends of 

these may develop only over part of the height when the critical wall 

section reaches the yield curvature. It is also necessary to study 

the compatibility of rotations in the plastic hinges that form in the 

7 Paulay's approximate analysis does not consider the slope 

compatibility at the base of the wall after the formation of plastic 

hinges at the base of the tension wall. The increase in base moment 

assumed to be resisted by increase in wall moment, M
2

, alone when 

the base of wall 1 undergoes plastic rotation at constant maximum 

ultimate moment, M
1u

• This results in considerable plastic rotation 

at the base of wall 1 when the base of wall 2 is assumed to be elastic. 

Dur all the stages of incremental loading the slopes of wall 1 and 
dy dY2 

wall 2 should be the same. i.e. 
dx 

4.3 THE ELASTO-PLASTIC ANALYSIS 

In shear walls resisting seismic forces, the magnitUde and 

behaviour of post-elastic deformation of the structure and its components 

are of particular interest. 

capacity of the structure. 

These determine the energy absorption 

7 
Paulay's analysis, as pointed out 

earlier, assumes the sequence of hinge formation and hence Cantlot be 

applied to the shear walls in which ~he critical wall sections may yield 

before the capacity of the coupling system is exhausted. Gluck 

has obtained expressions for the elasto-plastic deformations of the 

coupling beam when the plastic hinges in them develop only over part of 

the height. At ultimate load the coupled shear wall is assumed to for~ 

a mechanism as shown in Fig. 4.1.b. The increase in the rotations of 
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the beam hinges due to the plastic rotations of the wall hinges, the 

contribution of the rotations of the coupling beams which yield after 

the walls reach yiel~ curvature and the contribution of wall rotations 

to the overall ductility need to be considered in order to have an 

estimate of the components' ability to supply the required ductilities 

Thus, the expressions derived by Gluck 62 are useful to predict the 

deformations of the shear wall at the stage when part of the coupling 

beams have Yleld~d but both walls remain elastice If the analysis 

indicates that only a partial failure mechanism occurs or wall hinges 

tend to form prematurelYt it might be necessary to redesign the structure 

so as to ensure a better and more desirable distribution of plastic 

hingese 

Herein, a step by step procedure ,using a finite difference method, 

is suggested for the elastri-plastic analysis of the coupled shear wall. 

Using this analysis, the post-elastic behaviour of the two coupled 

walls and the coupling beams are traced. The sequence in which the 

plastic hinges are formed is detected using this incremental analysis 

and by a systematic search for the tical hinge location The analysis 

is based on cracked sections of the beams and the walls. 

This is followed by an example to illustrate the proposed 

analysis. 

4.3.1 Definition of Rotations and Ductilities 

The load-deformation relationship for the reinforced concrete 

structure is far from being bilinear elastic-perfectly plastic. 

Considerable degradation in stiffness usually occurs. From the load-

deformation curve it is also difficult to define a particular limit at 

which plastic deformation commences. The overall ductility of a 

structure or a member is dependent on this definition of yield limit. 

The difficulties encountered in defining this yield limit have been 

96 
pain ted out by Bertero • 
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For the purpose of this elasto-plastic analysis the rotations and 

the associated ductilities for the components of the shear wall and the 

overall displacement
i 

ductili ty for the structure will be de fined below 

(a) Coupling Beams 

The meaning of the coupling beam rotation, e
b

, is defined in 

4.2. It may be noted that the angle between the axis of the beam 

and the axis of the wall does not remain a right angle after loading. 

It is assumed that the beams possess bilinear elasto astie 

load-rotation characteristics, shown in Fig. 4.3. e b is the beam 

rotation at any stage of loading. Prior to yielding 8
b 

represents 

the elastic rotation occuring in the beam. At yield, 9 b 

elastic~limit rotation for the coupling beam. After yielding Elb 

represen ts the yield rotation 0 by and the plastic rotation, (1 bp 

(is" 9b=8by+8bp). 

In the laminar analysis the compatibility condition for the 

vertical displacement at the mid-point of the laminae was shown to be 

satisfied 74 when 

d m + d a 

where d ::: di 
m 

acement at the midpoint of the lamina due to 

flexural deformations in the wall 

= displacement at the mid-point of the lamina due to the 

laminar deflection 

d = differential displacement due to axial forces in 'he 
a 

walls 

The displacement at the mid-point of the lamina due to flexural 

deformation of the wall is 

d m 
:: ::: 

ldY2 

dx 

in accordance with the assumption that the mid-points of the lami 
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between (c) and (a) 
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the plastic rotation at the base 
after the onset of yield jn the 
wall. 

FIG. 4.4 ROTATIONS OCCURRING IN THE WALL 



are points of contraflexure. !!z 
dx represents the slope of the wall. 

The beam displacement, db' is 

beam rotation, e b ,. as 

expressed in terms of the 

•.. (4 3) 

Substituting Eqso (4.2) and (4.3) in Eq. (4.1) the beam rotation 

at any stage of loading is 

e 
b 

••• (4.4) 

The ductility of the coupling beam, ~ b is defined as the ratio of the 

rotation of the coupling beam, Sb' at the stage for which the 

ductility is computed, to the yield rotation of the coupling beam, Sby 

e 
i .s • = 

by 

An estimate of Sby can be made using the analysis presented in 

Chapter 3 

(b) 

The meaning of the wall rotation, e , 
w 

is defined in Fig. 4.4 

It is given by 

where q> 

e 

e 
w 

:::: curvature 

H 

J CPds 
o 

,.. (4.6) 

is the wall rotation at any stage of loading relative to 

the original vertical .axis. 

base. 

The plastic hinges in the walls are likely to develop at the 

It was shown in Chapter 3 that the strain limit e ::: 0.002 
c 

and est:::: 0.0018 could be taken as the elastic limit strain for the 

walls. Up to this limit the curvatures do not vary significantly for 



a small increase in either axial load or moment. The rotation, 

of the wall at this elastic limit stage is e 
wy Beyond this 

I t the increase in loads and moments for an increase in the 
I 

rotation of a wall section negligible. Thus the assumed load-

e 
w 

moment-rotation interaction for a wall section is as shown in Fig. L'.5. 

The flexural rigidity, EI of the cracked section is used to 

evaluate the elastic limit rotation 

H M 
e wy S x dx 

(EI)eff 
•• (4.7) 

o 
where M is the moment at any level when the critical wall section x 

at the base reaches yield. Thus M , when x = H is 
x 

the yield moment, 

The elastic 1 t rotation, 

M 
y 

e wy is shown in Fig. 4~6 a. 6. wy is 

the deflection at the top of the wall when the critical section reaches 

yield curvature. Till the yield curvature is reached, the slope of 

the wall at the base is assumed to be zero (full fixity) The elastic 

limit rotation, 9 , is measured as the angle between the t (0 ) wy 

drawn to the loaded de formed position of the wall (b) at the top at 

the instance of critical section reaching d curvature and the 

unloaded position (a) of the wall. 

Fig. 4.6.b shows the position of the wall at a stage when the 

tic hinge formed at the base of the wall has rotated by an angle 

e Beyond the elastic limit, the entire rotation is assum8d to wp 

take place at the hinge at the base of the wall. This assumption is 

critically examined in Section 4.4. e is the plastic 1'0 tion and wp 

6 is the deflection at the top floor due to this 
wp 

tic hinge 

rotation. The plastic rotation, e ,is measured as the 
wp 

e between 

the tangent (d) for the loaded position of the wall at the baso and 

the unloaded position of the wall (a). 



FIG. 405 ASSUMED LOAD-MOMENT-ROTATION RELATIONSHIP 
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FIG. 4.6 GEOMETRY OF ELASTIC LIMIT AND PLASTIC 
WALL ROTATIONS 
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From the geometry of Fig. 4.6.b. it is seen that 

e = e + w wy p 

where e = w total wall rotation as defined in Fig. 4.4 

e = elastic limit rotation of the wall wy 
e 

wP plastic hinge rotation which occurs after the onset of 

yielding at the base. 

The ductility of the wall, ~w' is defined as the ratio of the 

rotation of the wall, 

rotation, e I i.e. wy 

9 ,at the stage considered, to its yield w 

e 
w e-
wy 

The rotation of the topmost section of the wall is used to 

compute the member ductility of the tension and compression walls instead 

of the top floor di ement in order to differentiate between the 

ductility demands of tension and compression walls. 

(0) 

For the purpose of ductility studies it is assumed that the top 

floor displacement, when the cri cal coupling beam reaches yield, defines 

the yield displacement. ~ shown in Fig. 4.7. The dotted line is the 
y 

idealised theoretical bilinear behaviour. 

of the idealised bilinear curve. 

~I 1S the yield displacement 
y 

The overall displacement ductility for the shear wall, ~o is 

defined as the ratio of the top floor displacement at the stage 

considered, to the theoretical yield displacement of the top floor, 

for the idealised bilinear behaviour, i.e. 

6 
s 
~ 

Y 

where 6 is the top floor deflection of the shear wall. 
s 

••• (4.10) 



FIG 4 7 DEF'INITION OF OVERALL DISPLACEMENT DUC'l'ILI'ry 

(a) (bJ') (b.iI) (c) 

FIG. 4.8 TYPICAL CASES OF HINGE FCR~ATION 
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The alasto-plastic examination is ended to expose the ductili 

demand of the coupling beams and the walls. The history of the 

structural behaviour is followed t.hrough s of incremental loading 

till the mechanism has formed and the required overall ductility has been 

obtained. The various of analysis are designated by the letters 

as shown below: 

a 

a Design load corresponding with code requirements 

b i = Critical coupling beam reaching yield 

b. - jth coupling beam reaching yield 
J 

b Last coupling beam reaching yield 
n 

c Capacity of tension wall attained 

d Capacity of compression wall attained 

e The speci ed overall ductility is attained 

The structure e s a code preseri bed 

static d load All parts of the structure are "elastic:"0 

The stresses and deformations in the various components are obtained 

from the elastic nar described in r 2 

Up to this at th 

linear load-deformation relationship is applied to the coupling beams 

This stage occurs before the capacities of the walls are attained. 

b. This is an intermediate 
J 

in the plastification of the coupling system. Some of the beams 

in the critical region have already exhausted their ability to accept 

fUrther shear. 

still be elastic. 

b 
n 

The coupling beams at the and/or at the bottom may 

At this stage 

asti cation is assumed to have spread over the height 0 the structure 

while each beam sustains its yield capacity. Beyond this stage any 



further increase is possible only by increases in wall moments M1 

If wall 1 and wall 2 had already yielded, this stage 

represents the attainment of ultimate load of the shear wall. 

If the plastic hinges at the base of compression and tension 

wal~had developed before stage b 
n 

it is possible to increase the 

load on the structure till the stage b is reached provided the 
n 

hinges formed at the base of the walls are capable of maintaining 

the loads and moments on them. The increase in loads causes larger 

axial force to be transmitted till the stage b 
n 

is reached. Under 

this axial force the moment capacity of the tension wall is likely 

to be reduced and that of the compression wall is likely to be 

increased (assuming that yielding of tension steel governs the 

failure) 0 This effect on the wall hinges is neglected The wall 

hinges are assumed to rotate at the constant ultimate moment M1u 

and M2u and the increase in load is assumed to be resisted by the 

increase in the IT component after the formation of wall hinges 

The load at which the tension 

wall critical section reaches yield curvature is designated as s c. 

If the capacity of Bome or all the coupling beams have already been 

exhausted, it is assumed that the plastified beams maintain the 

ultimate shear during subsequent rotation in accordance with the 

assumed bilinear elasto-plastic behaviour. 

d The load at which the c on 

wall critical section reaches yield curvature is designated as stage d 

This usually occurs simultaneously with the formation of hing~ at 

the base of the tension wall. The reasons for this are discussed in 

Section 4.3.3. 

e After all the 

plastic hinges develop, any further rotations which may occur at the 

base of the wall will induce proportional rotations in each coupling 

beam and increase the displacement at the top floor. 
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For computing the rotations at various stages of incremental 

loading~ the finite-difference approximation to laminar analysis is 

usedo When the structure carries the code prescribed equivalent 

static design load~ in accordance with elastic behaviour, rotations 

of the laminae, at the stage a, are proportional to the laminar 

shear, q. 

The next incremental loading brings the critically situated 

coupling beam b
1 

to its elastic limit. The rotations of the 

beams and .the walls, just prior to the onset of yielding, are 

computed based on the elastic behaviour of the shear wall. This 

load stage terminates the "linear elastic" behaviour of the shear 

wall .. 

In general, the additional load, . I required at any stage 

of loading for the next set of hinges to form in the c beams 

or the hinge to form at the base of the walls, on the hinge 

or hinges formed ously Three cases shown in Fig. 4 8 may 

arise. The distances a and b are varied between the liffiits 0 

and H depending on the height over which the laminae have reached 

their capacity 

The laminae in the region b > x > a (see 

have reached their ultimate capacity. Their ability to accept further 

shear is terminated by substituting for further increments 

the laminae in this region in Eq. (2 27). 

I ~7. 0 for 
x 

Ei thar the tension wall or the compression ."[.,11 may 

reach its flexural capacity first (see Fig. 4.8.b). The differenc 

equations for the various laminae are similar to those used in Case (a) 

The formation of hinges at the base of the walls introduces new 

boundary conditions at the base 



The differences in lateral deflections of wall 1 and wall 2 are 

due to different elongations of the coupling beams. These elongations 

are small compared to the deflections of the walls. Thus the slopes 

of wall 1 and wall 2 are approximately the same at any level. When 

one wall has yielded and the other wall is "elastic", fUrther 

increase in moments at the base of the structure has to be resisted 

by the "elastic" wall. However, the consequent increase in rotations 

for both the walls is the same. This rotation causeS the "elastic" 

wall to yield soon after the yielding of the other wall. Therefore. the 

stages c and d can be expected to occur very close to one anothero 

The boundary conditions at the base of the wall, when plastic 

hinge has formed only at the base of one wall, does not alter the slope 

compatibility of the two walls. Thus the step by step analysis itself 

leads to the formation of these wall hinges either simultaneously or 

very close to one another. Two boundary conditions arise under this 

categoryo 

(i) forms first (Fig. 4.8 b.i) 

The boundary condition for the flexible foundation derived in Eq. (2 44) 

was used Reference may be made to the notations with respect to the 

definition of terms. The mathematical model which includes the 

eqUivalent springs that represent the axial and rotatio,nal stiffness 

of the base of wall 1 and wall 2 can be seen in Fig. 2.22. Since the 

bases of both walls are assumed to remain at the same level the axial 

stiffnesses, The base section of wall 1 has lost 

its ability to accept further momentso Therefore, the rotational 

stiffness of the equivalent spring, ke,= O. Thus the boundary 

condition reduces to 

where ~ is defined by Eq (2.25a). 



1 

As in the previous case k = k = 00. The base section of wall 2 has 
01 62 

lost its ability to accept further moments Therefore, the rotational 

stiffness of the equivalent spring, ~2 z o. Thus, Eq. (2.44) 

reduces to 

T 1-z+ 1 
2h 

o 
T + 2h 

Z 0 
M 

o 
(4 12) 

When both the wall hinges have formed (see Fig 

4 8.c) the additional base moment, 6M I is assumed to be resisted 
o 

by the increase in the component IT at the base. z 

For this case Eq (2.47), derived in Chapter 2, gives the 

boundary condition. 

cal model described in the previous section enables 

an inc amental to be used for the is of coupled shear 

walls. At each load level the structure is redefined with hinges at 

the locations where the capaci had been exhausted 

model is used to illustrate successive hinge formatioD, 

moment redistribution and eventual collapse. The finite difference 

approximation of the laminar analysis, explained in Chapter 2, is used 

to obtain a numerical solution at each stage of incremental loading 

The flow chart. shown in Fig. 4.9, represents the various 

operations performed to obtain the loads and deformations at various 

stages of loading. The first part of the flow chart records the 

computation of the effective properties of the beams and the walls and 

solves the simultaneous equations resulting from the application of 

finite~difference approximation to the laminar analysis,to obtain the 

force resultants and deformations@ The sacond part is concerned with 

the determination of hinge location and the incremental load required 

to form the next plastic hinge with the associated deformations. ~he 
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third part redefines the structure with hinges at the probable locations 

and recomputes the effective properties for the next stage of loading 

A computer programme was wri tten to perform these' operations. The 

input necessary for the programme is 

1. The wall arid beam properties. 

2. Ul,timate shear, Qu, of the beam. 

3. The reinforcement details of the walls. 

Material properties, fl c and f 
Y 

The output from the programme for each incremental load is: 

1. Load and stage. 

2. Rotations of coupling beams and walls. 

30 Bending moment, shear and axial force variation with height 

for the walls. 

4. Beam shear variation with height. 

5 Location and sequence of hinge formation. 

6 The top floor displacement. 

In addition to homogeneous and isotropic material behaviour. the 

following assumptions are made. 

1. A parabolic concrete stress-strain curve. 

2. A bilinear stress-strain relationship for steel. 

For computing the deformations, the load-moment-curvature relationsh~p 

based on the method suggested in Chapter 3 was made use ofo 

In particular, the following two cases of steel behaviour were 

studied. 

(a) A perfectly elastic-plastic steel behaviour. 

(b) A perfectly elastic behaviour up to yield limit. A 15% 

increase in yield strength at a strain of 15 times yield 

strain. This increase was assumed to be linear 

commencing from yield point. 
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The numerical examples in Section 4.5 demonstrate the 

application of the full range elasto-plastic analysis of a coupled 

shear wall structure. 

4.4 DEFORMATION ALONG THE HEIGHT OF THE TENSION AND COMPRESSION WALLS 

Fig. 4.10 shows the typical moments and curvatures along the 

height of tension and compression walls at ultimate load. In the 

slasto-plastic analysis it was assumed that the entire plastic rotation of 

the walls takes place at the hinge at the base of the walls. The 

region with the curvatures greater than yield curvature, f!) 
y 

, does 

not occur just at the critical section. The inelastic deformation is 

spread out over a finite length. The rotation e along the height of 

the member is given by 

€I :;,:.. J ep dx 

where eo is the curvature of the section. Therefore, the area of the 

curvature diagram gives the rotation occuring between the ends of the 

member. The curvature distribution is divided into elastic and 

plastic regions as shown in Fig. 4 10.e and f. The idealised curvature 

at the elastic limit assumes cracked sections the height of the 

membero 

The yield rotations at the base of the tension wall and 

compression wall could be calculated as 

9wyt :::; J (M 1)x 
dx 

( EI 1) eff 
Q • (4.14) 

and 

e J 
(M2 )x 

dx := 
(EI 2 )eff wyc e. (4.15) 
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where (~1)x and (M2 )x = moment at any level in the tension and 

compression walls when their bases attain 

e wyt 

e wyc 

yield curvature respectively. 

= the tension wall rotation when the critical 

section at the base of wall 1 reaches yield 

curvature. 

the compression wall rotation when the critical 

section at the base of wall 2 reaches yield 

curvature. 

The shaded area of Figs. 4.10 .e and f show the extent of inelastic 

rotations which occur at the plastic hinges in the tension and compression 

walls. ~ and ~ represent the ultimate and yield curvatures for uc yc 

the critical section of the compression wall. ~ut and ~yt represent 

the corresponding curvatures for the tension wall. The shaded area 
I 

for the compression wall is replaced by an equivalent rectangle of 

width eo = q> 
ue yc and height Lp & 

C 
The shaded area for the tension 

wall is replaced by an equivalent rectangle of width t'put - q>yt and 

height LPt • The heights and LPt are the equivalent lengths 

of plastic hinges over which the plastic curvatures are assumed to be 

constant for the compression and tension walls respectively. Hence 

the plastic rotations for the compression and tension walls are 

.. (4.16) 

and 

(4.1'7) 

The compatibility condition requires that the deflection, ~j 

at the top of wall 1 and wall 2 are sensibly equal. The top floor 

deflection can be expressed in terms of the curvature of the wall as 

h 

J 
o 



~~--- x dx + (~ - ~ ) Lp (H - 0.5 LP) ••• (4.18b) uc yc c c 
o 

Since the plastic rotations are large compared to the elastic 

.all rotations, the elastic rotations are neglected. Thus the 

compatibility equation reduces to 

(~ut - ~yt)LPt (H ~ 0.5 LPt) = (~uc - ~yc)LPc (H - 005 LPc) .•.• (4.18) 

The length of the plastic hinge is small compared to the height 

of the structure. Therefore 

Thus, 

H - 0.5Lp 
c 

(~uc ep ) L 
yc pc e 

wp 

.. 

(4.20) 

where e represents the rotation occurring at the plastic hinge. wp 

Fig. 4011 shows the plastic deformations occurring in the 

compression and tension walls after the formation of the plastic hinges. 

e is the plastic rotation at the base. The elastic deformations wp 

of the walls are not shown. Lpc and LP t are the lengths of astie 

hinges for the compression and tension walls respectively, and is 

the distance between the centre lines of the wallse 

From the geometry of this figure it is seen that 

;;;: Lp 
c + Ie wp •• , (Lr.21) 

This shows that the length of the plastic hinge for tension wall 

is more than that of the compression wall by an amount Ie wp 
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Substituting this in Eq. 4 20 the following relationship between 

the curvatures of tension and compression walls is obtained 

1 e 
wp ) 

Lpe 
•• (4.22) 

This shows that the post-elastic curvature for the compression 

wall is always larger than that of the tension wall. 

In Chapters 6 and 7, the curvatures and the length of plastic 

hinges, observed during test for the shear wall models A and B, are 

used in Eq. (4.20) to compute the plastic rotation at the base of 

walls 1 and 2. In these chapters it will also be shown that the 

relationship between observed length of plastic hinges (L t and L ), 
p pc 

the yield curvatures (~ t and ~ ), ultimate curvatures y yc (~ t and ~ ) 
u uc 

for the tension and compression walls and the plastic rotation, A at 
wp' 

the base of the walls are in accordance with Eq. (4.22). 

4.5 NUMERICAL EXAMPLE 

To illustrate the application of the proposed elasto stic 

analysis, a 10 storey shear wallis considered. The dimensions of the 

shear wall can be seen in Fig. 4.12.a. The period, T ~ of the 

building for which this shear wall was intended, was estimated to be 

1.15 secs. The building was to be built in Wellington, New Zea~and. 

For this period, and for this location, the New Zealand Standard Model 

75 
Building Bylaw (NZSS 1900 Chapter 8:1965) recommends an equivalent 

lateral static force corresponding with 0.072 g • The coupl d 

shear wall was subjected to this base shear and the distribution of 

loading is as shown in Fig. 4.13.b. The coupling beams were provided 

with principal diagonal reinforcement. The dimensions of the 

coupling beams,and the reinforcement provided in them, varied along 
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the height of the shear wall to approximately correspond with elastic 

laminar shear variation. A load factor of 1.25 was used while 
I 

designing these beams. Fig. 4.12.b. shows a typical coupling beame 

The reinforcement details and the shear strength of these beams are 

summarised in Table 4.1. The reinforcement provided in the bottom 

floor of the walls is shown in Fig. 4.12.0. A load factor of 1.69 

was used for the design of the walls. 

The elasto-plastic analysis proposed in Section 4.3.5 was used 

to predict the behaviour of this coupled shear wall. The results of 

this analysis are shown in Fig. 4.13. 

Fig. 4.13.a shows the load-top floor displacement curves for 

the shear wall. Curve A represents the load-displacement curve for 

the shear wall in which the beams are assumed to have linearly elastic 

perfectly plastic bilinear relationship. Curve B represents the load~ 

displacement curve for the shear wall in which the beam steel is 

assumed to have a hardening of 15% at a strain of 15 times the 

yield strain of steel. It is seen that this assumption increases 

the ultimate load of the shear wall by approximately 11%. The broken 

curve C represents idealised bilinear behaviour of the shear wall. 

On the curve A, different stages of attainment of ultimate capacity 

are also shown. It is seen that stages c and d occur close to 
~ 

each other. Stage b , which is the full plastification of the 
10 

laminar system, occurs after stages c and d. Thus at stage b 10 the 

shear wall attains its full load capacity. 

Fig. 4.13.b shows the sequence of hinge formation. The strengths 

Qfthe.beamswerevaried to correspond approximately with the elastic 

laminar shear distribution. It was pointed out in Chapter 3 that 

that portion of yield rotation which is dependent on the steel content 

in diagonally reinforced beams is insignificant. Therefore, the 

• For definition of load stages see page 148. 
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yield rotation of all the coupling beams is almost the same. The 

critically situated coupling beam (fourth floor beam) reaches yield 

first. The tension wall hinge develops ~fter 8 beams (from the 2nd to 

top floors) have yielded. The formation of 9th, 10th and 11th hinges 

are almost simultaneous. The first floor coupling beam was the last 

to reach ultimate capacity_ 

The laminar shear variation during different stages of loading 

is plotted in Fig. 4.13.0. The thick line shows the strengths of 

the coupling beams provided. 

Fig. 4.13.d shows the variation of bending moments along the 

height of the structure during different stages of loading. After 

stage c, there is a small increase in moments of wall 1 along the 

height of the structure. However, there is no increase in moment at 

the base. Similarly, after stage d there is a small increase in 

moments of wall 2 along the height of the structure. The increase 

in moments at the base is zero. 

Fig. 4.13.e shows the variation of beam rotations along the 

height of the structure during different stages of loadingfl Stages c 

Bnd d occur very close to one another. Stage e represents the 

total beam rotations when the top floor. displacement is 4~y' (see 

Fig. 4.13.a). The broken line curve indicates the yield rotations 

of the various coupling beams. It is seen that the ductility demand 

for the critical coupling beam is 

~b (max) = 8.25 

Fig. 4.13.f shows the moment-rotation curves for the tension and 

compre on walls. e 
yt and represent the yield rotations for 

the tension and compression walls respectively. The maximum member 

ductility for the tension wall is 



~wt 3.40 

The maximum member ductility for the compression wall is 

IJ.wc = 2.64 

Fig. 4.13.g shows the load-moment-rotation relationship for 

the tension and compression wall. This figure shows that the 

increase in axial load sustained by the wall after the walls reach 

yield is negligible. 

This shear wall was designed with the approximate method of 

5 Paulay • In this it was assumed that all the coupling beams 

would yield before the capacity of the walls is attained. 

It can be seen from Fig. 4.13a that the walls begin to yield only 

at a high load of 97% of theoretical ultimate after all but the 

bottom coupling beams have attained their capacity. This shows 

that a considerable amount of total energy can be dissipated by 

the plastification of the coupling system while the walls are still 

"elastic It. 

Fig. 4 13.b shows that the coupling beams in the bottom two 

floors are elastic when the walls reach ultimate load. By either 

increasing the capacity of the walls or decreasing the capacity of the 

coupling system this shear wall could be redesigned so that all but the 

bottom floor coupling beam may yield before the walls attain their 

capacity. The actual failure load of the shear wall,when the strain 

hardening of the steel is considered,is of the order of 1.12V". By 
P 

redesigning the shear wall, the stages c and d may be made to 

approach this ultimate load. This would give further protection for 

the walls against the irrepairable permanent misalignment during 

moderate earthquakes. However, it is to be noted that it might not be 

possible to design so as to make the bottom floor coupling beam yield 

before the walls reach their capacities. Unlimited rotation in the 
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in the lamina close to the base of the walls cannot be expected to occur 

when the walls are elastic. V· is the theoretical ultimate base 
p 

shear on the prototype structure chosen in this example. 

The broken line curve in Fig. 40 13.a shows the approximate 

theoretical bilinear elasto-plastic behaviour of the coupled shear wall. 

This assumes that the shear wall is elastic till the theoretical ultimate 

load V~ 
P 

is attained. The stiffness of the shear wall in the "elastic" 

range is assumed to be constant till the ultimate load is attained. 

This constant stiffness is computed in terms of the top floor deflection 

of the shear wall when the cri tical lamina reaches yield (A:= 1.00"). 

Thus the deflection at the onset of yield for the assumed bilinear 

behaviour (broken line curve) at v'· p :::: 1.00 is 6.' := 1.5". y The 

evaluation of the overall displacement ductility for the shear wall was 

based on this theoretical yield deflection. However, the inelastic 

deflections commence when the critical lamina reaches yield. If this 

de flee ti on (6. y 1.00) is taken as the basis instead of 6' for the y 

ductility studies, the maximum deflection computed for stage e would 

correspond to a ductility factor of 1.5 x 4 = 6 at ultimate load, 

V* '" 1.00 
P 

For the example this ultimate load 1 5 times the load at 

which the critical lamina reaches yield. If it is desired, the shear 

wall could be redesigned with smaller overload factors for the beams and 

walls so that the ultimate load is of the order of say 1.25 times the 

load at which critical lamina reaches yield. At this load the ability 

of the beams and walls of the shear wall to sustain the required post-

elastic deformation for an overall ductility factor of 4 can then be 

ascertained. 



CHAPTER FIVE 

TEST SPECIMENS, MATERIALS, LOADING SYSTEM 

AND TESTING PROCEDURE 

5.1 THE TEST SPECIMENS 

The dimensions of the coupled shear wall test specimens are 

shown in Fig. 501. The thickness of the walls was 4 in. and that 

of the coupling beams 3 in. The reaction was supplied by a 6 in. 

thick base block. 

The base block was reinforced in such a manner that steel 

stresses were of the order of 15000 psi when the ultimate strength 

of the shear wall was attained. It performed satisfactorily during 

the test At high load intensities a few diagonal cracks did appear 

Fig. A.1 in Appendix A shows a typical bay of a prototype 

seven storey shear wall structure. In Section A.2 of this Appendix 

the equivalent lateral seismic load for this prototype wall is 

compared with the theoretical ultimate loads on the models. The 

specimens represent a quarter scale model of this prototype shear 

wall. The prototype shear wall structure is designed to resist the 

lateral load corresponding with the mass of 5 bays, each 20' ~O" wide 

The load pattern on the shear wall was chosen so as to simulate, 

as nearly as possible, the. code load distribution as required by the 

New Zealand Standard Model ~uilding Bylaw 75 • Details of the moment 

and shear force patterns are recorded in Fig. 5.5. 

The dead load on the shear wall was simulated by forces applied 

by two prestressed cables, one at the centroid of each wall. A force 

of 25 Kips was applied by these cables. A comparison of the stresses 

produced by the dead load in the prototype structure at the base of 

the walls and that produced by the prestressed cables in the bottom 
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floor walls of the models is made in Section A.1., Appendix A. 

5.2 THE CONCRETE 

The concrete was obtained from a IIready mix" plant in 

Christchurch. The concrete mix proportions are given in Table 5.1. 

While placing ,the concrete was compacted by an immersion type vibrator. 

After screeding and floating the specimen, the test cylinders, cubes 

and the temperature blocks were cured for seven days under a layer 

of wet sack covered with a polythene sheet to minimise evaporation 

losses. The relevant concrete strengths and other properties are 

assembled in Table 5.2. 

5.3 THE REINFORCEMENT 

The disposition of the reinforcement used in the models can be 

seen in Figs 502 to 5.4, and in the photographs reproduced in Figs. 

5.6 and 5 7 Typical stress=strain curves for the bars used in these 

shear walls are assembled in Fig. 5.8 

summarised in Tables 5.3 to 5.5~ 

Their properties are 

Both the models, Shear Wall A and Shear Wall B, had similar 

reinforcement in the two walls. The beams of Shear Wall A had 

conventional reinforcement for shear and flexure (see Fig. 5.3). 

The coupling beams of Shear Wall B contained diagonal bars together with 

nominal secondary reinforcement. The diagonal bars were tied and the 

concrete in the diagonal was confined by a 12 gauge wire spiral at 

i in. pitch (see Fig. 5.4). 

The main bars of the walls were taken right through the base 

block (s~e Fig. 5.6). There they were welded to a rolled steel channel 

EC. To sustain the larger moment at the centre of the base block 

additional bars were provided. To ensure continuity these bars were 

welded to the channel and to the shear reinforcement in the block at 

the other end. To relieve the stress concentration at the central 
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TABLE 5.1 CONCRETE MIX PROPORTIONS 

1 Water-cement ratio 0.576 

2 Cement content 430 lbs/cub. yd. 

3 Aggregate-cement ratio 15.3 

4 Fines modulus of sand 2.635 

5 Fines modulus of aggregate 6.523 

6 Date of casting: 

Shear Wall A 7-8-72 

I Shear Wall B 20-11-72 I , 
I 

I 7 Date of testing: 

I 
! 

Shear Wall A 19-12-72 
I 

1 

Shear Wall B 1-6-73 

CONCRETE PROPERTIES 

Symbol Units B 

Age when tested days 135 

(1 ) fl psi 5280 5536 Cube strength 
cu 

Cylinder (2) fl psi 4576 4352 strength c 

Strength ratio f I If I Oe865 0 0 788 ,c cu 
) 

Modulus of rupture(3 fi psi 758 778 t 

Density y Ibs/ft 3 143 144 

Notes: (1) 6" x 6" x 6" Standard cubes. 

(2) 12" x 6" Standard cylinders. 

(3) 311 x 3" X 1211 Standard prisms. 
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TABLE 5.3 THE POSITION AND PROPERTIES OF REINFORCEMENT USED IN THE WALLS OF BOTH SHEAR WALLS A AND B 
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i i li1A 

3rd j 20. 41 110 i 2 i 3.49 0.70144.2 I 68 4 I 3t 0.88 51.0 72.2 0.26 49.8 70.7 ~ ~ 240 
Cl 

~4_th-+r_2_1_.1_0~j __ 8 __ ~i~_2 ___ ~i; _2_._79 __ +i __ 0_.7_0_+I:_4_4_.2~;_6_8_.4-+1 ____ 4 ____ +i,_0_._6_7 __ ~1 _5_1_._0~7_2_._~r-_0_.2~5-+~4_9_.8~_7_0_.7~ ~~ 240 

5th j21.781 6 : 2 12.09 ! 070144.2; 68.4 It ; 0.67 51.072.21 0.24 49.8 70.7 ~~ 240 

6th i 22 ! 4 i 2 ,1. 39 0.70 1 44 •2 i 68.4 6 ! 0.44 51.0 72.2
1 

0.23 49.8 70.7 5 ~ 240 
, ! 00::: 

7th 122.471 4 j 2 1.39 0.70 i 44.2: 68.4 6 1 0.44 I 51.0 72.2 0.23 149.8 70.7 r:r....... 240 

NOTES: (1) Based on actual area of 5 bars 

(2) Average of six representative specimens tested 

(3) Plain Bars 

(4) Deformed Bars 

Indicates nominal diameter of deformed bar in multiples of i inch. 
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NOTE: 
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SECTION A - A 
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denotes plain round bars 
denotes deformed bars 

For levels of sectiODG see Fig. 5.1 

re inforcement 

FIG. 5.2 DETAILS OF REINFORCEHENT IN THE WALLS. 

174 



t 
05" rr:;;=:::;;:~l r . 

12" 

SECTION EE 

FIG 5.3 COU?LHJG BEAH REINFORCEJV'ENT IN SHEAR WALL A 
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FIG. 5.4 COUFLING BEA~ REINFORCEMENT IN SHEAR WALL B 
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LOAD PATTERN 

Load 

for load reversal 

for 

for code load 

BENDING MOMENT 

R 

Position of model during 
reversed load ing 

FIG. 505 LOAD PATTERN FOR THE fJIODELS 



FIG. 5.6 DISPOSITION OF REINFORCENENT IN SHEAR V~ALL A 

FIG. 5.7 DISFOSITION OF REINFORCEMENT IN SHEAR WALL B 
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Shear Wall A and Shear Wall B 
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Shear wall A and Shear Wall B 
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loading pin, No.8 bars were welded to the collar, COe Sufficient 

shear connectors, SC, were provided on the channel face to avoid 

sliding shear failure. 

5 "It THE LOADING SYSTEM 

The photograph reproduced in Fig. 5.9a shows the loading syst~m 

consisting of seven frames with all attachments. A schematic diagram 

of loading and load measuring devices can be seen in Fig. 5.9b. The 

working of the double cantilever loading system is summarised below: 

(a) The loads P 2 and 
Vb 
~ (See Figs. 5.9b and 5.5) 

applied by four 10 ton capacity jacks connected to a common pressure 

source. Vb is the base shear across the shear wall modela The 

reaction R = 2Vb was supplied by a 60 ton capacity jack, from a 

separate pressure source. For static equ ibr~um of the desired 

forces acting on the shear wall and steel frame(see Fig. 5.5). 

R 2P 
1 + + '" 2Vb 

and 

P
1 

Vb 
=: 

3 
.. 

were 

(b) The base block~ B, was restrained by the steel truss, T, 

so that the moment produced by the loading on the shear wall could be 

balanced by an equal opposing moment (see Figs$ 5.5 and 5.9). 

(c) The truss, T , was designed to remain elastic when the shear 

wall was subjected to plastic deformations. The deflections of the 

shear wall were found relative to the position of the base block~ as 

indicated in FigQ 5.10. The maximum end deflection, 6. A ' anticipated 

during loading, was of the order of 20 in. The rotation of the truss 

enabled the shear wall to have an end deflection of about 30 in. when 

the deflection at the base block, 8, was 12 in. 



.~ 

Reference may be made to page 182 with respect to notation5used to represent the 
various components of the loading system 

FI G. 5. 9 • ( a ) DOUBLE CANTILEVER LOADING SYSTEM, SHEAR WALL A AFTER FAILURE 
AND SHEAR WALL B LINED UP FOR TESTING 



C 

CV2 

I 

IH 
I 

A - Quarter scale model of a seven storey s~ear~--~~ 
wall; T - Steel truss to counterbalance forces 
acting on the model; P , - Static loads 

ed to the model Forces ed 
e centre of the , R - The central 

reaction; N - The central pin facilitates the 
base block to rotate ; H - Hanger rods 
allow the 
X - Roller support 
Block; Y - Yoke to 

- Base 
the reaction R. to 

the ,N; GC - Guiding c~annels 
ensure the reaction, R to be 
vertical; JL, J, P.J. - 60 ton, 
10 ton and Prestressing Jacks 
respectively; Lee, Le, LOP - 60 
ton, 10 ton and 12 ton load cells 

I 

'H I 

o 0 

respectively; MB, AB - Main and 
auxiliary strain bri i NSB? 
ASE - Main and auxiliary switch 
boxes; HP - Hand Pump; RM - Riehle 
machine; CV1,CV2 - Control Valves 
to Riehle machine and hand pump; 

Electri~al leads; 

========= Oil pressure leads. 
e - Cross beams. 

SOEENN1'IC DIAGRAi:cl OF LOAD:i:NG &: LOAD NEAS'CRING DEVICES. 



NOTES: 

B 

Shear 

AA - Initial tion of reference line. 
BB - Position of reference line during est. 
8 - Deflection at the 
6 - End deflection of shear wall. 

Dial gauge location in elevation. 
o Dial gauge location in an. 

FIG ¢ 5 10 DEFLECTION OF SHEAR WALL. 

Steel 



1811 

(d) An end deflection of 20 in. imposed horizontal movement of 

2~5 in. at the extreme fibre of the modele The jacks t J, and the 

load cells, LC, were placed at the bottom of the cross beam, C, and 

the loads were applied by pairs of hanger bars, H. The hanger bars 

allow rotation about the hinge at the load point and the lateral 

movement of the model (see Fig~ 599). 

(e) The reaction, H, was applied through a 6 in. diameter 

steel pin, N, which rotates in a collar, CO, (Fig. 5.6) cast in the base 

block. This enabled the free rotation of.the base block. The pin 

was connected to a yoke, Y. The lateral movement of the yoke was 

prevented by two rs of guiding channels, GC, within which the yoke 

would freely move, up or down0 

vertical. (See Fig. 5.9). 

This ensured that the reaction R was 

(f) The shear wall model was restrained against buckling by a 

system of rollers, X These rollers slide over the steel channels 

connected between the top and bottom cross steel beams. (See Figo 

(g) stressing to the walls was applied using screw jacks 

This enabled the adjustment of the force during 

testing. This force was checked by the load cell readings and 

adjusted when necessary. The stresses produced by the gravity loads 

in the prototype wall varies along the height of the structure. In 

the models, a constant force of 25 Kips was applied at the centre line 

of the walls by the prestressed cables. This ensured that the base 

of the walls of both the model and the prototype shear wall were 

subjected to the samB order of stresses. However, in the upper floors 

the stresses produced by the gravity loads in the prototYre shear wall 

are less when compared with those produced by the constant prestress 

in the model. The stresses produced by the gravity loads are small 

when compared with those produced by the equivalent seismic lateral 

load. Thus, the above limitation is not likely toalter the overall 

behaviour of the model. 



" 

FIG. 5.11 

NOTES: 

" 

1. ~II ¢ steel duct. 
2. Screw jack. 
3. Turning handle. 
4. S.K.F. bearing. 
5. Load cell. 
6. FreysLet anchor grip. 
7. Prestressing strand 

4 - 0.272 in. 

( ) .--.------------------~-

DETAILS OF PRESTRESSING JACK 
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5.5 INSTRUMENTATION 

~ 

Demlc mechanical strain gauges were used to measure the elongation 

of the reinforcing bars over 4 in. base lengths in the walls and over 

2 in. base lengths in the coupling beams@ Steel studs were welded on 

the reinforcement at the desired base lengths. A plastic tube was 

placed over each stud and the base of this was sealed with bituminous 

compound against entry of fluids. A few days after the test specimen 

was lifted from its form work, the plastic tube was removed so that an 

approximately ~!!gap was left between the surrounding concrete. and the 

steel stud. This arrangement- ensured free movement of the stud 

during test. Drilled stainless steel plates were attached to the ends 

of these studs to receive the points of the Demac gauge. 

Five dial gauges were used to measure the free end deflection of 

the shear wall relative to the base block. Details of these may be 

seen in Fig 5.10 In the interpretation of the results due 

allowance was made for the rigid body movements of the specimen. 

The movements of the centre line of the walls and the reference 

line on the base block (see Fig 5.10) were observed by two single 

second theodolites during testing. Using these observations the 

following deformations were computed: 

1. Transverse (vertical) deflection of the centre line of the 

walls. 

2. The rotation, a
b

, of the coupling beam. Reference may 

be made to Section 4.3.1, Chapter 4, for the definition of the coupling 

beam rotation, 9b • 

3. The elongation of the coupling beam along the beam axis 

between the wall centre lines. 

4. The elongation of the walls at any chosen point on the centre 

line of the walls relative to the base reference line (see Fig. 5.10) 



Details of the computation of these deformations are summarised 

in Appendix B. 

The 60 ton capacity hydraulic jack was fed by a hand pump0 

'I'he load was measured by a load cell placed on the jack as shown in 

Fig. 5 9b. The 10.ton jacks were fed by a 10,000 psi capacity Riehle 

testing machine, which maintained constant oil pressure over 2.07 sq. 

in. of ram area. or to testing, the Riehle pressure was also 

checked. At each increment the load was gradually applied in the 

following sequence: 

1 • Increasing the Riehle pressure to apply the desired loads 

and 

2. While maintaining the loads at P2 and P
3 

applying the 

reaction R by the separate hand pump. 

3. Checking the load cell readings to ensure the desired load 

P1 had also developed 

4. Adjusting the prestress simulating ty load j if 

necessary 

5. Making finer adjustments to the load distribution 

tightening or loosening the bolts on the hanger bars manually? to 

eliminate the errors introduced by friction within the hydraulic jacks 

6. Repeating step 3. 

7. Clos all oil valves and thereby cutting off the pumps 

from the circuit. 

The model was loaded in several cycles to destruction. In 

these cycles, the load was increased by predetermined increments from 

zero load to its maximum and then reduced to zero. A new cycle 

commenced when a similar sequence was followed with the load in the 

reversed direction. Fig. 5 12 illustrates the positive and ne iva 

directions with regard to the load application. 



p ~ Vb/3 

Rw Tw:: Weight of model Rw + 2Vb Ws :: Weight of 
+ t russ steel truss 

Positive load on Shear Wall - Shear Vg + Vb 

G)lOADS ON AR WALL DURING 

Weight of 

load on r Wall = 

W P+W p+w 

G)Negative load on Shear Wal Base 

LOADS ON SHEAR WALL DURING NEGATIVE INCREMENTS 

FIG. 5.12 LOAD DISTRIBUTION DURING POSITIVE AND NEGATIVE 
INCREMENTS 
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During positive loading, the model was supported as shown in 

The reaction, TIW' at the centre and the force, TW 

a t the ri t end balanced the weight of the shear wall and of the 

steel truss In this position the base shear, V 9 g 
on the model was 

estimated based on the self weight of the model. 'f1his posi tion was 

assumed to be the zero load position for positive loading. Fig. 5 12a(;i.i) 

shows the load distribution on the model at any load increment. The 

total base shear is the sum of the base shea.r due to applied loads " Vb ~ 

and self weight, v g , of the model The base shear which i 

associated with the deformations relative to the zero load position i 

Vb 

Dur negative loading, the model was supported as shown in 

The forces W I and W were such as to balance closely 

the self weight of the mod elOL -1- 2W '" self weight of the lJ1odel) 
1 

Thus 

the base shear in this position is zero. This position was assumed 

to be the zero load position for the reversed loading 12b( ii) 

shows the load distribution on the model at any load ncrement The 

base shear which is associated with the deformations relative to the 

zero load position is Vb. 

5.'5 4 

The cracks were located and their development followed af 

aoh load increment, with the aid of magnifying aBses 'l'he 

pI' ion of cracks was marked. When a significant DCCll 

in the crack pattern a photograph was taken A few of these are 

reproduced in this report. On the Burface of the speci ns th 

width of some typical cracks was followed with a microscope. 

5.5 5 

One 6 in. x 6 in x 18 in. concrete temperature ontrol block 

was provided with six 4 in. and six 2 in. gauge Ie Me me ts 

on these gauge points were made before 3nd after taking a s t 0 

readings on the shear wall At the particular load level, the mean 
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of these measurements was ed as the temperature correction to the 

steel strain readings. 

In the case of deformation measurements either with the 

theodolites or with the dial gauges, the net movements of the specimen 

were calculated relative to the base block Deformations due to 

temperature changes were considered to have had insignificant effect 

on the final results 

A few distance measurements were made under "no load" condition 

to establish the relative positions of the theodolite stations and 

the plane of the wall. These measurements were made with a survey 

steel band in accordance with standard procedures to ensure the 

necessary accuracy_ 

5 I o THE TESTING PROCEDURE 

Initially, several readings were made to determine the "no load lV 

values for the steel strain, dial gauge and theodoli re 

After the load was led to the model th measurements were generally 

taken in the following sequence: 

1. Checking the load distribution. 

2. Che the prestressing force. 

3. Riehle Pressure and load cell readings (P1 , P2 and ). 

4. Central load cell reading (R). 

5 Prestressing force W1 and W2 • 

7~ Dial gauge readings. 

When necessary: 

8& Demae gauge readings on the standard bar and ture 

control block over 2" gauge the. 

9. Coupling beam main steel strains. 

10. Repeated readings for temperature correction as n 8 

11 Demse gauge readings on the standard bar and ra tU.re 

ontrol block over IJell gauge 1 ngths 
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12. Wall flexural steel strains. 

13 Wall stirrup steel strains q 

14. Repeated readings for temperature correction as in 11. 

'15. Al ti tudes and bearing of the permanent fixed targets from 

the main theodolite. These targets are not on the specimen. 

16. Altitudes and bearings of the targets on the specimen from 

the main theodolite. 

17. Repeated readings as in 15. 

18. Bearings of the permanent targets from the auxiliary 

theodolite 

190 Bearing of 6 targets on the specimen from the auxiliary 

theodoli te • 

20. Repeated readings as in 18 

21. Locating and marking the cracks on both sides of the model 

22. Crack widths measured. 

Photographs taken 

24. Repeated dial gauge re as in 7 Lo show 

deformations under "constant" di 

Finally, at each increment: 

25. Prestressing force W1 and W2" 

26 Load cell readings (P
1

). 

27. Central load cell reading (R) 

28. Time 

ement 

ble 

The readings were recorded manually on standard data sheets 

and processed by a computer. 
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RESULTS OBTAINED DURING CYCLIC LOADING OF SHEAR WALL A 

6 1 GENERAL 

The results obtained during the cyclic loading of shear wall 

A are d. The cDupling beams of shear wall A were 

conventionally reinforced The primary object of testing shear 

wall A was to compare its behaviour with that of shear wall B. 

The ng beams of shear wall B were diagonally reinforced. 

The dimensions of the specimen, the details of the reinforeement 

and the properties of materials were included in ar 5 

6.2 ANALYTICAL ASSESSMENT OF FORCES AND MOMENTS IN THE 

COUPLING BEAMS AND WALLS 

Shear wall A was B r scale model of B 

walle All the c ing of the shear wall possessed 

shear 

nominal s both in flexure and shear The e timated force 

and moments on the model at ultimate load 

pattern defined in Ch 

arraS ng with the 

'llhese forces 

and moments Were computed using the elaeto-plastic s 

described in Chapter 4. Most of the coupling beams were expected 

to yield before the base of the walls reached 

The theoretical variation of laminar shear, during different s s 

of loading is shown in Fig. 6.1.a. The distribution after yielding 

is based on the aSBumption of bilinear load-deformation relationship 

for the beams. The symbols used to represent the different s 

in these curves are the same as those defined in Chapter 4. 

Figs. 6.1.b and c show the variation of axial force along the 

height of the model for the tension and compression wall at 

theoretical ultimate load The ordinates represented (1 )indicate 
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the force generated in the walls due to the accumulation of laminar 

sheara The ordinates(2)show the uniform compressive force n the 

walls due to the prestressing force of 25K, which was applied to 

simulate the dead load on the structure. The shaded area, whose 

ordinates are represented by(3).indicates the net 

walls. 

al force in the 

Figs. 6.1~d and e show the variation of shear force in the 

compression and tension walls. The stepped thin line variation 

indicates the maximum theoretical shear. The stepped thick line 

shows the variation of the reliable shear capacity provided by web 

reinforcement only. (The contribution of the concrete to shear 

strength has been neglected). 

Figs. 6.1.! and g show the variation of moments in the tension 

and compression walls. The curves are designated as follows: 

(a) Ultimate moment variation for the laminar model 

(b) Moment variation taking into account the di rete 

(c) 

(d) 

(e) 

(f) 

(g) 

(h) 

location of beams 

Approximate envelope for tive moments 

aced 

Des enve 

tive moment envelope for cut-off 

for negative moment 

f teel 

Displaced negative moment envelope for cut-off of steel 

Positive moment capacity provided 

Negative moment capacity provided 

The wall moment capacities shown (curves(g)and~») arB based on 

the reinforcement as provided taking into account the variation of 

estimated maximum axial forces in the walls (Fig. 6.1 b and c). The 

moment capaci of wall 1 in the second floor is more than its 

capacity in the first floor (see Fig. 6.1.f and g, stepped linss(g) 

and (h» eventhough the same amount of reinforcement waB provided at 

both floors This is due to a smaller axial tension in the second 

floor Fig 6.1.b). For the S8me reason the moment capacity 
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provided increases in the top two floors 

The moment capacity of the tension wall is sensitive to the 

amount of reinforcement provided at the outer face (tension face) of 

the wall Necessarily the same amount of reinforcement at the 

compression face of the compression wall was provided to supply the 

required tension force when the load Was reversed. 

The simulation of dead load by a constant prestressing force 

has resulted in a smaller axial tension at the top of the model 

walls compared to a prototype wall. The flexural reinforcement 

the model was curtailed along the height of the structure as shown 

in Fig. 5.6, the same way as it would have been done in the prototype 

wall. The excess strength in the top floor~ exhibited by the 

moment capacity curves, is due to excess axial c on in both 

walls. (See Fig. 6.1 b and c). In a prot shear wall the 

envelope for the tension wall would be closer to the demand 

at the top of the structure due to smal1e stresses 

associated with dead load. However, this would not s1 ficantly 

affect the behaviour of the shear wall. 

The reinforcement on th outer face f each wall wss ded 

to resist tension When the wall is in tension and c on when 

the wall is in compression. When the moment is reversed on the 

compression wall, the steel on the cuter face is subjected to tension. 

Under this loading condition the moment capaci of the section is 

very large. The moment capacity of th on wall with 

reversed moment (stepped line(h)in Fig 6 1.g) shows this excoss 

strength. It will be noted that a load-moment combination 

utilising this strength does not occur during loading. 



6 3 THE LOADING 

Th shear wall model was ected to static reversed cyclic 

loading " The load sequence is shown in Fig 6.2. The load acting 

from left to ri t, as shown in Fig. 6.2, is considered tive. 

Unfortunately, while the hydraulic loading system described in 

r 5 was being tested, inadvertently a considerable load was 

applied to the men. The c which formed as a consequence 

were marked '0' These cracks Can be seen :tn the photograph 

reproduced in (See the cracks during cycle 1). 

From the crack widths measured, (w 00060") it was evident that the 

flexural steel in the critical coupling beam had elded. However, 

the steel stresses induced in the walls remained below eld level. 

Readings taken in the "zero load ll position after the accidel1t 

were termed "no load" rea.dings In each cycle the load WaS increased 

by termined increments from zero loa.d to its maximum and then 

reduced to zero A new cycle commenced when a similar sequenc was 

followed with the load being ied in the other dire tion 1'he 

odd numbered cycles (see Fig. 6.2) refer to the ti11e direction 

of loading. 

The loading in the first cycle was in/~he same dire tion as the 

accidental loado During the first two cycles of moderate loading, 

the maximum load caused yielding of flexural steel in the 1st 2nd, 

3rd and 4th floor coupling beams It was less than the load 

red to yield the flexural teel in the walls These 1 Of HI 

cycles were followed by two "elastic" cycles in which the maxi/11ml! 

load was of the order of o. i where the theoretical ultimate 

base shear waS po!< :;: 51.6 Kips. 
u 

The two elastic cycles were then 

followed by 7 cycles of high intensity londing During each 0 f 

these cycles the model was loaded past the yield of the flexural 

steel in the walls till the ultimate load was reached or the re red 

overall di amant attainedo 'f'his di ement was such that the 
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overall displacement ductili factor attained during each of these 

cycles was approximately 3 or more (See Chapter 4, Section 4 3 ,.( ), 

for the definition of overall di ement ductility of the shear 

wall) During cycle 11, which was intended to be the last one, the 

load had to be brought down to zero as the jacks had run out of 

travel~ This resulted in the load for cycle 12 being i d n th 

same direction as cycle 11. During this last cycle the shear wall 

could resist a maximum load of 0.92 

6.4 BEHAVIOUR OF FLEXURAL REINFORCEMENT IN fl'H}~ COlTPLING BEAiI1S 

OF SHEAR WALL A 

Each coupling beam was provided with four 2'1 demae gauge points 

on each face. The locations of these gauges can b n in the 

tograph reproduced in l!~igs 6. to 6 31, and in the 

o Fig. 6 4 

The trains measured during tive and loading 0 1St 

cal 

figure the measured strains plotted a6 ordinates at th 

c ng gauge locationse As expo ad the strains 

at the tension corners f the beam. During the first and second 

cycle a small compression strain was observed at the compressi 

cornerS of the beam. However, during 5th and 6th eye I when 

ultimate load on the shear wall was attained, the gauge 

c on corner also recorded tensile strains 

both the top and the bottom reinforcement waB ~je ted to 

tensile strains over its full This co with the 

7l+ observations made by Pauley during the cycli loading of 

conventionally reinforced coupling beams 

In Fig. 6.4, the average strain measured at the tensi corners 

(see key diagrams) of each beam is plotte at each nor, 

average of strains was measured at locat ons 2 and for ti.V>9 
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loading and at locatioDs 1 and 4 for negative loading. In the same 

figure the theoretical strain variation, at the onset of yield in 

the critical coupling beam, is shown with broken lines The 

pattern of observed and computed strains are similar. However. 

during cycle 1 the measured strains are less than the s ns 

predicted. The crack width measurements showed that the cracks 

which appeared in this cycle and the cracks which had a1 formed 

due to accidental loading did not cross the gauges provided. The 

crack which formed near th edge f the beam through the hole 

dad to house the domae stud. During further loading this 

crack propagated into the wall and crossed the holes over the flexural 

steel of the wall. (See Fig 6.28 to 6.31). An examination of the 

crack patterns of 4th. 3rd 2nd and 1st floo c ing beams shows 

this. This will be discussed in Section 6 8 with respect to craak 

formation and crack width measurements. Howave I the theoretical 

maximum strain was c ad at the tion f th wall Bnd th 

coupling beam. The measured B CDrI' 

the fae 0 the wall. Hence the measured strain 

to nt 2 :Lno from 

1el:3 than tho t 

predicted. During eyel 2 th values 

measured train have correlation in the con ing beams i the 

upper storeys. The deterioration of the bond between the 

reinforcement and the surrounding concrete and the formation of new 

cracks across the instrumented gauges have eontribu ad to better 

correlation. 

605 BEHAVIOUR OF FLEXURAL RlUNFORCEMENT IN 'rHE WALLS 

on of Flexural Steel the Hei t 

The generous provision of gauge points enabled the strains to 

be assessed over the entire i t of the walls. Figs. 6.5. a to d 

show the strain variation of the flexural reinforcement the walls 

during cyclic loading The insert in each figure sho the 
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location of the bar for which the strains have been pI tted and 

letter used to denote th particular bar. On each curve the cycle 

number and the load intensity,exprssssd as a fraction of the theoretical 

ultimate load , , are shown. In each of these tria 

theoretical strain variation at a load intensity of 0.5 is 

otted for comparison. The elasto tic analysis proposed in 

Ch r 4 WaS used to compute the axial loads and moments along the 

height of the structure. For these axial load-moment combinations 

curvatures were found, using the load-moment-curvature relationship 

(see S tion 3.5.3) for the section considered. these 

curvatures the theoretical strain in the reinforcement was estimated 

aSBuming linear strain variation across the section. This 

theoretical s n vari~tion corresponds to the laminar model The 

wiggles in the atrain variation introduced by disc ret beams were 

also estimated. These wiggles are shown for the bottom two beams 

An examination of the strain di tributl curve in 

to d shows that: 

~ Strains in the two of rein ro tted Lhe 

bottom two 6 I are very similar ae Fig 6.5.a and d). The 

strains in the outer bars are , as one would expect from 

linear distribution of strains across the seation 

(b) The strains are maximum at the base of the wall During 

the first two cycles of loading of moderate intensi th strains in 

the flexural steel in the walls were below yield level. During cycle 

5, the first high intensity load cycle, the tension at 1 (outer bars 

F and E) in the tension wall and the compression steel in the right 

wall (outer bar A) yielded. Bar F elded first at 0 

outer of compression steel, Bar A, eIded next at 1. 

which was followed by yielding of all bars in the tens 0 zone of the 

tension wall at 1.04 p •• 
u 

The sequence of formation 0 

hinges is discussed in Section 6 7.1 

ast1c 
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(c) For the outer bars E, F, B and A, the strain distribution 

follows the same pattern as the theoretical strain variation in the 

laminar model. A comparison of the broken line curvet which 

corresponds to the theoretical strain variation at 0$5 p~ , with the 

observed strain during cycle 1 at o. shows this. Along this 

theoretical strain variation, the theoretical wiggles due to discrete 

moment transfer from the beams is shown at the level of the bottom two 

coupling bealilS. The theoretical strains in the inner bars are more 

e~ensi ti ve to in moments compared to those at the outer edgec 

The theoretical wiggles introduced by the discrete beams are 

considerably smaller for the outer bars than for the reinforcement 

near the windows. For a change in the moment of resistance to occur, 

in the presence of the axial force, the disturbance in the strain 

could be expected to be more when the reinforcement is in a single 

layer 

Cd) As expected the tensil at ns are r than the 

VB strains (see g 6 5 a and Fig, 6 5 d) 'rhe length over 

which the outer bar has aIded in tension is more than twice the 

corresponding length for the outer bar in compression. This is in 

accordance with the theoretical study made in Section 4.4 which 

shows that the length of plastic hinge for the tension wall is larger 

than that for the compression wall. (Eq. (4022) )G 

(e) In • 6.5.b and c, the strain ation for the inner 

bars D and C are plotted. Again the tensile strains are significantly 

larger. During cycle 5 and the reversed cycle 6, the tensile strains 

in bar C and bar D were more than the yield limit at 1.12 and 

However, during the first high intensity 

loading (cycle 5), bar D did not yield in compression. 

(f) For the inner bars C and D the strain variation computed 

at 0.5 p. , using the laminar model, corresponds with the approximate 
u 

measured mean strain in the bar (see the observed strain variation at 



0.52 p. during cycle 1) 
u 

On the computed strain variation the 

wi es,due to coupling beams ,are superimposed for the bottom two 

beams. At this ! the second floor coupling beam, for which the 

wiggle is shown, had yielded The wiggles that occur during cycle 5 

at 1.12 p. are considerably larger than the "theoretical maximum" 
u 

disturbance. An examination of the strain variation of bar D in the 

5th cycle reveals thi 0 This is due to nearness of the bars C and D 

to the internal tension, T , and compression, C , introduced by the 

coupling beams (see insert in Fig. 6.5 c) The beam forces 

introduced at right angles to the vertical wall bars cause local 

bending in the wall bars. The phenomenon affects strain measurements 

in these localities. 

o Walls 

Strain measurements were made on four gauge nts near the 

base block at frequent load intervals with the intention of obtaining 

the strain his of the flexural bars at the base section of the 

walls during cyclic loading Fig. 6.6.a to d show the strains at 

locations tted t the lateral load The location of 

the gauge for which the at was tted is also shown in 

these figures. An examination of these reveals that 

During cycle 5. at a maximum lateral load of '1.12 P 
u 

tension steel in both the tension and compression walls elded. 

(See the strain in bars E and C in Figs 6.6.a and 6.6.b) However v 

the compression steal D in the t on wall did not eld (8 Fig. 

The outer bar A in the compression face of the compression 

wall elded in compression (see Fig. 6 6.0). At the end of cycle 5 

there was a permanent tensile strain in bar C (ins rt in Fig. 

6.6.d) 
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(b) During cycle 6 9 at a load of 1.14 ~ the tension steel in 

both the walls (bars A and D in Figs. 6.6.b and c) yielded. The 

compression steel in the compression wall (left wall), bar F. yielded 

in compression (see Fig. 6.6.a). The dual permanent strain at 

the end of 5th cycle in bar C Was 8000 micros trains • During cycle 6 

a total compressive strain of approximately 7000 microstrains (see 

606.d) was imposed on this bar. Hence compression aIding 

did occur in this bar. 

(e) The increase in stiffness (Fig 6 6.d) which can be seen 

in the strain history curve for cycle 2 for bar C at location W_ is 
c. 

due to closing of the cracks which had formed during the positive 

loading (cycle 1). After closing of the cracks concrete also 

contributes in resisting the external action. rrhere fore! the 

stiffness indicated by the load-strain history curve is more than that 

observed at low loads. 

Cd) The large tensile ns in bars A and C (see 

and 6 6.d) have contributed to the lengthening of the ri t wall. 

(e) At location bar D in the left wall is subjected to 

compressive st ns during cycle 5 ( tive loading). The increase 

in stiffness ( • 6.6 b) which can be seen this cycle is due 

to closing of the cracks that had formed during the OU6 

reversed loading As expected the tensile strains induced during 

cycle 6 are far in alXcess of the compressive strains induced during 

cycle 5. 

(f) Both bars A and C (locations Wand W ) were in tension 
1 2 

during the accidental load and the cracks had already crossed the 

gauges at W
1 

and Hence the curves in Fig. 6.6.c and d do not 

show the behaviour of the reinforcement when the sect on was in the 

uncracked state. (The widths of the cracks that crossed the 

instrumented gauge lengths nearest to the foundation block re 0 001".) 
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6.6 BEHAVIOUR OF STIRRUPS 

The key diagrams in Fig. 6.7 and 6 8 indicate the five gauge 

positions (numbered 1 to 5) for the eight instrumented stirrups 

(numbered 1 to 8) in each wallG The photographs of the wallst 

reproduced in Fig. 6.3 2 show the diagonal cracks formed in the 

bottom storey of the two walls. These photographs were taken from 

the northern side. The crack pattern is also shown in the key 

diagrams in Figs. 6.7 and 6.8. In these diagrams the cracks formed 

during positive loading are shown in thick lines In the following 

section the behaviour of stirrups is discussed. 

The heavy lines along a stirrup in the key diagrams of Figs. 

6.7 and 6.8 indicate the length of each stirrup over which the 

stresses are reproduced in the major portion of these figures. These 

1 are the most highly stressed locations for the eight 

instrumented stirrups in the left and right walls The cant nuous 

lines indicate the stresses during positive loading and the thin 

broken lines indicate loadings 

n general stresses are low until the stirrup is croBsed by a 

crack The stirrups which had been crossed by cracks ,due 

to the accidental load ndicated significantly r streSS9G (see 

stirrup 7. gauge 3 and stirrup 3, gauge 4, in the left wall shown 

in Fig. 6.7, and stirrup 4, gauge 1 and stirrup 3, gauge 2 in the 

right wall shown in ge 6.8). 

The continuity of the curves between the readings for the first 

and fifth cycles indicate very little strength degradation with 

cyclic loading up to the first high intensity loading which 

flexural steel in the walls yielded. Indeed the sti:crup stresses 

a.re below eld even at ultimate load In cycle t:; at a ./ 

maximum load of 1 12 the maximum stresses recorded in most of 

the sti rrups were of the order of 50 to 75% of their lc1 stresSa 
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The stirrup stress during cycle 7, for the same gauge locations t at 

1.11 p. was considerably larger than those recorded for cycle 5 
u 

This is indicated by thin lines. These vertical rises indicate the 

discontinuity of the curves. They do not represent the stirrup 

stress variation between cycles 6 and 7. They show the shear 

strength degradation that occured between cycles 6 and 7. (See stirrup 

6, gauge 4 and stirrup 5, gauge 4 for the left wall in Fig 6 7 and 

stirrup 5, gauge 3 and stirrup 1, gauge 4 for the right wall in 

Fig * 6.8). 

During cycle 12, when large post-elastic deformations were 

imposed and a mechanism of failure had formed, the stirrup stresses 

increased across the potential diagonal cracks with decreasing loads 

and increasing deformations. This is indicated in these diagrams 

by thin straight lines which show increase in stresses as load drops 

off (See stirrup 7, gauge 1 and stirrup 3, gauge 3 for the left wall 

and stirrup 2, gauge 5 for the right wall) This indicates that 

failure is imminent. 

The end stirrup stresses (stirrups 1 and 2) in both the walls 

are low when compared wi th the stresses in the remaining 6 stirrups" 

However, the end stirrup stresses also rise up sharply during the 

final cycle. 

The observed stirrup stresses are compared with those predicted 

22 
by the ACI code , This code recommends the following equation 

for the shear that can be resisted by a section subjected Lo both 

moment and axial force. 

where v 
s 

v 
c 

bd 

v 
u 

d 
I the force resisted by stirrups 

s 

( 1 ,9ff~ + 2500 Pw ~~ )! the shear resi 

concrete 

(6 'I) 

ted 
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Here V :;:: applied shear 

s :: stirrup spacing 

M' ::: M ~ N (4D ~ 
8 d) 

D total depth of the section 

d =:; effective depth of the section 

N "" axial force positive when compressive 

V 0 if tensile stress induced by the axial force is 
c 

more than 500 psi Q 

q:l "" the capacity reduction factor 

Substituting the relevant properties of materials and theoretical 

forces developed at ultimate load with ~ 1.0 in the above equation, 

v ::: 10.5 Kips, for the compression wall 
c 

V :;:;; 0 for the 'tension wall 
c 

V 37·5 Kips, for the tension or compression wall. s 

The axial stress in the tension wall is more than 500 pSJ at 

ultimate load At low loads,when the axial stress in the tension 

wall is considerably less,the concrete is assumed to c ntribut to 

the shear resistance The shear capacity, V~ with no telwile 

stress applied is Vi 
C 

9.8 Kips Thus the upper limit of shear 

assumed to be resisted by both the walls is 

V :: 10.5 + 9.8 + 37.5 + 37.5 "" 9503 Kips ~ 1.8 u 

By neglecting the contribution of concrete in both walls, the 

lower limit of the shear resistance of both walls may be a 5 ABed at 

75.0 Kips ~ 1.4 P'" u 

When it is assumed that the contribution of the cone te remains 

constant at all stages the two limits are represe~t i 'ined 

straight lines, shown in Figs~ 6.7 and 6.8 • In gen rAl it is 

seen that the observed stresses follow the lower limit 1 hased 
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on the assumption that the concrete is effective in resisting shear. 

In later cycles the strength degradation of concrete makes the 

stirrups ace larger portions of the external shear Hence the 

curves rise up to the upper limit. When large deformations are 

imposed during the final cycle the stirrup stresses exceed those 

predicted by the upper limit line. By then the potential diagonal 

crack had formed and the failure conditions were imminent. The 

potential crack crossed only 6 stirrups in the left wall and 7 stirrups 

in the right wall. The ACI equation, based on the classical truss 

analogy, assumes the diagonal crack to form at 45°. Such a crack 

would have crossed 8 stirrupsQ Added to this, due to the displacements 

occurring between the faces of the crack, the stirrups were bent 

ng se to transmission of forces by dowel actionQ At this stage 

the stirrup strain readings were no longer meaningful 

6 6.2 ks 

The forces in stirrups at points where they were crossed by the 

major diagonal crack have been tted in g 6.9.a. for the ri 

wall and Fig 6.9.b for the left wall. As expected, during cycle 1 

stirrup forces are low and are more for the tension wall ( eft wall). 

During cycle 5, at a maximum load of 1.12 P the stirrup forces 
u 

across the major diagonal cracks are well below yield The forces 

are higher in the middle stirrup than in the stirrups at the edge of 

the crack. During the last cycle the stirrup stresses increased 

considerably. The stirrups at the lower edge of the compression 

wall yielded. This is associated with the failure mechanism and 

is discussed in Section 6.8. 

Fig. 6.10 shows the total shear applied and proportions of 

shear resisted by the stirrups of the left and right wall across the 

potential diagonal crack for cycles 1, 5 and 11. The shacie area 

represents the shear resisted by stirrups. The ordinates measured 
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between the straight outer lines represent the total shear applied. 

The unshaded areas represent the shear resisted by other mechanisms 

such as aggregate interlock action and the dowel action of the 

reinforcement& For example, at a maximum load of 60 Kips, during 

cycle 5, the ordinate la l represents the shear resisted by the 

stirrups across the potential crack in the left wall. The ordinates 

V
b1 

and Vb2 represent the theoretical shear to be resisted by wall 1 

and wall 2 respectively. Thus the ordinates C
1 

and C
2 

show the 

shear resisted by other mechanisms for the tension and compression 

wallso As expected, the shear resisted by other mechanisms is 

considerably larger for the compression wall. During cycle 1 the 

shaded area is small. At a load of 0.70 p. only 25% of the 
u 

applied shear is resisted by the stirrups. During cycle 5 the 

initial portion of the curve is similar to that obtained during 

cycle 1 This shows that the strength degradation with cyclic 

up until cycle 5 is small The continuity of the curve 

between the first and the fifth cycle also indicates this. 

At ultimate load the computed contribution of the stirrups to 

the ied shear WaS 40% during cycle 5 and 53% during cycle -11. 

These contributions are low The stirrup contributions were under-

estimated because the residual strains caused by the accidental 

preload could not be accounted for. 

During cycle 12, when large deformations were imposed on the 

mOdel, the stirrup contribution increased sharply. At 0.9 Pu the 

load resisted by stirrups appears to be more than the tota1 ied 

shear. By then the mechanism of failure, initiated by yielding of 

the flexural bars, had formed. Failure was imminent and there were 

large displacements along the faces of diagonal cracks resulting in 

bending of stirrups. Hence, the strain readings on the stirrups 

were no longer meaningful. The forces computed at this tege are 

shown by broken lines in Fig. 6.10 



The increase of the shaded area in Fig 6.10 with cyclic 

loading shows the progressive deterioration of the shear capacity 

of the walls and the consequent reduction of the shear resisted by 

concrete. 

Figs. 6.11.a and 6.11.b show the strain distribution for four 

typical stirrups in the left wall and right wall. The chosen 

stirrups are shown in thick lines in the key diagram. The positions 

of cracks are indicated in the key diagram as well as in each of the 

diagrams which show the stirrup strains. During the first two 

cycles the strains have been plotted for two typical increments. 

The strain variation at maximum load levels reached are shown for 

cycles 5, 6, and 7. Finally, for cycle 12 the strain variation is 

plotted for a load ratio of This was after the formation 

of failure mechanism. From an observation of the strain 

distribution curves in g 6.11 a and 6 11 b it is seen that 

~ The strains are higher in stirrups at the middle of the 

diagonal cracks than those at the ends Comparison of strains in 

stirrup 8 with other stirrups in both the walls show this 

(b) The stirrup strains are large at the locations crossed 

by diagonal cracks. 

(c) At locations crossed by the diagonal cracks, the stirrup 

strains at ultimate load during cycle 7 is significantly more than 

the stirrup strains observed at ultimate oad during cycle 5. This 

shows the shear strength degradation of the wall. As the shear 

carried by the concrete is reduced, the stirrup strains increase. 
, 

(d) During the entire cyclic loading the strains are well 

helow yield. However,the stirrups did yield during the final 

cycle when large deformations were imposed on the shear wall. 
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The contribution of concrete to strength Was ignored 

and excess stirrups were provided in order to suppress a premature 

shear failure. To this end, the stirrups performed satisfactorily. 

When large deformations were imposed, involving yielding of the 

flexural steel, the stirrups across the potential crack 

were also subjected to shear displacements. The potential crack 

did not form at 450 
as assumed by the classical truss analogy 

owing to the presence of large axial forces. When failure was 

imminent the forces in the stirrups were considerably more than those 

predicted by the ACI equations. 

The compression forces in both the tension and compression 

walls have to be transmitted across the compression zone into the 

foundation These compression zones in both walls have been 

associated with the alternate opening and closing of cracks. The 

provision of excess stirrups helps in 

J maintaining the integrity of concrete in compression zones 

due to confining action of stirrups around the flexural bars 

(b) reducing shear di aments and assisting in the 

transmission of forces across the potential crack by dowel action. 

This allows the flexural bars to eld considerably more before 

sliding along the potential crack reduces the load carrying capacity 

of the shear wall. 

6.7 DEFORMATIONS 

6.7.1 flections 

Using theodolite and dial gauge measurements the top floor 

deflection relative to the base reference line was computed 

Reference may be made to Chapter 5, Section 5.5.2 and Appendix B, 

wherein the details of the various measurements made and the 

computation of the top floor deflection are reported. The load-
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top~floor deflection relationship is shown for all the 12 cycles 

in Fi g 0 6. 12 • 

During cycles 1 and 2 the maximum load on the shear wall 

(0.7 u) caused a top floor deflection of 0.75". The corresponding 

deflection at the onset of yield in the critical beam could not be 

assessed exactly because of the following two reaSons. 

(a) The permanent deformations suffered by the critical beam 

during the accidental preload was uncertain. 

(b) As pointed out in Section 6.4., the cracks formed at the 

junction of the wall and the beam bypassed the instrumented gauge. 

Therefore the steel in the critical beam must have yielded earlier 

than when observed at the instrumented length of the bar. 

The top floor deflection at which yielding waS observed in 

one of the instrumented gauges of the critical beam is shown in 

Fig. 6.12 for cycles 1 and 2. 

Cycles 3 and 4 were "elastic II cycles. The stiffness of the 

shear wall during the first four cycles remained approximately the 

same. 

During cycles 5 and 6 the shear wall was loaded till yielding 

occurred also in the flexural reinforcement of both walls and thus 

distinct plastic hinges were observed. During cycle 5 the middle 

layer of tension steel and the single layer of compression steel in 

the tension wall yielded simultaneously. During the reversed cycle 6, 

the single layer of tension steel in the compression wall yielded. 

The top floor deflections at which the yielding WaS observpd are 

shown as the first wall yield for cycles 5 and 6 respectively. A 

maximum top floor deflection of 1.4" during cycle 5 and 2."111 

during cycle 6 were attained. 

During each of the following four cycles the deflection 

attained at ultimate load was more than 2.3'1. Cycle 11 was 

intended to be the last one. During this cycle large Batie 
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deflections were imposed on the model. The shear wall attained a top 

floor deflection of 4.5" at the theoretical ultimate load and after 

this the load on the structure gradually decreased. The portion of 

the load deflection curve during which the load was reduced to zero 

(cycle 11) and increased again in the positive direction (cycle 12) 

is not shown. 

Three theoretical stiffnesses (oa),(ob) and (DC), based on the 

following considerations, are also shown in Fig. 6.12. 

(oa) Properties of the beams and walls based on uncracked 

sections (Ig and Ag) 

(ob) Properties of beams and walls based on cracked section, 

using the load-moment property curves included in 

Chapter 3, at the instance of the critical coupling 

beam reaching yield. 

(oc) Zero efficiency of coupling (1$ 0), i.e. two cantilevers 

only are assumed to resist the external action with the 

cou ng beams transmitting horizontal axial forces only. 

Properties of walls based on cracked sections. 

At the start, as expected the stiffness of the shear wall is 

less than the theoretical stiffnesses indicated by the lines oa and 

ob. Cycle 1 indicates the stiffness of the model when all the beams 

and both the walls had cracked and the steel in at least three 

coupling beams had attained yield strain owing to accidental load. 

The broken line obd represents the assumed theoretical elasto 

plastic bilinear relationship for the shear wall model. From cycle 7 

onwards, at low load « 0.2 p.), the stiffness of the model is 
u 

approximately equal to the stiffness indicated by (oc). Note the 

pinching in the shape of the load-deflection curves at these loads. 

The insert in Fig. 6.12 shows the cracked coupling beam at the 

beginning of a cycle after it had been subjected to a few cycles of 
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high intensity loading. Eventually, the compression force in the 

beams has to be transmitted across the crack at the junction of the 

wall and the beam. By then the crack runs along the full depth of 

the beam. Until the crack is closed only the steel is effective in 

resisting compression. However, this steel is soft due to the 

Bauschinger effect associated with tensile yielding which occurred 

during the previous high intensity cycles. Moreover the compression 

zones of the walls have also been penetratedby large cracks and the 

steel across these cracks is also Boft due to Bauschinger effect. The 

low stiffness of the coupling beams at low loads due to full depth 

cracking, shear deformation and bond deterioration in the beams and 

the softness of steel due to the Bauschinger effect in the compression 

zones of the beams and the walls have resulted in the pinching shape 

of the load~deflection curves At these loads the stiffness of the 

shear wall is approximately equal to the stiffness of the equivalent 

Ii e l a stic lt structure in which the external action is resisted by 

moments devel at the base of two cantilevers with the coupling 

beams transmitt horizontal axial forces only. When the cracks 

closed an increase in ffness was observed (0.8 p > 0 4 

The observed stiffness of the shear wall lies between the stiffnesses 

indicated by (ob) and (DC). 

The most important function of the load-top floor deformation 

diagram is the information that it provides with respect to ductility 

of the shear wall. Reference may be made to Section 4.3.1 

regarding the definition of overall ductility. For computing the 

ductility factor the deflection at the top floor at the onset of 

yield (b) for the theoretical bilinear behaviour (obd), is assumed 

as the yield deflection of the shear wall. 

0.5". The top floor deflection of 4 5" 

cycle 11 resulted in a ductility factor of 

For the model this is 

at 1.00 P during 
u 

9. If the permanent 



deformation of 1 '1 , which was present at the end of cycle 10, is 

taken into account the ductility factor attained is 11. The 

ductilities attained during each cycle and the energy abeor ion 

properties of this shear wall are discussed in Chapter 8. 

In Figo 6.13 a compar~son of the load-top floor deformation 

curve observed during the cyclic loading with that predicted using 

the elasto-plastic analysis, as presented in Chapter 4, is made. 

The broken lines OX, OY and OZ indicate the approximate 

stiffnesses computed from properties based on different conditions in 

the walls and beams as detailed and discussed on page 229 

The load deformation curves obtained during cycles 5 and 7 are also 

8hown in Fig. 6013. On the load-top floor deflection curve for 

cycle 5 the different stages ,at which the steel in the coupling beams 

and the walls reached yield strain,are indicated. The plastification 

of the beams and the walls took place at various increments of 

loading rather than at a particular load. The observed ranges of 

plastification are indicated at the left hand of Fig 6 13 by the 

following notation: I lding f the critical beam; J - yielding 

of beams; K elding of tension wall; L ~ yielding of compressimn 

wall. On the same figure the load- floor deflection computed 

with the analysis presented in Chapter 4, is indicated. Curve 1 

shows the results obtained with the use of the bilinear stress~strain 

curve for steel, shown in Fig. 6.13.a. The sequence of hinge 

formation is shown in Fig. 6 13 c. The different stages of 

plastification of the components, in accordance with the notations 

used in Chapter 4,are indicated on the curve(1). When curve(1) lS 

compared with the load-top floor deflection curve during cycle 5, two 

significant discrepancies are noticed. They are: 

(i) The stiffness indi d by the experimental curve during 

cycle 5 is less than the stiffness predicted by curve ~). 

(ii) The ultimate load dbserved is almost 15% more than that 

predicted 
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It is reasonable to expect a lower stiffness during cycle 5. 

The theoretical curve assumes monotonic loading Thus it does not 

allow for the stiffness degradation that would have occurred due to 

the accidental preload and due to the previous cyclic loading. 

It was pointed out in Chapter 3 that the strain hardening of 

steel in the coupling beams and the walls increases the ultimate load 

capacity of the shear wall To quantify this increase the stress-

strain curve for steel was assumed to have a strain hardening range 

as shown in Fig 6Q13.ba The broken curve(2)in Fig. 6.13 shows the 

load-top floor deflection based on this stress-strain relationship 

for the steel used in the beams and the walls. When the strain 

hardening of steel is considered, it is seen that there is a better 

agreement between the predicted and observed ultimate loads. 

6.7 2 fness 

Using the load-top floor deflection curve shown in Fig. 6.12. 

the stiffness of the model at various load levels during the various 

cycles was computed as the slope of the to th load-de fle pHon 

curve at the load level considered. The stiffness so obtained is 

tted net the load ratio in Fig. 6.14. On the same figure 

the theoretical stiffnesses have also been indicated for comparison. 

The broken horizontal lines show the theoretical stiffnesses at the 

following stages of behaviour. 

(a) Both walls and the beams in the uncracked state 

the stiffness is indicated by the line(X). 

(b) Both walls and the beams in the cracked state at the 

onset of yield in the critical lamina. The stiffness is 

indicated by the line(Y). 

~) Both walls and the beams are in the cracked state and the 

bottom four coupling beams have yielded. The top three 

beams and both walls elastic. The stiffness at thib 

stage is indicated by line (y4). 



FIG. 6.14 VARIATI0~ CF STIFFNESS OF SHEAR ~ALL A ~ITH CYCLIC LOADING 
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(d) Both walls in the cracked state with zero stiffness of 

the coupling. The walls act as two cantilevers with 

coupling beams transmitting horizontal axial forces only. 

The ffness is indicated by the line(Z)~ 

It is unfortunate that the information regarding the stiffnesses 

of the shear wall in the uncracked state and in the cracked state with 

beams still "elastic" was lost due to the accidental load. The 

theoretical stiffnesses indicate a loss of approximately 45% due to 

cracking when compared with the stiffness of the shear wall in the 

uneracked state The stiffness of the shear wall in cycles 7 to 10 

is approximately one half of its stiffness in cycles 1 to 6. After 

one high intensity loading in either direction~ causing yielding, the 

stiffness reduced to nearly that of two connected cantilevers. (See 

the stiffness during cycles 7 to 12 in Fig. 6.12). 

In general, the later cycles commence with a low stiffness. 

Gradual the stiffness increases as the cracks are closed. It is 

Seen that the curves generally exhibit three ranges of behaviour 

after the structure is subjected to a few high intensity load reversals. 

These ranges are: 

(a) A !!soft range!! at very low loads « 0.2 p"'). 
u 

(b) A "steady range" at medium loads (0.4 ... <!' P <1 0 8 

(c) A !!plastic range" at near ultimate load resulting from 

yielding of flexural reinforcement in the beams as well as in both 

the walls (p > ). 
74 

These three ranges are similar to those observed by Paulay 

during the experimental investigation of conventionally reinforced 

beams. The type of reinforcement in the beams has a considerable 

influence on the overall behaviour of the shear wall after it has 

been subjected to a few cycles of high intensity loading It waS 

pointed out in Chapter 2 that the total external moment is resisted 

by the wall moments M1 and M2 together with the moments generated by 



the axial force! IT 
u For shear wall A the lTu component is 

approximately 70% of the total resisting moment, M ! at ultimate 
o 

load. The axial force, Tu ' is developed by the accumulation of 

beam shears? Qb. After a few high intensity cyclic loads, at 

low loads,the conventionally reinforced coupling beams are known to 

become "soft" due to the presence of open cracks in the compression 

zone and the deformations caused by shear Because of these, the 

coupling efficiency at low loads tends to be negligible. At these 

low loads the stiffness of the walls are also low due to open 

cracks formed near the base during the previous cycles. The 

combined effects of the stiffness degradation of the walls and the 

coupling beams have resulted in a coupled shear wall whose stiffness 

is less than that of an equivalent "elastic" structure which resists 

the external action by moments developed at the base of the two 

cantilevers with coupling beams transmitting horizontal axial forces 

only. The stiffness of the model increases during subsequent 

loading, with the clos of cracks in the on zones of the 

beams and the walls, to a value above that based on the stiffness of 

"two cantilevers"a 

Using the measurements made with the theodolite at the centre 

line of the walls, rotations of the coupling beams were computed as 

detailed in Appendix B. Reference may be made to Section 4.3.1 

regarding the definition of beam rotation and beam ductility. The 

key diagram in Fig 6.15 also shows the meaning of the beam rotation. 

In the main portion of this figure, rotations of the beams during the 

various cycles are plotted against the positions of the coupling beams. 

In the same figure, the approximate yield rotation at the instance 

of onset of yield in the critical beam is also shown. It is seen 

that the maximum beam ductility attained during negative loading 
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(cycle 10) approximately 7 and the maximum ductility attained 

during positive loading (cycle 11) at a load of 1.11 p. is 
u 

approximately 12 
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Fig. 6.16.a compares the theoretical rotations computed during 

different stages of loading (shown in broken lines), with those 

measured using theodolite observations as indicated in the previous 

paragraph To examine the sensitivity of beam rotation to the 

assumed stiffness of the walls, the rotations at the theoretical ultimate 

load were computed based on the following assumptions: 
,74 

(1) Stiffness of the walls based on Paulay' approximate 

method (see Table 3.2, Chapter 3, Section 3.5.b), 

(II) Stiffness of the walls computed from the load-moment-

property curves presented in Chapter 3, Section 3.5.b. 

(III) Stiffness of the walls computed from gross properties for 

the walls. 

(IV) Observations made with the theodolite during experiments. 

The block in Fig. 6.16.b shows the theoretical rotations 

of th second floor coupling beam at stage(d)based on the above wall 

stiffnesses, In the same figure the measured rotation of this beam 

at ultimate load during cycle 5 is also shown It is seen that the 

rotations based on methods(II)and(III)give results comparable with 

that observed during test. Paulay!s approximate method overestimates 

the rotations by about 30% when compared with the experimental evidence. 

However in prototype shear walls the stiffness is likely to be closer 
! 

to Paulay!~ approximate method due to dead load variation witb height. 

The coupling beams elongate owing to the accumulation of tensile 

strain in both the top and bottom reinforcement. In the model the 

elongation of the coupling beam was evaluated from theodolite 

measurements made at the centre line of each wall The elongation 

of the beams was taken as the difference in the lateral deflection 
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at the centre lines of the walls. The elongation measurements had to 

be accurate as these were relatively small compared to the wall 

de fl ections. The theodolite measurements were made on all targets 

(see Appendix B for the location of the targets at the centre line of 

the wall) to assess the distribution of coupling beam elongations at 

maximum load levels. For these measurements only the main theodolite 

was used. The accuracy of the results obtained was of the order of 

0.01". The elongations during cycles 1 to 4 were very small (of the 

order of 0.001 11 ) Thus, no reliable results could be obtained for 

these cycles. The elongations obtained at maximum load levels during 

later load cycles are plotted against the position of the coupling 

beams in Fig. 6.17.a and Fig. 6.17.b. 

The elasto-plastic analysis presented in Chapter 4 ignores beam 

elongations. While the critical lamina is "alastic ll the beam 

elongations are proportional to beam shear. Based on this assumption, 

and using the equations derived in Section 3.2 2. the beam elongation 

for various coupl beams at the onset of yield of the critical lamina 

were computed. This shown in broken The 

curves of g. 6.17 a and 6 17.b show that: 

(a) The coupling beams in the critical on are subjected to 

large plastic elongations. 

(b) The observed and computed distributions of beam elongations 

in the various coupling beams have the same pattern. 

(0) During the final cycle the coupling beams contract (see 

cycle 11 and cycle 12 in Fig. 6 17.b). This is associated with the 

failure mechanism. Due to large shear deformations the beams were 

distorted as shown in the photographs of Fig 6.26 (cycle 12). This 

pulls the two walls together. 

(d) A comparison of elongation curves of Fig. 6.17.a and the 

rotation curves of Fig. 6.15 shows that the patterns are similar. 

However, it is noted that the elongations are not so large at the top 

where the rotations are still large. (Compare the curves for cycle 7 at 
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1.11 p*) 
u 

The deterioration of bond and the consequent spread of 

yielding length in the main flexural bars were considerably more for the 

beams situated near the tical region. This has resulted in large 

residual deformations and full depth wide cracks for the beams in the 

critical region compared to the beams at the topo This is revealed by 

an examination of the crack patterns of the top flo0r beam (Fig. 6025) 

and 2nd floor beam (Fig 6.30) at cycle 10. The phenomena contributed 

to the larger elongation increases for the beams in the critical 

region" 

With the intention of recording the load-elongation history of 

the top floor coupling beams, measurements were made on two targets in 

the top floor using the two theodolites at regular intervals (0.2 p.) 
u 

of loading. The average of the deformations derived from the 

measurements made with two theodolites were used to compute the 

elo ion of the top floor coupling beam. The two targets mentioned 

above were not situated at the nt of intersection of the centre line 

of the cou ing beam and the centre line of the walls The posl tion of 

these two targets can be seen in Fig. B 1 in Appendix B Hence, the 

elongation obtained using the measurements made with the two theodolites 

is termed as "proportionatet! elongation of the top coupling beam 

Fig 6 18 shows the "proportionate" elongation of the top floor coupling 

beam plotted against the load ratio for cycles 5 to 12. The 

elongations during the first four cycles were too small to be determined 

accurately enough and hence they are not sh0wn 

The broken line (a) shows the theoretical stiffness of the beam 

with respect to elongation. The curves show the elongation response 

of the beam with cyclic loading~ During the first high intensity 

loading (cycle 5) the beam elongates with increase in load. When the 

load is released the beam contractS. When the load is increased in the 

opposite direction (cycle 6), the beam first contracts. This is due to 

the closing of the cracks formed during the previous cycle. After this, 
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the beam n elongates with increase in load. The contraction 

associated with the closing of the cracks at low loads is prominent in 

later cycles and this indicates wider cracks snd increased bond 

deteriorstione 

During cycle 11 ~ after the formation of failure mechanism t the 

beam starts contracting. This is shown in broken lines. As mentioned 

earlier this contraction of the beam is due to Sliding shear 

failure which can be seen in the photograph of Fig. 6.31 (cycle 12). 

The contraction occurs simultaneously with that in other beams. 

The wall deflections are much larger than the beam elongations 

and hence the difference in deflections of the two walls could not be 

plotted to sufficient accuracy. Hence, only overall deflections of 

both the walls were considered. Fig 6019.a and b show the deflection 

profiles of the walls during cycles 1, 2 and 5, 6 respectively. It is 

seen that the deflection at ultimate load during cycle 6 is larger than 

the deflection at ultimate load during cycle 5. 6.19 c shows the 

deflect on profiles during the high intensi 7 to 10 The 

permanent deformatiolEst the beginning of cycle 7 and cycle 9 are also 

shown Q (See p/p$ ~ 0.08 and cycle 9 
u 

:;:; 0 02) fi 'fhe 

maximum permanent deflection at the free end of the shear wall was 

about 1"0 g 6 19 d shows the deflection profiles during the final 

cycles 8 At a load of 1.11 , during cycle 11, the maximum top floor 

deflection was 411 At this stage the failure mechanism had not formed 

yet. A maximum free end deflection of 10" was attained during cycle 1'1 

at a load ratio of 0 958 At this stage the load was brought 60wo to 

enable the jacks being readjusted. 

cycle 12 at a load ratio pip· :;:: 0.08 
u 

deformation at the end of cycle 11. 

The deflection profile during 

indicates the permanent 

The maximum deflection at the 

top of the shear wall was 8" • During cycle 12 the maximum load 

reached was 0.91 p. at which load the maximum top floor deflection u ~ 
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The deflection profiles show that the walls are nearly 

straight above the bottom floor and that the major portion of the wall 

rotations occur at the base. 

The accumulation of tensile strains of the reinforcement makes 

both the walls e during cyclic loading. Using the measurements 

made on the targets in the top floor the elongation of both walls 

relative to the base reference line was computed as outlined in Appendix 

B. In 6.20. the elongation of both walls during cyclic loading 

is plotted against the load ratio. The left wall is subjected to 

tension during odd numbered cycles and to compression during even 

numbered cycles. It is seen that the contraction during the cycles in 

which the wall is subjected to compression is much less than the 

elongation during the cycles in which the wall is subjected to tension. 

At the end of Bach cycle the residual elongation of the walls increases. 

This s due to open racks consequent to yielding of the flexural 

reinforcement" Progressive ion of the walls after each cycle 

shows that theEie cracks hav widened This is due to the deterioration 

of bond between rete and the main flexural bars at the base of the 

walls and filling of cracks with debris. During the final cycle~ the 

tension wall enced a significant contraction. With the collapse 

and contraction of the coupling beams the tension wall was pulled 

towards the compression wall. Hence the sliding of the tension wall 

along the potential crack at the base has contributed to this shortening. 

( See Fi g 6 • ) • 

Using the strain measurements made on the flexural steel of the 

walls the curvature was computed for the various cycles. Fig. 6.21 

shows the curvature variation for cycles 1 and 5. The theoretical 

curvature was computed for the lateral load 0.5 P* 
u 

based on the 
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elasto~plastic analysis presented in Chapter 4, and the load~moment-

property curves (see Chapter 3) This theoretical curvature variation 

is shown in stepped lines in The figure shows that the 

theoretical and observed curvatures correlate well in the lower storeys. 

In the upper storeys the observed results, and those predicted, are 

significantly different. The curvatures in the upper storeys are very 

small v In the upper storeys the variations introduced by cracking and 

by the disturbance from the forces in the coupling beams are considerably 

larger than the strains due to wall moments. 

Two theoretical limits of curvature are indicated in the plastic 

hinge on. For the tension wall the broken lines represent the onset 

of yield in the outermost bar on the tension side of the neutral axis, 

The full line represents the yield in the middle layer of reinforcement 

on the tension side ~ or the yield in the single layer of reinforcement 

on the compression side. 

Fig. 6 22 shows the curvature variation in the bottom two floors 

in the left ~al1 during the various cycles. This wall is subjected to 

axial tension during the odd numbered cycles In the same figure 

the following theoretical curvatures based on the load~moment-curvature 

relationship are also shown: 

(A) Onset of yield in the outermost bar in tension, or the 

concrete on the compression face reaching a strain of 0.001. 

(B) Yielding of the middle layer of the bar in tension or 

concrete strain of 0.002 in the compression face. 

(C~ Theoretical maximum curvature based on a maximum concrete 

strain of 0 0030 

It is seen that the theoretical maximum curvatures predicted by 

the analysis are exceeded in the compression wall. By the time the 

theoretical maximum curvature is attained in the tension wall the 

compression wall is subjected to nea twice the maximum theoretical 

curvature predicted by the line(C). The estimated maximuDI concrete 

strain in the extreme fibre of the compression wall at this stage is 
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approximately 0.009 • The figure shows that with cyclic loading the 

plastic hinge lengths and the maximum curvatures attained increased. 

Inclined diagonal cracking, deterioration of the bond between steel 

and the surrounding concrete and consequent spreading of yielding length 

of the tension steel have contributed to this increase. 'The area 

enclosed by the curvature curve and the vertical wall axis in 

the tic hinge region is a measure of the total rotation which 

occurs at the base of the wall@ The spreading of this area at 

approximat the same maximum load levels shows that more energy is 

absorbed by the tic hinges at the base of the walls in the later 

cycles. 

The shaded area in Fig. 6.21 represents the plastic rotation that 

occurs at the tic hinges in the tension and compression walls after 

the onset of eld in the wallso It is seen that the length of plastic 

hinge for the tension wall, than that in the compression 

wall , The maximum curvature for the compression wall, ~ uc 

is large compared with the maximum curvature for the tension wall, 

These are in accordance with Eq. (4.22) derived in Chapter 4. This 

equation gives the relationship between the length of plastic hinges, 

the maximum curvatures attained and the total base rotation for the two 

walls. Accordingly the shaded area of the tension wal1 1 A should 
pt 

be equal to the shaded area of the compression wall, epc ' To make this 

comparison the shaded area is replaced by an approximate equivalent 

rectangle shown with broken lines. The plastic rotations based on 

these equivalent rectangles shown in Fig. 6.21 are: 

e pt 
;;;; LPt x i'fJut 

::: 16 x 100 x 10-6 
:;:;. 1600 x 10-6 

;:: 0.0917° 

8 '" Lp x (Puc :: 8 x 180 x 10-6 
'" 1440 x 10-6 

pc c 

"" 0.0825° 



The difference between 9 pt and e is due to the approximations pc 

involved and the different elongations in the coupling beam. The top 

floor deflection due to plastic rotation at the base of the walls 

at the end of the 5th cycle is 

6pw e H 
p 

1600 x 10-6 x 205 

The top floor deflection due to elastic curvatures along the 

height, 6ew t is 
H 

flew == 1 qJdx 

This elastic deflection, based on the curvature diagram for cycle 5 at 

1 12 shown in Fig. 6.21, is 0090". The total measured top 

floor deflection was A::= 1.45" at this stage. 

The top floor deflection due to shear, As, and due to rotation 

occurring in the foundation block, 6fb I could not be determined 

indi vidually The sum of these deflections were computed as 

+ I:>.pw) 

For e 5, this is ( 1I s + .tI fb ) 1 5 eye e 1 e 

0.2'1" 

Table 601 shows the contribution of different actions (elastic 

bending along the height, plastic rotation at the base, shear, 

rotation occurring in the end block) to the top floor deflection 

during the various high intensity cycle~ at the maximum deflections 

attained. An examination of the table shows that: 
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Cycle 
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• 8 

9 

10 

i 11 

TABLE 6~1 

Total 
Measured 
Top Floor 
Deflection 

!L 

1.45 

2.11 
I 

2·39 

2.66 

3·39 

3·01 

4.15 

A COMPARISON OF THE CONTRIBUTIONS OF DIFFERENT ACTIONS TO THE TOP FLOOR 
DE~LECTION FOR THE VARIOUS HIGH INTENSITY CYCLES AT MAX1MUM DEFLECTIONS ATTAINED 

(Deflections are in inches) 

Contribution of 

Elastic Curvature Plastic Curvature * Shear Deformation and the 
along the hei of in the plastic hinge deformation due to 
the wall, Ael on, I\pw rotation occurrence in the 

foundation block, 66 + Afb 

£\e1 % of n i'lpw % of 11 I1s + Afb % of t" 

I 
0.90 0.33 23 0.22 I 15 I 

! 0,,95 45 0.80 0.36 I 17 

0,,97 40 I 0.97 45 0.45 ! -19 , 

I .1.14 I 43 
, 

0 .. 99 o. 20 

1.00 I 29 t 1.73 I 51 0.66 20 
I I 

1.01 34 i 1.44 48 0·57 18 

! 1.10 I 2.14 I 52 I 0.91 22 
! i 

For cycles during which strain measurements were not taken when maximum deflection was 
attained, extrapolated strain readings based on measurements made at earlier increments 
were used to compute the curvatures the hei of the wall. 

j 
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i 
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(a~ During cycle 5, the contribution of plastic rotation at the 

base of the wall to the top floor deflection is small. With cyclic 

loading the contribution of plastic rotation at the bottom of the wall 

to the top floor deflection increases, reaching a maximum of 52% for 

the final cycle. This is due to an increase in the length of plastic 

hinge as well as the increase in curvatures attained. 

(b) The elastic deflection increases with cyclic loading. This 

is due to an increase in area (see insert in Fig. 6.22) with 

increases in the plastic hinge length. This increase is small, however, 

compared with the increase in area of the plastic curvature, P1" Hence 

the deflections caused by elastic curvatures along the height remain 

sensibly constant. 

(c) This total elastic deflection of approximately 1", which has 

been evaluated from curvature measurements, agrees well with the 

observed deflection at the top floor at the onset of yield in the walls. 

( 1.15" for cycle 5 shown in Fig. 6 12) The observed deflection includes 

the elastic rotation occurring in the foundation block and shear 

deformation in the walls. 

(d) During cycle 51 62% of the top floo deflection results from 

the elastic curvatures. The deflection profile of the walls (see Fig. 

6.19ob) is practically straight above the first floor level. This 

shows that the major portion of elastic rotation occurs also at first 

floor level. An examination of the curvature diagram (Fig. 6.21) at 

1 12 P* during cycle 5 confirms that the major portion of elastic 
u . 

rotations occurs at the first floor level. 

(e) The contribution of end block rotation and shear to the top 

floor deflection is 15% during cycle 5 and in the final cycle this 

increases to 22%. 
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6.8 CRACK FORMATION, CRACK WIDTH MEASUREMENTS AND FAILURE 

MECHANISM 

During the accidental load, diagonal cracks had formed in all 

the coupling beams and in the bottom storey of the walls. Before the 

start of the test these cracks were marked 0-0 at both ends. These 

cracks can be seen in the photographs taken during cycle 1 which are 

presented in Fig. 6.24 to Fig. 6.31. There were only a few cracks at 

the base of the compression wall (see Fig. 6.32.a). The cracks which 

formed at the junction of the coupling beams and the walls were wider 

than the diagonal cracks in the coupling beams, indicating that the 

flexural steel in the coupling beams situated near the critical region 

(2nd, 3rd and 4th floor beams) had yielded. A comparison of crack widths 

at no load before the start of the test at locations 2B, 3B, 4B and 5B 

with the widths at 2A, 3A, 4A, 5A in 6.23 shows this. As pointed 

out in Section 6.4 the diagonal cracks, as well as those that formed at 

the junction of the beam and the wall did not cross the gauge lengths 

provided The close-up photographs of the coupling beams taken during 

cycle 1, reproduced in Fig$.6025 to 6.30,show this. The maximum load during 

the first cycle was less than the estimated maximum load during the accident. 

Only a few new flexural cracks in the bottom floor of the compression wall 

formed across the single layer of tension reinforcement. 

During the second cycle, the first significant cracks near the tension 

corners of the second floor coupling beam developed at a load of 0.15 p* . 
u 

These were accompanied by cracks along the diagonal across the cracks formed 

during the accidental loading. This can be seen in the photographs taken at 

the beginning of cycle 3, reproduced in Figs. 6.25 to 6030. 

significant crack in the tension wall appeared at a load of 

The first 

0.2 P* . 
u 

These 

formed across the tension reinforcement approximately at right angles to the 

line of the reinforcement. These were accompanied by diagonal cracks which 

can be seen in Fig. 6.32.b. 

The maximum load during cycle 3 and cycle 4 were of the order of 
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FIG. 6.25 TOP FLOOR BEAM DURING CYCLIC LOADING 
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FIG. 6.26 6TH FLOOR BEAM DURING CYCLIC LOADING 



Cycle 1 Cycle 3 
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FIG. 6.27 5TH FLOOR BEAM DURING CYCLIC LOADING 
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Cycle 1 Cycle 3 

Cycle 6 Cycle 10 

Cycle 11 Cycle 12 

FIG. 6.29 3RD FLOOR BEAM DURING CYCLIC LOADING 



Cycle 1 Cycle 3 

Cycle 6 Cycle 10 

Cycle 11 Cycle 1'2 

FIG. 6.30 2ND FLOOR BEAM DURING CYCLIC LOADING 



FIG. 6.31 
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Cycle 11 Cycle 12 
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0.4 P'" • 
u 

Very few new cracks developed during these "elastic" 

cycles .. 

Cycle 5 and cycle 6 were high intensity load cycles. During 

each of these cycles the shear wall was loaded past the yield level. 

At the end of cycle 6 severe cracking developed in both walls in the 

bottom storey and also in all the coupling beams. Fig. 6.24.b shows 

the cracks that had developed during the first six cycles. This 

photograph was taken at the beginning of the seventh load cycle. The 
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cracks in the bottom storey of the shear wall can be seen in Fig. 6.32.b. 

The photographs taken at ultimate load during cycle 6, reproduced in 

Figs 6. to 6.32, show the cracks formed in the coupling beams. 

During the subsequent high intensity cycles (cycles 7 to 10) 

the opening and closing of the cracks at the corners of the beam caused 

deterioration of the concrete. At the end of cycle 10, there were 

full depth cracks at the junctions of the beams and the walls in all 

except across the top coupling beam. This can be seen in Figs. 6.25 

to 6.31 The concrete in the on of the full depth cracks had 

spalled off for the beams at the 2nd and 3rd floors (See Fig. 6.29 and 

At this stage both the walls were severly cracked in the 

bottom storey. However,the spalling of cover cone te had not yet 

occurred. 

Cycle 11 caused rapid deterioration of all the beams with 

extensive spalling of concrete. The photographs taken during cycle 11 

(Fig. 6. to 6.31) shows this. Also the cover concrete spalled near 

the compression corner of both walls. However, in comparison to the 

beams the damage to the base of the walls was much less. Fig. 6.24.c 

shows this. This photograph was taken at maximum load during cycle 11. 

At this stage the shear displacement along the full depth cracks in the 

beams was noticeable (see Figs. 6.25, 6.26 and 6.30). The beams in the 

critical region were subjected to a shear displacement of the order of 

1 to 1~ inches. 



The crack widths measured during cycles 1 to 6 are shown in 

Fig. 6.23. The key diagram gives the locations at which these crack 

width measurements were made. In this diagram the cracks formed during 

positive loading are shown in full lines. The crack widths at zero load 

at locations 5B, 4B, 3B, 2B, 4C, 3C and 2C refer to the start of the 

test. The crack widths in the coupling beams situated near the 

critical region are larger than at the top of the shear wall. A 

comparison of crack width at 1.00 p. for the locations 2A, 3A and 4A 
u 

with the crack width for location 7A shows this. The deterioration of 

bond and the consequent spread of yield length were more for the beams in 

the critical region. This resulted in full depth wide cracks for beams 

in the critical region (see Figs. 6.25 and 6.30 - cycle 10). As pointed 

out in Section 6.7.4 this has contributed to larger elongation increases 

for the beams in this critical region. During cycles 5 and 6 the increase 

in the width of the major diagonal crack across the beams is more than the 

corresponding increase at the junction of the wall and the beams. A 

comparison of the width of the cracks measured at 3B, 3C, with those 

measured at 3A, shows this. Measurements at 1D to 7D show that at 

ultimate load the width of the cracks is larger during the reversed 

loading than during positive loading~ 

The crack widths measured in the bottom storey of the walls are 

significantly larger than those measured at the top of the structure. 

A comparison of crack widths at locations 5E, 3E, 5F, 3F, with those 

measured at 1G, 1F, 1H and 1E, shows this. A comparison of crack widths 

measured at 1F with those at 3A or 4A indicates that the beams in the 

critical reg~on have undergone a larger extent of damage than the bottom 

storey of the walls. 

The failure was initiated in the tension wall during cycle 11. The 

compression face of the tension wall was provided with only one layer of No.5 

bars. During the previous loadings this area was subjected to alternate 

opening and closing of the cracks. During cycle 11, the cover concrete at the 

junction of this wall and the base block spalled off. 



270 

Since the concrete in the narrow compression region of the tension wall 

had deteriorated, the single layer of steel had to transmit the major 

portion of the compression force. The stirrup spacing at the base of 

the walls was alternating between 2" and 4" to give an effective 

spacing of 3"" Due to the compression force in the flexural steel and 

due to the ineffectiveness of the deteriorated concrete, the sj.ngle layer 

of steel buckled outward between the two stirrups where the spacing was 

4". This can be seen in Fig. 6.32.d. 

The compression corner of the compression wall (Fig. 6.32.e) 

suffered comparitively minor damage. This compression zone had 5 layers 

of =#= 5 bars Hence, even after the failure of tension wall, it could 

resist axial compression and the moment M2 • 

At this stage the coupling beams have seriously deteriorated. 

1here were also large shear displacements in all the beams. The 

photographs taken during cycle 12 and presented in Figs. 6.25 to 6.31 

show this. 

During cycle 12, when the displacements were increased further, 

the left wall slid along the potential diagonal crack and along the 

weakest sections in the coupling beams forming sliding failure mechanism. 

Fig. 8. 10.a, shows the model at the end of the test. The shear 

displacement of the beams and the destroyed compression corner of the 

tension wall can be seen in this photograph. 

At the end of the test, when the top floor displacement was 14", 

the shear wall could hold a load of 0.75 p. in a stable manner. This 
u 

strength was derived from the forces transmitted across the failure 

cracks in the beams and base of the left wall by the dowel action and 

kink effect of the flexural reinforcement. 
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RESULTS OBTAINED DURING CYCLIC LOADING OF SHEAR 

WALL B 

7,,1 GENERAL 
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The results obtained during the cyclic loading of Shear Wall B 

are presented. The coupling beams of this specimen were diagonally 

reinforced. The reinforcement provided in the walls of both test 

structures was the same. The dimensions, details of reinforcment 

and the properties of materials for these models were included in 

Chapter 5. 

7,,2 ANALYTICAL ASSESSMENT OF FORCES AND MOMENTS IN THE COUPLING 

BEAMS AND W'ALLS 

All coupling beams of this model possessed equal nominal 

strength both in flexure and shear. The strength of the walls of 

specimen A and B were approximately the same However, the strength 

of the beams of Shear Wall B was 1010 times those of Shear Wall A. 

Thus, the theoretical ultimate base shear of Shear Wall B (56.60 kips) 

was more than the theoretical ultimate load of Shear Wall A (51.6 kips). 

These theoretical loads were computed from mean steel and concrete 

strengths. 

The estimated forces and moments on the model at ultimate load, 

as per the pattern defined in Chapter 5, are shown in Fig. 7.1. 

These forces and moments were computed ~sing the elasto-plastic 

analysis described in Chapter 4. The theoretical variations of 

laminar shear during different stages of loading are shown in 

Fig. 7.1.a. gs. 7.1.b and c show the variation of axial force 

along the height of the model for the tension and compression walls 
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at ultimate load. The ordinates represented by (1 )indicate the 

forces generated in the walls due to the accumulation of laminar 

shear. The ordinate. (2), shows the uni form compressive force due to 

prestress. The shaded diagram, whose ordinates are represented by 

(3), indicates the net axial force in the wallse 

Figss 7.1.d and e show the variation of shear force in the 

compression and tension walls. The stepped thin line indicates the 

maximum external shear when the ultimate capacity of the wall is 

attained whereas the stepped thick line shows the reliable shear 

capacity provided, ignoring the contribution of concrete to shear 

strength. 

gs. 7 .. 1 .. f and g show the variation of moments in the tension 

and compression walls where the curves are designated as follows: 

(a) Moment variation for the laminar model at ultimate 

(Pointed line) 

(b) Moment on at ultimate taking into account the 

discrete nature of beams. 

(0) Design envelope for tive moment 

(d) Di d positive moment envelope for cut off of steel. 

(e) Design envelope for negative moment. 

(f) Displaced negative moment envelope for cut off of steel. 

(g) Positive moment capacity provided. 

(h) Negative moment capacity provided. 

The moment capacities of the walls (curves (g) and (h) were 

based on the reinforcement provided and the variation of estimated 

axial forces present at ultimate load. (Fig s .7.1.b and c). As in 

the case of Shear Warr A, the moment capacities provided at the base 

of the tension and compression walls were equal to the estimated 

maximum moments at ultimate load. The reason for the excess strengths 

of the walls in the top floor and for the reversed moments were 

discussed in Section 6.2. 
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703 LOADING 

The load sequence is shown in Fig. 7.2. The loads acting 

from left to right, as shown in the insert, are considered posi ve 

when the model is viewed from the north side. The maximum load 

during the first two cycles was of the order of 0.15 p •• 
u 

was less than the estimated cracking load. 

This 

During cycles 3 and 4 the maximum load was increased to 

approximately 0.4 P* , and this was less than the estimated load 
u 

required to yield the steel in the critical beam. 

These load cycles were then followed by two cycles of 

moderate loading (cycles 5 and 6), during which yielding of the 

diagonal bars in the 1st, 2nd and 3rd floor. coupling beams occurred. 

The load was less than that required to yield the flexural steel in 

the walls. Two elastic cycles followed with a maximum load intensity 

of 0.4 

naJly, 8 cycles of high intensity loading were ed. 

During each of these cycles the model was loaded so that the diagonal 

steel in all the beams and the flexural steel in both the walls 

yielded. After attaining the ultimate load, the model WaS subjected 

to inc ng deformations till the predetermined top floor 

displacement was attained. This displacement was such that the 

overall ductility of the model attained during each of these cycles 

was at least 4. During cycle 16, which was intended to be the 

last one, large plastic deformations were imposed till the model 

fail by buckling. 

BEHAVIOUR OF DIAGONAL REINFORCEMENT IN THE COUPLING BEAMS 

Each coupling beam was provided with eight 2 in demac gauge 

points on each face as shown in the key diagrams of Fig. 7.3.a. 

Figs. 7.3.a and b show the strain variation the tension di 

of all coupling beams. For positive loading the average of the 
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strains measured at gauge locations 3, 4, 5 and 6 are plotted 

against the height of the structure. For negative loading the 

average strain is based on the measurements made at gauge locations 

1 t 2, 7 and 8. In Fig. 7.3.a the theoretical strain variation at 

the onset of yield in the cri cal beam at P 0.5 P$ is shown 
u 

with broken lines. The observed strains and the measured strains 

are seen to be similar. In Fig. 7.3.b the maximum strains attained 

during high intensity cycles 9 to 15 are shown. It is seen that 

the beams in the critical region have been subjected to nearly 

20 times the yield strain of steel. 

Fig. 7.4 shows the typical strain history of the diagonal 

reinforcement at the instrumented location in the 2nd floor coupling 

beam. Fig. 7.4.a shows variation of strain at this location during 

moderate loading up to cycle 9. The broken line shows the 

approximate theoretical strain variation up to the onset of yield of 

the reinforcement. For drawing this theoretical strain variation, 

it has been assumed that steel strain in the tension chord of the 

coupling beam varies linearly with the increase in load on the shear 

wall. The yield strain of steel, based on uniaxial steel stress 

strain relationship, was 1400 microstrains. At 0.6 the steel at 

the instrumented location attained this yield strain. This steel 

was expected to yield at a load of 0·5 pllt . The initial cracks u 

which formed during cycle 3 and cycle 5 did not cross the 

instrumented gauge. An examination of the photograph of this beam, 

reproduced in g. 7.23.e, shows this. 

Fig. 7.4.b shows the strain history during the high intensity 

cyc les. The "Bauschinger effect" associated with cyclic loading of 

steel members is noticeable. During the negative cycles at high 

load intensities (> 0.8 P*) , for cycles 12 and 14 the strain 
u 

history curve indicates stiffening of the member. This is associated 

with the closing of the cracks. The diagonal cracks formed in 
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cycles 11 and 13 are closing because of compression across the 

cracks during cycles 12 and 14. After the closure of the cracks 

the concrete also contributes in resisting compression. During 

cycle 15, at a load of 1.12 p. , the instrumented bar was capable 
u 

of sustaining a maximum strain of 34,000 x 10-6 . This is 

approximately times the yield strain of steel. The hysteresis 

loops indicate that a diagonally reinforced beam is capable of 

dissipating large amounts of energy by yielding of the diagonal 

bars. The energy absorption properties of these beams are 

discussed in Chapter 8. 

7.5 BEHAVIOUR OF THE FLEXURAL REINFORCEMENT IN THE WALLS 

Figs. 7.5.a to d show the strain variation of the flexural 

wall reinforcement wi th height during cyclic loadin,g. The insert 

in each figure shows the designation and the location of the 

reinforcement for which the at ns have been plotted. On each 

cvrve the cycle number and the load intensi expressed as a ratio 

to the theoretical ultimate load, 

figures the theoretical s 

~ are shown In each of these 

ion t a load of 0 70 p. is 
u 

plotted for comparison. (See the broken line curves) This 

theoretical strain variation was ed on considerations of the 

laminar model as explained in Section 6.5. 

In Fig. 7.5.a the strain variations for the outer bar (F) 

and the middle bar (E) for the left wall are shown. In Fig. 7.5.d 

the strain variation for the outer bar(A)and the middle bar (B) for 

the right wall are shown. As in Shear Wall A, the strains in the 

two layers of reinforcement which were plotted for the bottom two 

storeys are very similar. The strains in the outer bars are larger, 

as one would expect from a linear distribution of strains across 

the section. 



The strains are maximum at the base of the walls. (See Figs. 

7.5. a to d.) During cycles 1 to 8 the strains in the flexural 

steel in the walls were below yield level. During cycle 9, which 

was the first high intensity cycle, the outer and middle layer of 

tension steel (bars (F) and ~»in tension wall (see Fig. 7.5.a) and 

the single layer of tension steel (barm») in the compression wall 

(see Fig. 7.5.0) yielded. The sequence of astification in these 

flexural bars is discussed in Section 7.7.1. 

For the outer bars Oi:) 00 (B )and (A) the strain distribution 

follows the same pattern as the theoretical strain variation for 

the laminar model A comparison of the broken line curve, which 

corresponds to the theoretical strain variation for a load intensity 

of 0.7 , with the observed strain during cycle 5 at 0.71 p. 1 
u 

shows this. (See Figs. 7.5. a and d.) For bar(E) the theoretical 

and observed strain variation (see Fig. 7.5.a) show a fair agreement 

at approximately However, the theoretical and observed 

strain variations for the bars(A)(C)and(D)(see Figs.7 5. b, c and d) 

are significantly different due to slip at cracks and lack of closure 

of cracks formed in previous cycles. On the theoretical strain 

variation for the laminar model the wi es due to the discrete 

nature of beams is shown for the bottom two beams. Similar to 

the observations made in Shear Wall A, the discrete nature of the 

beams does not significantly alter the strain distribution in outer 

bars (A)and(E). The strain variation for the inner bars (C)andeD) 

shows that the wiggles introduced by discrete beams are considerably 

larger. This is due to the beam forces introduced by diagonal bars 

which affects the strain measurements along the inner faces of the 

model. 

As expected the tensile strains are larger than compressive 

strains (see Figs.7.5. a and d). The length over which the tension 

steel yielded in tension wall was considerably larger than the 
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corresponding length of yield for the tension steel in the compression 

wall. For , compare the strain variation during cycle 9 at 

1.18 p~ in the bottom floors for bar(E)in tension wall and bar(C)in 
u 

the compression wall. The differences in the lengths of yielding 

of the tension steel in the walls leads to different lengths of 

plastic hinges. This is in accordance with the theoretical study 

made in Section 4.4. Based on these strain variations a 

quantitative assessment of rotations occurring in the astie hinge 

for the two walls is made in Section 7.7.7. 

Fig s .7.6 a to d shows the strain at the instrumented locations 

nearest to the base block plotted against the lateral load. The 

location of the gauge for which the strain history has been plotted is 

shown in the key diagram. During cycles 1 to 4 and cycles 7 and 8, the 

strains were low and hence the strain variation during these cycles 

is not shown. A study of th.se figures shows that: 

(a) Duri cycle 9, at ultimate load. tension steel in both the 

tension and compression wall yielded. The C steel (D) in 

the tension wall ( ee Fig.7.6.b) and the comprebblun steel (A) in 

the right wall (see 7.6.0) did not aId At the end of cycle 9 

there were large permanent strains in the bars (F) and (C). The 

permanent strains in the bars (D) and (A) were at this stage 

insigni ficanL 

(b) During the reversed cycle 10, bars(F) and (C) were in 

compression. .7.6. a and d indicate that these bars have 

yielded in compression. Bars CD) and (A) were subjected to tensile 

strains beyond eld. At the end of cycle 10 large permanent 

tensile st ns remained in all bars 

(c) The hysteresis loops for the outer bars F and A are 

similar. They indicate that the cracks formed across these outer 

bars close when the wall is in compression. At W4 the strains 

return to compression during even numbered cycles near ultimate 
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loads whereas at these loads the strains measured at W, during 

odd numbered cycles indicate a net residual tension of approximately 

-6 2800 x '0 The closure of crack at .1 is less compared to 

that at 14 • This is caused by more extensive dailiage at ., (right 

hand bottom corner) than at 14 (see Fig. 7. .d). The wider 

cracks formed at I 1 
has encouraged the accumulation of debris which 

has prevented the cracks from closing completely. 

(d) The force resisted by the single layer of steel is less. 

During positive cycles maximum tensile strains at W
2 

are considerably 

smaller than the maximum tensile strains at W4 ' in accordance with 

the compatibility of rotations at the base of the walls. During 

the reversed cycles the closure of cracks is more effective at W4 
due to large compressive forces generated in the compression zone 

of the compression wall than at situated in the narrow compression 

zone of the tension wall. Hence the hysteresis loops for the inner 

bars (C and D) are smaller than those for the outer bars 

( ) In all the bars. the low stiffness associated with the 

Bauschinger effee during compression yielding is noticeable at 

loads less than 0.6 p. from cycle 12 onwards. Consider for example. u 

the stiffness of bar(A)at .1 during cycle 13. Near theoretical 

ultimate loads an improvement in stiffness is witnessed at W
2

• 

This is due to the forces transmitted by the debris which had filled 

the cracks. It is to be noted that such an improvement in stiffness 

is not observed at or at ., • The extent to which the 

concrete is effective in transmitting compressive forces across the 

cracks is dependent on the uncertain effects of filling of dislodged 

particles in the cracks in the later high intensity cycles 

(f) With progressive cyclic loading the permanent tensile 

strains increased in all bars. This has contributed to the 

lengthening of both the walls. 
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(g) It can be seen that the reinforcement has performed 

satisfactorily during test. At the critical location all the bars 

were subjected to tensile strains of the order of 16 times the yi 

strain. 

7~6 THE BEHAVIOUR OF STIRRUPS IN THE WALLS 

7.6.1 

Fig. 7 7 and • 7.8 show the load-stress relationships for 

the eighi instrumented stirrups at locations croBsed by diagonal 

cracks in the left wall and right wall respectively. In general 

the stirrup stresses are low until the stirrup is crossed by a crack. 

Indeed some of the stirrups are in compression at low loads. The 

continuity of curves between the readings for the fifth and nineth 

cycles indicate very little strength degradation with cyclic loading 

up to cycle 9. During cycle 9, at ultimate load the stirrup 

stresses were to 80% of yield stress level. Stirrup stresses 

during subsequent cyclic loading at ultimate load were considerably 

r than those re orded for cycle 9. These are indicated by thin 

lines which do not represent the stress variation with load These 

thin lines compare the shear resisted by stirrups near ultimate load 

for different high intenSity cycles. The stirrup stresses in the 

later cycles are significantly larger, indicating progressive shear 

strength degradation. 

In Figs. 7.7 and 7.8 the observed stirrup stresses are 

compared with those predicted based on the considerations outlined in 

Section 6:6. For each stirrup two theoretical limits, one 

considering the contribution of the concrete and the other that of 

the stirrups only, are shown. The upper limit line is based on the 

classical truss anal~gy which assumes that the critical diagonal 

crack will form at 450 crossing 8 stirrups, However, the critical 

diagonal crack crossed only 5 stirrups in the left wall and 6 stirrups 
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in the righ t wall, It is seen that at 80% of theore c ultimate 

load, the observed strain is close to the lower limit. As the loads 

in subsequent cycles increase, the strength of concrete degrades 

and hence the stirrups accept larger portions of the external shear. 

Hence, the curves rise up to and beyond the values predicted by the 

upper limit. With further cyclic loading the stirrups yielded. 

7.6.2 ~S~~~~~.~~~~~ __ ~ __ ~~~~~~~~~ 

The forces in stirrups, at points where they were crossed 

by the major cracks, have been plotted in Fig. 7.9.a for 

the left wall and in Fig 7.9.b for the right wall. Up till cycle 5 

the stirrup forces are low. During cycle 9, at a maximum load of 

1.11 ,the stirrup forces across the major diagonal cracks in 

both walls are still well below yield. The forces are higher in 

the middle stirrups than in those at the edge of the diagonal cracks. 

However, during c e 13, when large deformations were imposed, most 

stirrups sIded across the ential di 

It is noted that the critical 

lure cracks. 

crack in the tension 

wall does not form at 45° crossing 8 stirrups as assumed by the 

classical truss analogy_ Due to the presence of large axial tension 

in the left wall, the crack forms crossing only 5 stirrups. In the 

right wall, although the diagonal crack crossing stirrups 3 to 7 

forms approximately at 45°, the flexural cracks across the single 

of reinforcement in the inner facB formed during the positive 

loading,and across the five layers of reinforcement at the base 

formed during reversed loading joins up with the diagonal cracks. 

Hance stirrups 1 and 2 do not effectively contribute to the shear 

resistance. However, large shear forces could be transmitted across 

the horizontal portion of the crack by the concrete because of the 

large compressive forces generated in this area. 
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During a positive cycle, near ultimate load, the strains in 

the outer layer of flexural reinforcement are of the order of 

20,000 x 10-6 'fhe residual tensile strain in the inner bar is 

approximat -6 8000 x 10 .• An examination of Fig. 7.6. a to d 

shows this. This indicates considerable lengthening and rotation 

of the tension wall plastic hinge. Under these circumstances the 

shear resistance offered by the concrete in the tension wall will be 

negH gi ble. Stirrups 3 to 5 however, would still be effective. 

The resistance offered by the stirrups 2 and 6 at the end of the 

diagonal cracks to sliding shear is likely to be negligible owing 

to the presence of a number of flexural cracks parallel to the 

stirrups at the ends. At this stage the force resisted by three 

stirrups (3 to 5) in the tension wall could be no more than 0.26 • 

In the compression wal1~ the force resisted by 6 stirrups 

crossed by the potential diagonal crack is OQ 

remaining shear, 0.31 

p. . Therefore the 
u 

~ o. F*) must be 
11 

resisted by other mechanisms such as the concrete in the compression 

wall and dowel action of flexural reinforcement etc. 'J.'he ultimate 

shear resisted by oncrete in the compression based on the 

ACI shear equation was shown (see Section 6.6) to be o 20 P* • 
u 

The foregoing discussion shows that nea of the total shear is 

resisted by the compression wall at ultimate load. This involves 

shear redistribution. Horizontal axial forces in the beams are 

required to transmit the shear to the compression wall's plastic 

hinge zone. 

g. 7.10 shows the proportions of total shear resisted by the 

stirrups across the potential diagonal cracks of the left and right 

walls for the tive load cycles. The vertical ordinate between 

the relevant curve and the horizontal axis represents the shear 

resisted by stirrups. The ordinates measured between the inclined 
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straight lines represent the total base shear. The ordinate between 

the relevant curve and the inclined straight line represents the 

shear resisted by mechanisms other tha~ the web reinforcement. For 

example, at a maximum load of 62.25 kips, during cycle 11, the 

ordinates 'a' and 'b' represent the shear resisted by the stirrups 

across the potential cracks, whereas Vb'] and V b2 represent the 

total theoretical shear resisted by the left and right wall 

respectively 'fhe ordinates la' and 'b' are based on measurements 

made on the stirrups. The ordinates Vb1 and Vb2 were computed 

using the elasto-plastic analysis described in Chapter 4. Thus, the 

ordinates 'e ! and Ie I show the theoretical shear resisted by the 1 . 2 

'concrete' in the left and right wall respectively As expected the 

shear resisted by 'the concrete' is considerably larger for the 

compression wall than for the tension wall 

During cycle 5 the shear resisted by stirrups is small. At a 

load of 007 less than 20% of the applied shear is resisted by 

stirrups. During cycle 11, at a load of 1.11 , 60% of the 

applied shear is resisted by stirrups The increase in the shear 

resisted by stirrups during the later cycles shows the progressive 

deterioration of the shear capacity of the walls consequent to the 

reduction in the shear resisted by the concrete. During the final 

cycle the stirrup contribution to the shear resistance is more 

than 80%, 

7.6 3 

Figs 7.11. a and 7.11.b show the strain distribution for 

the ei t instrumented stirrups in the left and right wall respectively. 

The positions of cracks are indicated in the key diagram as well as 

in each of the diagrams which show the stirrup strains. The cracks 

which may be considered as potential failure cracks during positive 

and negative load are underliried with thin broken lines in the key 

diagram. For cycle 5 the strains have been plotted for two typical 
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increments. The strain distribution at maximum load levels attained 

are shown for cycles 6 and 9 to 15. These measurements show that: 

(a) The stirrup strains are large at locations crossed by 

cracks. 

(b) During cycle 9, the strains are more for the stirrups at 

the middle of the diagonal cracks than for those at the ends. 

Comparison of strain distribution in stirrup 8 and stirrup 1 with 

other stirrups in both of the walls show this. 

(c) At locations crossed by diagonal cracks, the stirrup 

strains at ultimate load during cycle 11 are significantly mOre than 

those at ultimate load during cycle 9. This shows the deterioration 

of the shear strength of the wall. 

(d) Up to cycle 10, the stirrup strains are less than yield 

strain. From cycle 11 onwards, large deformations were imposed on 

the shear wall. However, during the entire loading the maximum strain 

in the stirrups was less than twice the yield strain. 

Fig. 7.11.c shows the strain history of a typical stirrup 

during cyclic loading The instrumented stirrup and the positions 

of cracks are also shown in this figure. the first eight 

cycles the stirrup strains are low. During cycle 9 the stirrup strain 

increased in all the fiVe gauges. The stirrup strains are less than 

yield strain until cycle 12. During cycle 13, at maximum loads j 

the stirrups yielded at locations crossed by diagonal cracks. 

7.7 DEFORMATIONS 

The load-top floor deflection relationship for cycles 1 to 8 

is shown in Fig 7.12.a. During cycles 1 and 2 the maximum load on 

the shear wall (0.12 p*) was less than the estimated cracking 
u 

load During cycles 3 and 4 the maximum load was increased to 
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This was less than the load required to yield the steel 

in the critical coupl beama At this load, during cycle 4, the 

maximum top floor deflection was 0.24", i.e. H/875. Cracks were 

first observed in the 2nd floor coupling beam at loads of 0.15 

during cycle 3 and 0.18 pI!< during cycle 4. During cycles 5 and 6 u 

the maximum load (0.7 p*) caused a top floor deflection of 0.43" u 

(H/490) and 0 611 (H/350) respectively. Yielding of the tension 

chord steel in the cri tical (2nd floor) coupling beam was observed over 

a load range. This is indicated on the load-top floor deflection 

curves for cycles 5 and 6. The deflection at which all the four 

bars at either of the tension corners of the 2nd floor beam yielded 

is indicated as the first coupling beam yield. This deflection was 

0.15" (H/1400) for the positive cycle and 0.4" (H/525) for the 

reversed cycle. This load was followed by "elastic" cycles 7 and 8 

during which the deflections were less than 0.4 11 (H/525)e 

The 1 floor deflection relationship for the high 

intensity 9. to 16 is shown in Fig. 7.'120b During cycles 9 

and 10 the shear wall Was loaded the eld. The maximum 

deflecti ons during cycles 9 and 10 were 2. and 2.1 11 

respectively. During cycle 9 the deflection, when the s1 

layer of tension steel in the compression wall elded~ is indicated 

as the first wall yield. During the reversed cycle 10, yielding was 

first observed in the tension steel of the tension wall. The 

deflection when the middle layer of this tension steel attained yield 

level is indicated as the first wall yield. 

During each of the subsequent cycles (11 to 16) the 

deflection at ultimate load was more than 2.5 11 (H/84). Cycle 16 

was intended to be the last one. During this cycle large plastic 

deformations were imposed on the model. The shear wall attained a 

top floor deflectio11 of 7.5" (H/28) at 1.10 before failing. 
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Three theoretical stiffnesses (oa)(ob)and(oc) are shown in 

Fig. 7.12.a and Fig. 7.12.b. These were based on the same 

considerations as described in Section 6.7.1. 

In Fig. 7612.a the origin is shifted to(OI)to allow for the 

deflection of the model due to its own weight. During cycles 1 and 

2 the stiffnesses predicted by line (Ola) and obtained experimentally 

agree well. During cycles 3 and 4 the predicted (O'b) and 

observed stiffnesses have good correlation up to a load of 0 25 p. u 

for cycle 3 and for cycle 4. Beyond this load the 

observed stiffness is less. As expected, after the onset of yield 

in the critical beam, the stiffness of the model lies between the 

values corresponding with lines (oe) and (ob). 

The broken line (obd) in Fig. 7.12.b is the assumed 

theoretical bilinear relationship for the shear wall model. In all 

the high intensity cycles, the stiffness of the shear wall at low 

loads « 0 2 ) is considerably than that indicated by oc 

This is due to the superior performance of the reinforced 

beams 

For omputing ductili I the deflection at the top floor at 

the onset of yield (b) for the theoretical bilinear behaviour (obd) 

is taken as reference yield deflection of the shear wall. For the 

model this is 0.5 11 • When the permanent deformation of 2", which 

was at the end of cycle 15, is also considered, the 

ductility attained before failure in cycle 16 is 19. The ductility 

attained in each cycle and the energy absorption properties of the 

model are discussed in Chapter 8. The stable hysteresis loops 

resemble the shapes obtained for a steel member. 

Fig. 7013 e. presents a comparison of the load-top floor 

deflection curves observed during cyclic loading, shown in heavy 

full lines r cycles 5 and 9, with those predicted. Along the 

observed load=top floor deflection curve the observed sequence of 
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yielding of diagonal reinforcement in the beams and flexural 

reinforcement in the walls 1s also shown with the following numbers 

at filled small circles~ 

1 One of the four bars in the tension chord of the second 

floor beam yields in cycle 5~ 

2 All bars in both tension corners of the second floor beam 

yields in cycle 5. 

3& The single layer of tension steel in the compression wall 

elds in cycle 9. 

4. Outer I' of tension steel in the tension wall yield~. 

5. Middle layer of tension steel in the tension wall yields. 

6. The diagonal steel in all the beams and the flexural steel 

in the walls have all at yield level. 

was 

The tension chords of the coupling beams were reinforced with 

3 and 2 - diameter bars. 

first witnessed in the outer 

The onset of yield at P 0.38 

3 bar. The strains at the 

instrumented gauges of the ather three were below yield level. 

The strains at all the four instrumented gauges were above yield 

level only after a load of P 0.54 was reached Similar 

of yi~ld was observed in the wall flexural steel. The ranges of 

load intensities at which elding in various parts of the structure 

developed are indicated at the left hand of Fig. 7.13.e. using the 

following notation: 

Range I 

Range J 

Range K 

yielding of second floor bearne 

yielding of all beams 

elding of tension wall. 

Range L yielding of compression wall. 

CurVe 1 shows the computed load-top floor deflection 

tionship, based on the analysis presented in Chapter 4, for the 

model using a bilinear stress-strain curve for the steel with no 

strain hardening (see Fig. 7.13.a). The theoretical sequence of 
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formation is shown in The theoretical stages of 

plastification of the components, with the notation used in Section 

4~3.2. are indicated on curve 1 (see the filled squares). 
I 

Conside the assumptions used in the derivation of the 

theoretical curve, it may be said that good agreement exists between 

the computed results and the relationship obtained during cycle 5. 

However, the the curve overestimates the stiffness during 

cycle 9. This is to be expected. The theoretical curve implies 

monotonic loading. The during cycle 9 should be less 

than that based on monotonic loading. because c darable amount 

of ffness degradation must have occurred, particularly during 

cycle 6. Also the ultimate load observed is about 17% more than 

that predicted. This is due to s n hardening of in the 

c ng beams as well as in the walls. 

The dotted curve 2 Fig~ 7.13 was obtained with the use of 

the steel stress-st n relati shown in 

strain hardening of the steel considered there is a better 

correlation between the cted and observed ultimate loads. 

In another Bet this University~ Gormac 3 applied a 

nonlinear finite element analysis to predict the behaviour of Shear 

Wall B specimenQ The te element mesh used is shown in Fig. 

An incremental iterative method was employed. In this~ 

ultimate load was attained in four equal increments. The load-top 

floor deflection relationship predicted by this analysis is shown 

with triangles (curve 3). The deflections predicted by Gormsck up 

to 0.9 are more than those obtained using the finite difference 

method .. 

Iterative finite amant analyses rec se ffness reduction 

due to stress concentrations in the wall elements adjacent to the 

beam wall junction. At approaching ultimate load, Gormack's analysis 

considers zero stiffness for yielding elements only, whereas the 
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nite difference solution assumes zero stiffness for the whole wall 

section. Hence the deformations predicted by the two analyses at 

these stages are slightly1different. 

Using the load-top floor deflection relationship shown in 

Fig. 7.12.a and 7.12.b, the stiffnesses of the model was computed as 

the of the tangent to the load-deflection curve at the load 

levels considered The stiffnesses so obtained are plotted against 

the load ratio in Fig. 7.14. The arrows indicate progressing loading 

(full lines) and unloading (broken lines). On the same figure 

the following theoretical stiffness levels have also been shown~ 

x - Both walls and beams are in the uncracked state 

Y Both walls and beams are cracked at the onset of yield 

in the critical lamina. (Refer to Section 6.7.2~) 

Z Both walls in the cracked state and beams having zero 

0) " For the purpose of stiffness study only, it 

is assumed the two walls resist the ext action and the 

beams transmit hori axial forces only 

As expected the stiffness of the shear wall during cycles 1 

and 2 is close to the stiffness indicated by X. The reduction in 

stiffness due to cracking (cycles 3 and 4) is about 35%. After 

this the stiffness progressively reduces. 

During cycles 5 and 6, the stiffness degradation due to 

yielding of the three coupling beams in the critical region, and 

owing to the formation of the diagonal cracks at the base of the 

walls, may be observed0 The low stiffnesseB at the commencement 

cycles 7 and 8 are due to the open cracks formed during previous 

loading. 

The low stiffness during the beginning of cycle 9 is due to 

open c in the coupling beams formed across the diagonal steel 

while yielding occurred during the reversed loading (cycle 6). 
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When these cracks are closed an improvement in stiffness is observed 

due to the concrete also contributing to the load resistance. 

After reaching a maximum stiffness at the sti ffness ns 

to falloff due to the yielding of diagonal steel in the coupling 

beams. Yielding of steel in both the walls was observed at a load 

of 0.95 P* • u 

almost zero. 

At 1.12 p:~ the stiffness of the shear wall was 

Curves for cycles 10 to 16 indicate the stiffness of the model 

plastic deformations are imposed. At low loads the 

stiffness is r than the theoretical stiffness, indicated by 

broken line Z. The improvement in overall stiffness, compared 

with Shear Wall A, is due to the larger stiffness of the diagonally 

cracked diagonally reinforced beams. During each of these hi 

intensity cycles the stiffness of the shear wall gradually reduces 

to zero at ultimate load. After cycle 12 no s ficant change of 

tiffness occurred The stiffness characteristi s of Shear 1 B 

are compared with thos of Shear Wall A in Chapter 8 

Using the measurements made with the theodolite at the centre 

line of the walls, rotations of the coupling beams, defined in 

Section 4.3.1, were computed as detailed in Appendix B 

rotations of the coupling beams observed during various cycles are 

otted nst the positions of the coupling beams. In the same 

figure the approximate yield rotation of the identical beams is also 

shown. The maximum ductilities attained during cycle 15 and cycle 

16 at ultimate load (1.11 ) by the 2nd floor beam is approximately 

20. In the same figure the theoretical variation of beam rotation 

with height for a load of 0.5 is shown in thin broken lines for 

comparison. 
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The rotation computed from measurements made on the centre 

line of the wall includes the deformation of the portion of the wall 

between the face of the beam and the centre line of the wall, wherein 

the steel is anchored. To have an estimate of the rotations due to 

deformation of the steel anchored in the walls, rotations were also 

computed using the diagonal steel strain readings. The assumed 

development lengths for the compression strut, It ,and tension de 

member, l~t' respectively, are shown in Fig. 7.15.c.(i) and (11). 

The at €t ~ along the tension chord was assumed to be constant 

as shown in Fig. 7.15.0.(i). The assumed variation of strain in the 

compression chord is as shown in Fig. 7.15.c.(ii). This variation 

results from the assumed effective area of concrete resisting 

compression, shown shaded in Fig. 7.15.c,(11i). e c represents the 

average strain measured at the instrumented location on steel in the 

compression strut. The elongation of tension chord, 6 1 ' and the 

contraction of compression chord, 62 I were computed as the area of 

the strain diagram shown in Using these 

deformations and the geome of the distorted beams(see Fig. ,.10 c) 

the beam rotation, 9b was computed as 

where a is the inclination of the diagonal steel to the horizontal 

axis of the beam. 

For each load increment the beam rotation was computed for 

the following set of assumed development lengths: 

(a) l' g de IJt :: 0 • This gives the rotation of the beam 

between the faces of the walls. 

(b) IJt 0.151 and s l' de 0 . 
(c) IJt 0.251 and 1 t :: 0.1 

s de 
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The rotations so derived are then compared with those 

obtained from theodolite measurements at the centre line of the wall. 

Fig. 7.15.b and c show this comparison for cycles 5, 6, 9, 10, 14 

and 15 respectively. The broken lines show the rotations of the 

beams which include the deformations of the steel anchored in the 

end block. These were derived from the theodolite measurements. 

The full lines represent the rotations based on the strain readings 

with the assumed development lengths as defined in (a), (b) and (c) 

in the preceding paragraph. 

As expected, during moderate loading, the contribution of . 

the deformation of steel anchored in the wall to the beam rotation 

is small. (See cycles 5 and 6 in Fig. 7.15.b.) During cycle 9, 

for the bottom three coupling beams the rotations. obtained from the 

optical measurements indicate that the values of 1dc and 1dt lie 

within the range (b) and (c). The rotations obtained from strain 

readings underestimate the overall deformation of the beams at the 

top of the structure. At this stage the cracks, which developed in 

the beams at the top, did not pass through the instrumented gauges 

(see Fig. 7.24.a and b, cycle 10). With progressive cyclic loading 

the contribution of deformation of steel anchored in the walls to 

the beam rotation increases. Comparison of the full line curve(a), 

which disregards this deformation and the broken line curve obtained 

by optical measurements, for different cycles, shows this. In later 

cycles (compare cycles 10, 14 and 15 with cycle 9) the patterns of 

variation of rotations obtained from strain measurements and optical 

measurements agree well.· During the high intensity cycles at near 

ultimate loads, 20 to 30% of the beam rotation results from the 

deformation of steel anchored in the walls. 

Fig. 7.16 shows the variation of beam rotation plotted 

against the load ratio for all the sixteen cycles for the 
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most severely affected beam at the second floor. These were 

computed using the strain measurements made on diagonal steel with 

the assumption Idt 0.251 and l~ = 0.151 • s nc 6 
An enlarged 

rotation scale WaS used (at the top left hand corner of the diagram) 

to present the behaviour during the first eight cycles. This is 

included in the shaded area of the main part of Fig. 7.16. The 

stiffness degradation due to cracking can be seen during cycle 30 

The stiffness degradation due to yield of the reinforcement in the 

tension chord is noticeable during cycle 5. Cycles 9 to 16 are 

high intensity cycles. The stable hysteresis loops during these 

cycles show the excellent behaviour of the diagonally reinforced 

beams. This will be compared with the behaviour of conventionally 

reinforced beams of Shear Wall A in Chapter 8. 

Using the theodolite measur~ments made at the centre line of 

the walls, the elongation of the coupling beams were estimated. 

These el ons,obtained during cycles to 16,are plotted against 

the position of beams in Fig. 7.17 

The elas c s presented in Chapter 4 ignores 

beam elongations. Till the onset of yield in the c tical lamina 

the structure is elastic. Up to this stage the theoretical beam 

elongations, ignoring the contribution of deformation of steel 

anchored in the end block, are assumed to be proportional to beam 

shears. Based on this assumption and defining elongation, DR ' 

(see Fig. 3.10) as 

the beam elongations for the various coupling beams at the onset 

of yield of the critical lamina was computed. This shown in 

Fig. 6.17 in broken lines. The pattern of observed elongation 

(see cycle 9 at 1.08 P~) and that computed (see enlarged theoretical 
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variation at 0.46 p.) are similar 
u 

Also the pattern of elongation 

variation and the pattern of ~otation variation (see Fig. 7 15.8) for 

the coupling beams are similar However, a comparison of , 

theoretical beam elongations at 0.46 (broken line curve) with 

those measured during cycle 5 at 0.43 shows that the predicted 

value is This is to be expected as the observed values 

include elongations of the beam associated with the deformation of 

the steel anchored in the wall. The observations during cycle 9 

indicate that the elongation increases are more for the 

second floor beam than for the beams near the top of the structute. 

During cycle 9 at 1.08 p. the second floor beam had suffered 
u 

considerable yielding whereas the top floor beam had just attained 

yield level. In I the figure shows that the coupling beams 

in the cri tical on are subjected to large plastic deformations. 

In the model the two walls were free to move apart These 

beam elongations, being rather small when c with the top 

floor deflection, did not s fic affect the overall behaviour. 

In a prototype structure floo slabs will restrict the movement of 

the walls. This would prevent the beam elongating Hence 

compressive and shear stresses will be d at the slab wall 

junction The floor slab could also increase the stiffness f the 

coupling system The tensile cracks which will develop at the slab 

wall junction at the inner face of the walls will, however, reduce 

the beneficial effects of the floor slab in assisting the beams. 

The likely effects of the restraint by nst beam elongation 

on the overall behaviour needs further investigation. 

In Figo 7.18 the elongation history of the 2nd floor beam is 

shown. The full lines were based on the theodolite measurements 

made at targets 9 and 16 (Fig 7.17) at regular load intervals As 

can be seen these two targets were not situated at the intersections 

of the centre lines of the beams and the walls. Hence the 
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elongation obtained using the measurements made at ts 9 and 16 

are termed lithe proportionate elongations" of the 2nd floor beam. 

Elongations were also estimated from strain measurements made 
; 

at the instrumented locations. For this the i ieed n 

variation as shown in Fig 7.15.c.(i) and (ii) were used for the 

tension and compression chord respectively, and the net elongation of 

the beam was computed ( .(7 2)at various load intervals th the 

assumed dev lengths 
t and lde"" 0.1 

These elongations are shown with dotted lines in • '7 18. An 

observation of this figure shows that: 

(a) There is good agreement hetween the "proportionate 

elongation" obtained using the theodolite measurements and the 

results obtained using the strain measurements as indicated above. 

(b) During the rst eight cycles the elongations are small 

compared with the high intensi cycles. In these first four 

cycles the c ng beam e1 ons varied with 

the 

(c) During cycle 9 the beam drastical el with the 

load ultimate When the load is reduced, after reaching 

the ultimate load the beam ontracts During reversed loading in 

cycle 10, the 'beam contracts up till a load of 0,,8 p$ With 
u 

further increase in load the beam n elongates> 1'his phenomenon 

is associated with the closing of cracks formed during cycle 9 at 

location where steel yielded extensively. Till these cracks are 

closed the contraction of the compression chord if:) more than the 

elongation of the tension chord. This is due to the Bauschinger 

effect of the steel in the compression chord. After closing of the 

cracks the concrete also contributes to the resistance of the 

external action in the compression chord, whereas steel alone is 

responsible for resisting tension in the tension chord. The latter 

dominates deformations from there on and hence the beam again 

elongates till the ultimate load is attained. 



(d) th subsequent high ty cyclic loading, the 

ion of the beam near ultimate load, and the ass ated 

contraction of the beam due to Bauschinger effect at low loads, 

progressively increase •• During each of these cycles the elongation 

at ultimate load is considerably larger than the contraction of the 

beam at low loads Thus, at the end of each cycle the beam becomes 

longer In the lat'l;er ( and '16) the el ion at 

ultimate load and the contraction at low loads are larger than they 

were during cycles 9 10 The contraction at low loads 

during the later cycles indicates the presence of wider cracks 

This agrees with the crack width measurements made and which are 

discussed in Section 7.8. 

(e) The elongations derived from s measurements with 

allowance for the assumed development lengths (see Fig 7.15.c.(i) to 

(iii»,l~t D. s and l~c 0.1 are more than those based 

on 1eal measurements during cycles 9 to 13. From cycle 14 the 

two elongations agree well. 

Fig 7.19 shows the deflection profiles of the left wall 

ng cycles 5 and 6 and intensi cycles 9 to 16 These 

deflections were computed from theodolite measurements made at 

1 to '\3. The'deflection profiles show that the shear wall 

is practically straight above the first floor at all load levels. 

This indicates that the top floor deflection resulting from the 

contribution of flexural and shear deformation of the walls above 

the first floor level is small. A quanti assessment of this 

is made in Section 7.7~7, based on the wall curvature vari 

height derived from measured steel strains. 

s 

on with 

Using the measurements made at the targets in the top floor 

of the wa116 9 the e1 on of both walls. relative to the base 
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referent: line also computed. In Fig. 7.20, the ion of 

the left and 1'1 t wall, cyclic loading, is plotted nst 

the late load The left wall is subjected to tension during 

odd numbered cycles and to compression during even numbered cycles. 

The contraction du the even numbered cycles is 18SS than the 

e1 ion odd numbered cycles. Hence, with cyclic loading 

the wall 1y elongates. At the end of €I 15 there is 

a permanent deformation of approximat o. in both the walls. 

8i fi yield deformations of the reinforcement 

in the bottom floor of both walls have contributed to this 

elan of the walls. 

The curvatures at various wall sections were estimated using 

the strain measurements made on the wall • The curvature WaS 

compu ed mn 

where cp "'" 
n 

the relationship 

w 
'n 

urvature at the nth section 

train in the tension reinforcement at the nth 

aBetton 

strain in the compression reinforcement at the 

nth section 

~n the distance between the tension and compression 

reinforcement where the strain 

were measured 

e tn and e cn 

Fig. 7 21 shows the curvature variation for cycles 5 and 9. 

1'11e theoretic curvature was computed at 0 65 based on the 

elasto asti IS presented in 4. This theoretical 

curvature is shown in thin stepped lines in Fig. 7.21. The figure 

shows that the theoretical and observed curvatures correlate well 
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FIG. 7020 ELONGATION OF THE WALLS RELATIVE TO BASE REFERENCE LINE 



FIG. 7.21 CQtV:PARISON OF CURiJATURES OF TENSION AND COMPRESSION WALLS D[RING 
CYCLES 5 AND 9 
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Two theoretical limits of curvature are 

on. These theoretical limits 

strains for the ooset of yield curvature 

(the broken line A) and full eId curvature (broken line B) for 

the critical section dese d in Section 3.5. 

shows the curvature variation in the bottom two 

floors of the left wall during various high intensi cycles. rrhis 

wall is subjected to axial tension during odd numbered cycles. In 

the same three theoretical curvatures based on load-moment 

curvature relati are also shown with the notation described in 

Section 6 7 7 tr It is s en that the theoretical maximum curvature 

predicted by the analysis (line C) is attainable for the compression 

wallo In accordance with the theoretical study made in Section 4.4, 

the curvatures attained the compression wall are large. By the 

time the theoretical maximum curvature is attained in the tension 

wall, the compression wall is subjected to nearly twice the maximum 

curvature predict line C" This is aB expected The estimated 

maximum cone te strain in the extreme bra of the c on wall 

at this i mat 

Rotation oor Deflection 

The shaded area in Fig 7.21 represents the plastic rotation 

that occurs at the base of the walls. As described in Section 6.7.8, 

this area was replaced by an equivalent rectangle whose breadth and 

height are the of c hinge and maximum ultimate curvature 

respective Based on this ion the rotations and 

consequent top floor deformation were computed. The details of theBe 

calculations are similar to those described in Section 6.7.8 and 

hence they are not given here. This study revealed that: 

(a) The length of c'\stic hinge for the tension wall is more 

than twice the length of tic hinge for the compression wall 

during the various cycles. 
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(b) The maximum curvature for the compression wall is more than 

twice that of the tension wall during various cycles. 

(c) The areas of the curvature diagrams at the base of the two 

walls are approximately equal in accordance with Eq. (4.22) derived 

in Chapter Lt. 

Table 7 1 shows the contribution of different causes, such as 

elastic bending along the height, plastic rotation at the base, shear 

deformations and rotation occurring in the end block, to the top floor 

deflection during the various high intensity cycles at the maximum 

deflections attained The various contributions were computed uSing 

the same assumptions as those described in Section 6.7 8. An 

examination of this tables shows that: 

(a) The increase in elastic deflection with cyclic loading 

from 0.85" to 1 11" is insignificant. 

(b) The total elastic deflection of approximately 0 85" during 

cycle 9, which has been evaluated from curvature measurements agrees 

well with the observed deflection at the onset of ld in the outer 

layer of tens:ion steel in the tension wall (049" cycle 9 

shown in Fig 7 13) The onst':t of eld in the compression wall 

occurred earlier, i.e when the top floor deflection was 0 6 11 • 

(c) During cycles 9 and 10 ~ 35 to it 3% of the top floor deflection 

resulted from elastic curvatures. However, the deflection profiles 

of the walls (see Fig. 7 19) are practically straight above first 

floor level. An examination of the curvature diagram at 1.15 p. u 

(Fig. 7.21) during cycle 9 confirms that the major portion of elastic 

rotations occur between the ground and first floor levels. However, 

large wi in the curvature diagram at the top of the structure 

are noticeable. The forces introduced by the beam steel affected 

the strain measurements made on wall flexural steel near the 

windows. Therefore the curvatures based on these measurements show 

unrealistic large wiggles 
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9 

10 

11 

2 

13 

14 

I 15 

16 

TABLE 7.1 

Total 
Neasured 

Floor 
Defleotion 

t:. ( 

2.4 

2.1 

2.8 

2.6 

4.0 

4 0 

5·0 

7 5 

For cycles 
attained~ 
were used to c 

CONTRIBUTION OF: 

Elastic Curvature Plastic Curvature in Shear distortion and 
along the hei of the plastic hinge deformations occurring 
the wall on foundation block 

oel (in) i 01 ,0 f tJ. '!:'pw (in) % of 6, ClS + £\ fb ( % of £\ 

0.85 i 3 1019 50 0.36 

o. 43 0.90 43 0·30 14 
, 

0 1.40 50 0.48 7 

0.88 -:;1 23 47 o 49 19 ./ 

00 25 2.20 55 0.80 20 
-

1.03 2.09 0.88 22 

1.05 2 2.70 54 1.25 25 

11 15 4.29 57 2.10 28 

which strain measurements were not taken when maximum deflection was 
on measurements made at earlier increments, 
height. 

the 

I 



Cd) The sum of the deflections resulting from shear distortions 

in the walls and anchorage deformations of the flexural steel in the 

foundation block, Afb, are significant in eyel During 
I 

the final cycle the contribution of end block rotation (deformation of 

steel anchored in the block) to the top floor deflection was estimated. 

For this the development length, Id' for flexural steel in the walls 

was assumed to be d/3 , as shown on the insert of Fige 7~22. This 

corresponds to a yielding length of approximately ten times the 

diameter of No.5 bar used in the walls. The curvature variation 

inside the end block was assumed to be constant over this length, ld I 

at ~u' where ~u is the average measured curvature in the wall 

near the end block. The contribution of elastic curvature inside the 

en~ block to the top floor de tion was neglected. With the above 

assumptions it was estimated that a top floor deflection of 

approximately 1.6 11 results from the deformation of steel anchored in 

the Bnd block during the fi cycle at near ultimate load 

indicates that the remaining 0 1.6 11 ) is due to 

shear deformation occurring in the walls at near ultimate load. ThuB~ 

the contribution of the deformation of the wall steel in the 

base block, Arb to the deflection, 6 I is larger than that 

of the shear distortions, 6s Shear deformation is likely to be 

maximum in the cycle. Its contribution to the top floor 

deflection this cycle is approximate 696 • 

7 .. 8 CRACK FORMATION, CRACK WIDTH MEASUREHENTS AND BUCKLING 

FAILURE 

Figs. 7.23 to 7. show the crack patterns of the beams and walls 

at various stages of eye loading. The maximum load during the 

first two.elastic cycles WaS less than the load required to crack the 

model. The rst cracks were observed at the tension corners in the 

second floor coupling beam at a of 0.15 p. 
u du ng cycle 3 
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FIG. 7.24 THE BUCKLED COMPRESSION WALL 
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and 0.18 p~ during cycle 4. 
u 

These cracks were vertical flexural 

type cracks which formed at the junction of the wall and the beam 

and propagated along the beam depth. These were then followed by 

the diagonal cracks in the beams. During subsequent loading similar 

cracks developed in the bottom four coupling beams (see Figs. 7 • c 

to g). 

During cycle 5 at the first cracks developed at the 
, 

base of the tension wall across the 5 layers of reinforcement. This 

was followed by cracks at the base of the compression wall across the 

e of tension steel near the windows. These flexu type 

cracks were then followed by diagonal cracks in both walls during the 

next incremental load (0.40 p.). They can be seen in Figs .25. a and 
u 

d During the reversed cycle 6 similar diagonal cracks formed in 

the coupling beams and at the base of the walls. The anal cracks 

formed dur cycles 5 and 6 were approximately orthogonal (see Fig. 

7 • c to g) In the top floor beam th diagonal cracks formed 

at 0 65 (see • ? The inclination of the cracks at the 

base of the wall in t on was ess than 45° 'rhis re,gnIted in 

these cracks c eWer number of stirrups las pointed out in 

The maximum loads during cycles 7 and 8 were of the order of 

0.4 P$ • 
U 

Very few new cracks developed during these elastic cycles. 

Cycles 9 and 10 were high intensity load cycles. By the end 

of cycle 10 severe cracking had developed in both walls in the bottom 

storey and also in all the coupling beams (see . ? a to g and 

Fig. 7.25 d). The photograph reproduced in Fig. 7.25.d was taken 

at the beginning of the 11th cycle. There were very few cracks in 

the top floor walls (See Fig. 7.25.a.) 

During the subsequent high intensi ty cycles (11 to 1lj·) the 

cracks alternately opened and closed at the corners of the beams and 

the walls. Cycle 15 caused rapid deterioration of the left (tension) 
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wall with spalling of the cover concrete. The damage suffered by 

this wall up to this stage can be seen in Fig. 7. .Ce The tension 

corner of the compression wall suffered relatively less damage (see 

The damage suffered by the beams was less even though 

the cracks in the tension corners widened (0.3" to 0.411) considerably. 

(See Fig. 7. • e to g.) 

The crack widths measured during cycles 5 to 10 are shown in 

The key diagram gives the location at which these crack 

width measurements were made. Here the cracks formed during positive 

loading are shown in thick lines and those opened during ne ve 

cycles are in thin lines. At low loads « 0.4 p.), the width of 
u 

cracks could not be estimated accurately due to the limitations of 

measuring equipment used. In the major portion of Fig. 7.23.a. crack 

widths are plotted against the lateral load from 0.4 onwards. 

The figure shows the fOllowing: 

(a) As expected the width of cracks in the coupling beams near 

the critical on (locations 2A and 2B) are larger than at the top 

(locat.ions and ) 

(b) The crack widths in the walls above first floor level are 

small (locations 2C, 4B, 2D and 4A) 

(c) The cracks in the coupling beams near the critical on 

(locations 2A and 2B) are wider than those at the base of the walls 

(locations 1A, 1B, 1C and 1D). 

In Fig. 7. .b. the variation of average crack widths at the 

top right and bottom left corner (see insert) of the second floor beam 

is plotted against the load ratio. As expected~ the load-crack width 

loops are similar to the diagonal steel load-deformation loops (see 

During even cycles the load-crack width curve indicates 

softening of the member at low loads (Bauschinger effect). 

The failure was initiated in the compression wall (left wall) 

during cycle 16. (See Fig. 7 o a. ) At the end of cycle 15. the 

left hand corner of this wall (Fig. 7.25.c) was damaged due to 



'·0 

O·B 

0·6 

0·' 

0-2 

o 

1-0 

0-8 

~;:,O-6 
it 0-' 
-~ 
"'- 0-2 ~ 

"8 
0 

0 

-J 

'-0 

o· 

-I , 

- -~---

-". 

0., I---+-- I-~L..._ 

0-2 

o o 2 

. , 
I 

o 2 " 

,~ 

I . , 
, . 
:@ r: -• , , 

'-
2 

Crack Width ( inch x KJ-2J 

FIG. 7. .(a) CRACK WIDTHS MEASURED DURING POSITIVE 
AND NEGATIVE LOADING 



FIG. 7. .(b) VARIATION OF THE AVERAGE ORACK 'HDTH AT THE CORNERS or ':'EE 
SECOND FLOOR BEAH V:ITH CYCLIC LOADING 

..... ..... 



ernate opening and closing of cracks. At the end of cycle 16 there 

were 0.2" wide cracks in this area. Unfortunately an inadvertent 

misalignment in the formwork resulted in a kink at the junction of the 

wall and the base block. This is shown in Fig. 7.27.a. At the end 

of cycle 16 the compression wall had to transmit the force, C
h 

' into 

the base block. The compression force, Ch , which was inclined as 

shown, as a result of the kink, encouraged the deteriorated compression 

wall to buckle towards the southern side. 

Fig. 7. .b. shows the strains at ultimate load on the 

compression face of the reinforcement. The bars and FN are on 

the southern and northern side of the wall as shown. The strains in 

these two bars are plotted against the gauge locations separately at 

various top floor deflection levels during cycle 16 The strains 

plotted were computed ignoring the permanent deformation suffered by 

these bars up till cycle 15. The figure shows that the compression 

strain decreased on the southern bar, , and increased on the 

northern bar, I with increasing top floor deflections. This 

indicates that this portion of the wall buckled towards the south. 

Indeed at a top floor deflection of 7 5" the bar :F' 
S 

experience d 

tensile straino • 7.25 shows the buckled compression wall. This 

wall twisted about its axis moving towards the south at the outer edge 

and towards the north at the inner edge. 

twisted wall at the top floor level. 

Fig. 7.24.a. shows the 

After sudden buckling, the structure held a load of 0.5 
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CHAPTER EIGHT 

COMPARISON OF THE BEHAVIOUR OF TWO MODELS 

8.1 GENERAL 

Both models were provided with the same quantity of flexural 

reinforcement and stirrups in the walls. The strength of the coupling 

beams of Shear Wall B was 10% more than those of Shear Wall A. This 

resulted in a larger ultimate load for Shear Wall B@ 

8.2 BEHAVIOUR OF REINFORCEMENT IN THE WALLS 

8.2.1. 

The two models show similar strain patterns in the wall flexural 

reinforcement (see Fig. 6.5 a to d and Fig 7.5.a to d). In both the 

models the maximum strain at the base section of the instrumented 

flexural bars waS approximat 20 to times its yield strain. This 

resulted in curvatures at the critical section of the walls 

(see Fig 6.22 and Fig. 7.22) and confirms the satisfactory behaviour of 

flexural reinforcement in both the models. 

8 2.2. 

As pointed out in Chapters 6 and 7, the contribution of concrete 

to shear resistance Was ignored and excess stirrups Were provided in 

both walls of Shear Wall A and B. The observed stirrup forces in Shear 

Wall B were larger than those of Shear Wall A (see Figs. 6.10 and 7.10). 

eventhough the same amount of stirrups was provided in both models. 

This is due to the following reasons: 

(a) In wall A the measured stirrup forces were underestimated 

because the residual strains due to the accidental preload could not be 

estimated. 

(b) The base shear of wall B at ultimate was approximately 10% 

larger. 



(c) The axial force in wall B was larger by probably more than 

10% because of the increased capacity of the beams. Consequently the 

inclination of the critical diagonal crack in the tension wall of wall B 

was less than 45°. This resulted in fewer number of stirrups resisting 

the shear force in the tension wall. 

In both models the performance of stirrups was satisfactorYe 

Even when large deformations were imposed, the maximum strain in the 

stirrups was less than twice the yield straino The test has also shown~ 

howBver,that the real weakness in the whole structure was in the shear 

carrying capacity of the plastic hinge zones. The stirrup strain 

increases show clearly that shear strength deterioration seems inevitable. 

Continued application of reversed cyclic loading, corresponding with an 

overall ductility of 4 or more would probably have resulted in shear 

failure near the base of the walls0 The phenomenon, however, is no 

different from that encountered in any reinforced concrete beam subjected 

to alternating plasticity In the tests, the excess stirrups have 

allowed very yielding of flexural steel to take place. Thus they 

have contributed to the attainment of 

both ~odels 

overall ductilities in 

At ultimate load the shear capacity of tension wall drastically 

reduces because of the presence of large axial tensione At this stage 

the shear capacity of the compression wall is large due to large axial 

compression. This makes the compression wall to accept the major portion 

of the shear. Horizontal axial forces in the coupling beams at the 

bottom few floors assist in this redistribution of shear between the 

plastic hinge zones of the tension and compression walls. Indeed, for 

wall B it was shown that nearly 75% of the total applied shear near 

ultimate load was resisted by the compression wall. The provision of 

excess stirrups has also been helpful in resisting the increased shear 

due to redistribution in compression walle 
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8.3 BEHAVIOUR OF COUPLING BEAMS 

8$3.1 

Fig& 8.1 compares the strain history of the flexural reinforcement 

of coupling beams of Shear Wall A and of the diagonal reinforcement in 

the coupling beams of Shear Wall B during a typical high intensity load 

cycle at the instrumented location shown. For wall A the average strain? 

(€CB1 + €CB2)/2 ~ during cycle 9 and for wall B the average strain 

(€DB1 + €DB2)/2 during cycle 13 for the most severely affected second 

floor beam is plotted against the load, P • Both cycles correspond with 

the third high intensity loading in the positive direction and hence the 

load to which the models had been subjected up until this stage is 

approximately the sames The origin of the strain history curves has 

been made to coincide for the purpose of this studye A comparison of the 

two curves indicates that the energy absorbed by the diagonal reinforcment 

is considerably larger at low levels The shaded area shows the extra 

energy absorbed by the instrumented length of the diagonal reinforcment 

This area is approximat of the total area under the strain history 

curve for wall B 

The superior performance of the diagonal reinforcement has 

resulted in stable hysteresis loops for the beams of Shear Wall B. 

Fig. 8.2 shows the load-rotation curves for cycle 9 and cycle 13 for the 

second floor coupling beam of Shear Wall A and Shear Wall B respectiv~ly. 

The energy absorbed by the second floor coupling beam of Shear Wall B 

is approximately 30% more. The stiffness of the coupling beams of 

Shear Wall B at low loads is significantly larger. 

The deformations, 6V1 ! of the second floor beams of the models, 

as defined in the insert of Fig. 8.3, were estimated using theodolite 

readings made at the centre line of the walls. In the major portion 

of this figure a comparison of these deformations for wall A and wall B 
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during cycles 9 and 13 respectively, at approximately the same overall 

top floor displacements of the models, is made. Note that the 

displacement of the second floor beam of wall A is nearly 2~ times that 

in wall B at ultimate load. The theoretical study made in Section 3.2 

shows that the displacement, 6
V1 

' for the conventional beams results 

from deformations due to truss action, A
V

' flexural action, 6F ' and 

beam elongation, AE • Of these, the shear deformation associated with 

truss action overshadows the other two For the diagonally reinforced 

beams, 6
V1 

results from the deformations of the diagonal steel only. 

The displacement in the coupling beams of wall A is larger at all 

load levels. In this wall, after a few load reversals, the full depth 

crack forming at the face of the wall encourages a sliding shear 

failure mechanism to form in the beams. The stirrups provided are 

ineffective in preventing this. At this stage the shear resistance is 

offered mainly by other mechanisms such as aggregate interlock action and 

dowel action of flexural nforcement. In diagonally reinforced beams 

the full depth crack cannot form without crossing the diagonal bars. 

The vertical componentsof these bars supply the major portion of shear 

resistance and effectively minimise shear deformation. The difference 

in the behaviour of the two beams is due to the different role played by 

the main flexural bars and diagonal bars. 

8 l. DEFORHATIONS 

8.4.1 

The most effective comparison of the two structures can be made 

by studying the load-displacement relationship, obtained during the test 

for each specimen. Fig. 6.12,giving the results of wall A with 

conventional beams, shows that considerable ductility was attained with 

little loss at strength during cyclic loading. However, the pinching 

of the hysteresis loops, characteristic of the break down of shear 

resisting mechanism in reinforced concrete members t and the loss of 

overall stiffness is evident. 



From Fig. 7.12, giving the load-roof deflection relationship for 

wall B with diagonally reinforced coupling beams, shows convincingly 

the superior performance of this structure. The hysteresis loops not 

only show large ductilities with no loss of strength but also indicate 

the stable characteristics of ductile steel structures. 

When the difference in the behaviour is considered in the light 

of differently reinforced beams, it is evident that the pinching shape 

of the load-deflection curves of wall A is due to shear deformation and 

the low stiffness of conventionally reinforced coupling beams. 

8.4.2 Stiffness of the Models 

The stiffnesses:of the models during two typical high intensity 

cycles are compared in Fig. 8.4.a. The stiffness of wall A is 

considerably lower at low loads compared with the stiffness of wall B. 

As pointed out earlier, the low stiffness of wall A at low loads is due 

to poor performance of the reinforcement in the conventional coupling 

beams. With loading the stiffness of wall A increases to a steady valueo 

The stiffness of wall B, however, decreases, exhibiting Bauschinger 

effect. A comparison of the stiffnesses during cycle 10 for wall At 

and cycle 14 for wall B at near ultimate loads, show that the stiffness 

of wall B is larger. During the positive cycle 13 the stiffness of 

wall B was less than that of wall A during cycle 9. These stiffness 

variations at near ultimate loads are small. At this stage the main 

reinforcement in the beams and the flexural reinforcement in the walls 

had started yielding. 

In Fig. 8. 4.b the load resisted by the models for a top floor 

deflection of 1" during various cycles is shown. The top floor deflection 

of 1~ corresponds approximately to the deflection at the onset of yield 

in both walls of both models. The figure shows that the strength 

degradation for the same top floor deflection is considerably larger in 

wall A after one excursion into the ultimate range in both directions. 

This is again due to the poorer performance of the conventionally 

reinforced beams. 
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Fig. 8.5 shows the ductilities, ~N ' attained by wall A and 

wall B during the various cycles at maximum load levels Reference may 

be made to the insert in this figure for the definition of ductility 

For the high intensity cycles, the maximum loads are also shown at 

maximum ductilities Cycle 5 for wall A and cycle 9 for wall B lIJere 

first high intensity cycles for the models. 

and 11 for wall A~ and cycles 9, 10, 11, 12, 13, and 15 for wall Bare 

corresponding cycles respectively. During the corresponding high 

intensity cycles the ductilities attained by the models are of the same 

order. Note that wall B was subjected to one additional large load 

cycle at the end. In both walls the overall ductilities during final 

cycles (cycle 15 and 16 for wall B, and cycles 10 and 11 for wall A) 

were of the order of 10 to 15. The ductility attained during cycle 16 

for wall B was less than that attained during cycle 12 for wall A. This 

was due to buckling failure of wall B This type of failure would not 

normally occur in type structures because of the resistance offered 

by the floor slabs at each floor level. The ductility attained in wall B 

at the end would have been much larger if the buckling failure had been 

effectively prevented. 

In Fig. 8.6 the cumulative overall ductilities attained by the 

two models are plotted against the load During the negative loading 

the ductilities attained for wall B are significantly larger than for 

wall AD During the positive loading the maximum cumulative ductility of 

wall A is large because of the gradual failure.The load attained several 

tiwes in both models, P ,exceeds the theoretical ultimate strength, 
u 

p. because of the strain hardening effects of the mild steel used. 
u ' 

The gure shows that at approximately the same cumulative ductilities 

wall A suffers larger strength degradation than wall B. This comparison 

indicates that carefully designed and detailed coupled shear walls can 

possess adequate ductilities to give the highest degree of protection to 

ensure survival during catastrophic ground shaking 
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8.5 ENERGY ABSORPTION PROPERTIES 

To quantify the energy absorption characteristics, the total 

energy absorbed by the models. ,EA , was expressed in terms o~ the base 

shear, P i and the top floor displacement, b 9 based on the assumed 

linear deflection profile shown in the insert of Fig. 807.a. The energy 

absorbed by a model is 

EA : 0.70 x area enclosed by the hysteresis loops of 

• 6.12 and Fig. 7.12 for wall A and B respectively. 

The factor 0.70 has been introduced to take into account the work done 

by the resultant at the fth floor level. To compare the energy 

absorption characteristics of the two models a nondimensional damping 

constant, h 7 is used. a This constant is defined as 

where 

E o 

h :;;;: 
e 

the energy abao by the model as defined 

x A I the energy absorbed by an equivalent 
e 

elastic structure 

6 - 0.5" 7 the top floor deflection of the equivalent elastic e 

structure at theoretical ultimate load, p •• 
u 

Fig. 8.7.a shows the cumulative energy absorbed by the two models 

during the various cycles. The energy absorption during loading and 

energy recovery during unloading are included. The cumulative energy 

absorbed by wall B is approximately twice that absorbed by wall A at the 

theoretical ultimate load during the final cycles. The improvement in 

the energy absorption has resulted from the superior behaviour of 

diagonally reinforced beams. 

In Fig. 8.7.b the energy absorbed during each complete cycle 

(one positive and one subsequent negative high intensity load cycle 

giving the area of one complete loop) is plotted against the cycles. 



FI G. 8.7. ( a) COMPARISON OF THE CUMULATIVE ENERGY ABSORBED DURING CYCLIC LOADING 
IN THE TWO MODELS 

= Energy absorbed 

h = Damping constant e 
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The energy absorbed by wall B is more during the entire cyclic loading with 

the exception of the final cycle. This was due to gradual failure of 

wall A compared with the buckling failure of wall B. 

Fig. 8.8 shows the relationship between cumulative energy absorbed 

and cumulative top floor displacement; of the models. During the final 

cycle the energy absorbed up to the maximum loads attained in both the models 

was only considered. The descending load-deformation curves below P* were 
u 

not considered. Excepting points obtained during final half cycles the 

relationship between cumulative energy absorbed and cumUlative top floor 

displacement is linear. The dotted curve for both models indicates the 

estimated relationship that would have resulted if the energy recovery 
i 

during the final cycle was also considered. The figure shows that for the 

same cumulative top floor displacement the energy absorbed by wall B is 

considerably larger than that in wall A. 

the strain measurements made on the reinforcement in the 

coupling beams and the previously assumed strain variation (see Fig. 7&15.c), 

the energy absorbed by each coupling beam, EAb 1 was estimated as 

where T :::: estimated force in tension diagonal s 

C :::: estimated force in compression steel s 

C :::: estimated force in the assumed concrete strut c 

6 :::: 8, I' , the total elongation of tension diagonal 1 

It :: length of diagonal steel 

8 1 average strain measured in the tension diagonal 

t:.2 = total contraction of compression diagonal based on the 

measured strain and the strain variation shown in Fig. 7.15.c 

d~1 ,d82 = differential elongation of tension chord and contraction of 

compression chord respectively. 
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The total energy absorbed by the coupling system is computed as the 

sum of the energy absorbed by the various coupling beams up until the 

considel'ed Q 

The energy absorbed by the wall moments was found using the curvature 

variation (Fig. 7021) and estimated moments in the walls. This for the 

tension and compression wall is 

H H 

EAw ;::: f J M1 dfP1 dx + J J M2 d<i'2 dx 

o o 

where M1 '" estimated moment at a section a distance x from top of wall 1 

<1'1 '" curvature of wall 1 at the above seetion 

M2 = estimated moment in wall 2 at level x 

<t>2 '" curvature of wall 2 at the above section 

d<P1,d<i'2 = differential curvature of wall 1 and wall 2 at the above 

section. 

The of energy absorbed by the beams and walls for wall B 

during cycle 9 arB shown in At P P* nearly 50% of 
u 

total energy is absorbed by the beams. The additional energy required 

to be dissipated above the theoretical ultimate load was absorbed 

mainly by walls so that at P 1 18 P* less than 30% of the total 
u 

energy is absorbed by the beams. The reduction in the contribution 

of beams is due to large plastic rotations occurring at the base of 

the walls The energy absorbed by other mechanisms (shear in the walls 

and axial forces in the walls and beams) was computed as the difference 

between the total input energy (derived from the top floor displacements) 

and the sum of the energies absorbed by diagonal steel in the beams 

(Eqe 802), and flexural steel in the walls (Eq. 8.3)0 This was found 

to be less than 10% of the total energy absorbed at all stages of 

loading. 

Unfortunately such as estimate could not be made for wall A. The 

forces in the various components could not be estimated individually 

because of the residual strains caused by the accidental pre-load 
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8.6 FAILURE MECHANISMS 

These have been fully discussed for each model in the previous 

chaptersa In summarising: 

Wall A: During cycles 11 and 12 the deterioration and the 

consequent spalling of concrete in the narrow compression zone was 

severe near the single layer of compression reinforcement in the 

tension wall This reinforcement buckled outward and initiated 

failure- It is felt that larger ductilities could be attained 

by providing at least two layers of reinforcement in the inner 

face of the walls and effectively containing the concrete in this 

region by binding steele 

Wall B: The kink at the junction of the wall and the base block 

caused the compression wall to buckle. In prototype structures this 

type of failu~e cannot occur due to the restraint offered by the 

floor slabs. 

ductility 

Hence this wall would have exhibited considerably more 

s.8.10.a and b show the models after test. It is evident 

that in wall A eventually all the coupling beams failed by sliding 

shear. In te of large yielding in the beams of wall B, the beam 

distortions were much smaller and the damage much less than in wall A. 



(a) Wall A 
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(b) Wall B 

MODELS AFTER TEST 



CHAPTER NINE 

CONCLUSIONS AND RECOMMENDATIONS 

9.1 ELASTIC BEHAVIOUR 

Based on the elastic laminar analysis, the sensitivity of shear 

wall response to changes in relative dimensions of the beams and walls 

and the effects of cracking were examined. This study showed that the 

provision of rigid diaphragm at the top, variation of total stiffness 

of the walls and variation of relative stiffness of walls do not 

significantly affect the laminar shear when the aspect 

6 rectangular beams D/l > 0033 and 35 x 10 > I > 50 x 
s a 

ratio of 

103 1n4 units, 

the range within which this study was undertaken. For these shear 

walls, the reduction in laminar shear due to cracking was shown to be 

insignificant when the beam aspect ratio D/I > 0060 Q 

s 

Using a finite difference approximation the application of the 

laminar analysis was extended to coupled walls with variation in 

properties of beams and/or walls with height, different boundary 

conditions, different pattern of external lateral load and two or more 

rows of openings. 

9 2 ELASTO-PLASTIC ANALYSIS 

The theoretical st{ffness properties of the cracked coupling beams 

with conventional as well as diagonal reinforcement were examined and 

compared with available experimental evidence. The elastic and elasto-

plastic responses of wall sections to static loading were evaluated using 

the load-moment-curvature and load-moment-property (EI and EA) 

relationships. These relationships, together with the finite difference 

approximation in the laminar analysis, formed the basis of the non-linear 

elasto-plastic analysis in which the history of the shear wall behaviour 

was followed through stages of incremental loading. An advantage of the 

analysis is that it yields information regarding the sequence of hinge 



formation in the beams and walls. If the analysis indicates that only 

a partial failure mechanism occurs, or wall hinges tend to form 

prematurely, it might be necessary to redesign the structure so as to 

ensure a better and mOre desirable distribution of plastic hinges. 

In the example of a i0-storey structure, it was shown that owing 

to strain hard of the steel in the coupling beams and walls, the 

capacity of the shear wall can increase by 10% or more. 

9.3 EXPERIMENTAL EVIDENCE 

In two quarter full size seven storey reinforced concrete cou~led 

shear wall models the various effects of differently reinforced coupling 

beams upon overall behaviour were studied. 

steel strain measurements made at the instrumented locations and 

optical deformation measurements showed that the stiffnesses of coupling 

beams of wall A were low after they had been subjected to a number of 

intensity load reversals. This was due to full depth cracking and shear 

deformations. The stirrups provided were not effective in minimising 

the shear deformations at the critical sections after the formation of the 

full depth crack. Thus in wall A conditions of beam sliding shear 

failures prevailed,resulting eventually in severe damage to the coupling 

beams. In spite of this,considerable ductilities with little loss of 

strength were observed for all coupling beams during progressive 

reversed loading. 

The hysteresis loops of the beams of wall B, however, exhibited 

the characteristics of a steel member. In these beams the entire shear 

and flexure could be resisted by steel alone. Optical deformation 

measurements revealed that the shear deformations of these beams were 

significantly less than those of the beams in wall A. Indeed the 

behaviour of the beams was dominated by the response of diagonal bars 



only after a few cycles of high intensity loading. Crack width 

measurements indicated that the cracks across the diagonal bars 

became wider when the bar was tension and effectively closed upon 

load reversal due to compression yielding. The compression yielding 

and the Bauschinger effect associated with it were evident in the load~ 

rotation loops obtained for such a beam. The damage resulting from 

alternate opening and closing of cracks in these diagonally reinforced 

coupling beams was much less than that in the bea~s of wall A, where 

sliding shear failure occurred. 

The tests demonstrated that large member ductilities were 

attainable in both types of coupling beams. However, the following 

superior characteristics of the diagonally reinforced beams were 

evident. 

(a) higher stiffness of the whole structure at low loads 

(b) stable non-degrading hysteresis loops 

(e) larger energy absorption capacity 

(d) ficantly less shear deformation 

(e) much less overall damage to the beams. 

s 

As expected, the behaviour of 

flexural reinforcement in the walls of both specimens was similar 

during the major portion of the cyclic loading. During the final 

cycle the behaviour was different owing to dissimilar failure 

conditions. 

The steel strain measurements in both models showed that large 

ductilities were attainable in the wall plastic hinges. The length of 

the plastic hinge and hence the magnitude of the section curvature 

are significantly affected by the presence of the axial load. Axial 

tension was found to increase the length of the plastic hinge and 

consequently the section curvatures observed were relatively low. 

The opposite is true when compression acts across the plastic hinge 

In both walls only a single layer of reinfo~cement,consisting 
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of two 5 deformed bars, was provided near the openings. Steel 

strain measurements at' near ul timate load indicated that maximum 

concrete strains attained in the compression wall were approximately 

three times those present at the same instant in the tension wall. 

During cyclic loading the concrete in the vicinity of the single 

layer of compression reinforcement at the base of the walls 

deteriorated earlier because of poor confinement by the stirrups. 

This deteriorated zone was in compression at the base of the tension 

wall. On the other hand the compression zone of the compression wall 

suffered much less damage because of the benefic{al effects of fi~e 

layers of compression reinforcement and the binding action of stirrups 

around them. Indeed, in wall A the deterioratio~ of the concrete in 

the compression zone of the tension wall at the base created the 

failure mechanism. It is likely that the failu~e could have been 

delayed by a concentration of stirrup reinforcement or by additional 

confining ties around a number of layers of compression reinforcement 

adjacent to the windows at the base,to maintain the integrity of 

concrete in this region,which thereby could transmit the shear forces 

into the base block. 

Strain measurements made on flexural steel of both models 
, 

indicated that approximately 80% of the top floor deflection resulted 

from the flexural deformation of the walls at near ultimate load. 

In both models the contribution of concrete 

to shear strength was ignored and excess stirrups were provided in 

order to suppress a possible premature shear failure. To this end 

the performance of stirrups was satisfactory. 

Due to the presence of large axial tension the critical diagonal 

crack did not form at 45°, as assumed by the classical truss analogy, 

Therefore, when failure was imminent,the stirrup strength was less 

than that predicted by ACI equations. 



In wall A the failure was initiated in the tension wall. Since 

the concrete in the narrow compression region in the tension wall had 

deteriorated the major portion of the shear had to be transmitted 

across the single layer of flexural steel to the base by dowel action. 

This resulted in severe shear displacement and hence the single layer 

of steel buckled outward~ In wall B, buckling of the compression wall 

occurred before this stage in the tension wall was reached. The 

provision of excess stirrups in the walls helped in: 

(a) maintaining the integrity of concrete in the compression 

zone because of confining action around the main flexural bars. 

(b) resisting shear resulting from increased flexural capacity 

because of strain hardening of the steel in the coupling beams and 

walls. 

(e) the compression wall resisting the major portion of the 

external shear after the shear capacity of the tension wall had been 

drastically reduced by the narrowed compression zone 

flection The load-top 

oar deflection relationship for wall A and wall B showed that 

considerable ductility was attained with little loss of strength during 

cyclic loading. However, the pinching of the hysteresis loops, 

characteristic of the breakdown of the shear resisting mechanism in 

conventional beams, which resulted in the loss of stiffness at low 

loads in the later high intensity cycles, was evident in wall A. 

The stable hysteresis loops of wall B showed convincingly the 

superior performance of a shear wall with coupling beams having 

diagonal reinforcement. The cumulative ductilities for wall B were 

much larger with no loss of strength. The displacement ductilities 

imposed in the 15th and 16th half cycles were of the order of 8 to 13. 

tiffness: Theoretical studies indicated that the loss 

of stiffness due to cracking in the models could be 50% or even more. 
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The measured stiffnesses of wall B before and after cracking verified 

this. This information could not be obtained for wall A because of the 

accidental overload at the start of the test. 

As long as the beams behaved within the elastic range, a number of 

load reversals did not signi cantly alter the overall stiffness. 

However, a few excursions into the post-elastic range made wall_A 

and wall B behave differently. Wall A exhibited the following three 

ranges of behaviour,common in conventionally reinforced deep coupling 

beams: 

(a) A "soft range" at low loads when the stiffness of the shear 

wall was approximately equal to that of two equivalent elastic 

cantilevers in which the beams transmit horizontal axial forces only. 

(b) A "steady range" at medium loads with improvement in 

-stiffness similar to linear elastic behaviour. 

(c) A "plastic range" near ultimate load resulting from yielding 

of flexural steel in both walls and beams 

On the other hand, the behaviour of wall B was dominated by the 

performance of diagonally reinforced beams. The compression yielding 

and the Bauschinger effect associated with it were evident. At low 

loads the stiffness of wall B was significantly larger than that of 

two connected cantilevers. The stiffness gradually decreased with 

increasing load reaching almost zero at near ultimate load resulting 

from yielding of diagonal bars in the beams and flexural bars in 

both walls. 

9.3.4 

Energy absorbed by wall B was nearly twice that of wall A at the 

end of the test. Also during each comparable high intensity cycle 

the energy absorbed by wall B was larger. The superior performance 

of the structure which was demonstrated by the hysteresis loops has 

also resulted in a much greater energy absorption capacity. 
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The wall and beam reinforcement in both models was proportioned 

so that the coupling system was expected to yield before the full 

strength of the two walls was approached. It is desirable that as 

much energy be dissipated by the coupling system as possible before 

hinging of the walls commences because this will ensure that the 

walls remain in the elastic range of behaviour during disturbances 

generating forces comparable with the ultimate capacity of the 

structure and thus enjoy a high degree of protection against 

permanent damage. At the attainment of the theoretical ultimate 

load, during cycle 9, the energy absorbed by the coupling system ~f 

wall B was more than 50% of the total input energy. With hinging of 

the walls more energy is absorbed at the base of the walls. The 

contribution of the coupling system to the total energy absorbed 

reduces then to about 30%. 

In conclusion, the two tests demonstrated that coupled shear 

walls containing apparently brittle elements can be made ductile to 

the extent that they could meet the most severe ductility demand likely 

to be imposed by a catastrophic earthquake, The tests have also 

revealed conclusive the superior performance of shear walls with 

diagonally reinforced coupling beams in the following respects: 

(a) better stiffness characteristics at low loads so desirable 

in minimizing nonBtruct~ral damage during a moderate earthquake. 

(b) less damage to the coupling beams. 

(e) better energy absorption characteristics essential in 

ensuring survival during catastrophic ground shaking. 

9 4 COMPARISON OF ANALYTICAL STUDIES WITH EXPERIMENTAL EVIDENCE 

Wherever applicable the results obtained during the experiment 

were compared with those predicted by the theoretical study. The load~ 

deformation curve obtained using the elasto-plastic analysis and that 
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derived from a nonlinear iterative finite-element analysis correlate 

well. However, both analytical stUdies underestimated the deformations 

because they did not recognise the stiffness loss associated with 

cyclic loading. 

Within the limits of errors involved in the experiments and the 

assumptions made in the theoretical study, the measured stiffnesses 

of the beams of both models agree with the corresponding analytical 

assessments. For approximately the same steel content the diagonally 

reinforced beams were 1.4 to 2.00 times s ffer 

Attention was also drawn to the significance of stiffness 

reduction of the walls in the assessment of overall deformation 

properties of the coupled shear walls. 

9.5 SUGGES'l'IONS FOR FUTURE RESEARCH 

(a) The elasto~plastic analysis, and the nonlinear iterative 

Hni te~element Sj ignore beam elongations associated with the 

yielding of diagonal bars. It would be useful to estimate the order 

of errors introduced in these analyses by neglecting beam elongations 

(b) Attempts may be made to extend the finite difference 

approximation of the laminar analysis to the solution of coupled 

walls with variable properties with height subjected to dynamic 

loading 

(c) Functional requirements often dictate the use of an irregular 

pattern of openings in reinforced concrete shear walls. Shear walls 

with two or more rows of openings, coupled by beams which are 

staggered, can be analysed using the finite difference approximation 

of the laminar technique. The development of a rational analysis 

leading to the assessment of approximate behaviour, the failure 

mechanism and ultimate strength for these shear walls would be 

useful. 

(d) In shear walls coupled only by reinforced concrete floor 
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slabs, the extent of the connecting medium, effective in transmitting 

shear,and its influence on the overall behaviour of the wall system 

need to be developed. In the slab to wall connection the shear 

transfer mechanism and the effect of reversed cyclic loading need to 

be investigated. 

(e) A different arrangement of the flexural wall reinforcement 

near the windows, together with the concentration of stirrups and 

binding steel adjacent to the foundation block, could be useful in 

assisting the shear transfer across the narrow compression region of 

the tension wall The destructive action of the shear displacement 

across the narrow cracked compression zone is likely to be severe in 

flanged shear walls@ Suitable tests could reveal whether the 

confinement of concrete, as mentioned above, would prevent or at least 

delay the shear displacement so as to allow a ductile type of failure 

to occur. 

(f) The use of shear reinforcement bent at an angle to the main 

vertical flexural bars at the base of the walls and their influence on 

post-elastic performance of the wall hinges could be investigated 

within the limits of constructional possibilities 

(g) The possibility of placing the main flexural wall reinforcement. 

near the two extremities of the wall section, at a slope. could also 

be studied In this case actions, similar to those occurring in 

diagonally reinforced coupling beams, could be utilised to improve 

shear transfer across the plastic hinge zones of the walls. 

9.6 DESIGN RECOMMENDATIONS 

9.6.1 

(1) When conventionally reinforced beams are used the ductility 

demand on the structure must be limited The flexural steel content 

in both faces of such beams must be limited to ensure full protection 

against sliding shear failure which is an unsuitable ener~y 



dissipating mechanism during cyclic loading. Additional stirrup 

reinforcement will not improve the behaviour of such beams. 

Satisfactory performance of these beams will be assured for wind 

loads in earthquake free areas. 

(2) To ensure a satisfactory performance, when coupled shear 

walls are subjected to severe lateral reversed cyclic loading, such 

as result from seismic shocks, diagonal reinforcement should be 

provided in the coupling beams in order to supply the large ductility 

demands imposed. It is essential that the diagonal reinforcement is 

provided with adequate ties to enable the compression strut to sustain 

yield load without buckling. 

9.6.2 Is 

~ ) To avoid a shear failure the shear capacity of the walls needs 

to be increased according to Eq (3.26) and Eq. (3.27) to account for 

the increased flexural capacity resulting from the strain hardening 

of the flexural steel in the beams and in the walls, and differences in 

the nominal and actual strengths of steel and concrete. 

(2) Particular attention should be given to detailing potential 

plastic hinge zones to ensure full protection against early shear 

failure which can be a consequence of alternate reversed flexural 

yielding. 

(3) Adequate stability for the yielding compression bars and 

confinement of compressed concrete need to be provided, especially in 

the narrow compression zone of the tension wall. 

(1) The elastic behaviour of the two coupled shear walls with 

variable properties may be conveniently assessed by the finite 

difference approximation of the laminar analysis. With the use of 

the equations presented in Chapter 3, the loss of stiffness caused 

by cracking in beams and walls can be satisfactorily assessed. 

Because of cracking alone the reduction in the overall stiffness of a 
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coupled shear wall structure can be 50% or more. 

(2) In seismic areas it is essential that the coupling beams 

rather than the walls form the weaker elements. With suitable 

detailing, coupled shear walls can be made both efficient in load 

resistance and sufficiently ductile for energy dissipation. The 

plastic hinges Can be dispersed over the entire structure and thus, 

as opposed to single cantilever walls, several lines of defence may 

be mobilised when survival against catastrophic earthquakes is 

envisaged. 

(3) While designing coupled walls with known static indeterminacy, 

it is desirable to proportion the reinforcement to result in an 

advantageous sequence of hinge formation. This may be determined so 

that damage occurs in repairable and less critical areas first. 

The principal gravity load carrying units (walls) need to be made to 

oy the highest degree of protection against permanent damage. 

Therefore I an intelligent hierarchy in the most probable strength 

levels that are to be provided for each shear wall component must 

be established The non~linear elast c analysis presented in 

Chapter 4 is useful in determining the sequence of hinge formation 

after the final choice of the strength levels is made. 

(4) In many shear wall structures the overturning capacity at 

foundation level will limit the magnitude of the later~l forces that 

can be generated. In the process of evaluating the non-linear 

response of a coupled shear wall, the limits set by the capacity of 

the foundation must not be overlooked. 
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APPENDIX 1\ 

COMPARISON OF THE REAL STRUCTURE AND THE MODEL 

A typical bay of a seven storied shear wall structure is shown 

in ga A .. 1 The approximate tributary floor area supported by the 

shear wall is assumed to extend half way between the shear wall and 

the adjoi frames. The dead load on the shear wall at the ground 

floor level is calculated as follows: 

Weight of floor (5" thick slab) 

Partitions and floor finish 

Equivalent seismic 1 load 

60 lhs/sq. fto 

20 IbIS/sq. fL 

20 lbs/sq ft 

100 I bs/aq", ft. 

Weight of seven floors 577 Kips 
(7 x 20'-0" x It1'-0" x 100 
lhs/sq.ft.) 

Weight of shear wall 
(2 x 70' -Oil X 8 ~ _0" x "1 i II 

x 150 Ibs/ou ft0) 

Weight of seven coupling beams 
(7 x 4'-0" x 5'-011 X 1'-0" 
x 150 lbe/cu. .) 

Total gravity load on two walls 
at ground floor 

Load on each wall 

Simulating load applied to the 
quarter scale model 411/42 

Gravity stress due to dead load 
on the real structure 

Stress due to pres in the 
quarter scale model 

21 Kips 

822 Kips 

411 Kips 

25 Kips 

411 2°00 
'S x 12 x 16 268 

25 1°00 
24 x 4 260 

psi. 

psL 
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Weight of shear wall (see Section A.1) 

Weight of seven coupl beams 

Weight of seven floors per bay 
(17 x '_Oil x 60'-011 X 100 lbs/sqdt.) 

Weight of beams per bay 
across 7 x 2 X 20'_0 11 x 250 lbs/ft. 
along 7 x 2 X 20 1 _0" x 250 Ibs/fto 

Weight of columns per bay 
7 x 2 x 10'-0" x 300 lbs/ft. 

We of exterior beams per bay 
along 7 x 2 X 20' .. Oil X 200 Ibs/ft 

Wei 
(same 

Wei 
across 
along 

of seven floors per 
as for the shear wall ) 

of beams per bay 
7 x 60 -0" x 
7 2 X 20'=0" 

of columns per 
10 1 e·O!! X 300 

Ibs/ft. 
250 Ibs/ft 

We of exterior cladding per 

Total 

378 

224 Kips 

21 Kips 

840 Kips 

70 Kips 
70 Kips 

42 Kips, 

56 Kips 

1323 Kips 

840 

105 Kips 
70 Kips 

84 

(sarna as for the shear wall bay) 56 Kips 

Total 1155 Kips 

The structure was assumed to be situated Zone A as defined 

by the New 75 Standard Hodel Building Byla,w Thus the 

equivalent base shear for the structure at working stress level is 

approximately O@10 Wt t where Wt is the gravity load. It is 

assumed that the shear wall is designed to resist the lateral load 

for 5 bayse 



Thu6 the base shear for the prototype shear 

0,,10 x (1323 + 4 x 11 ) :: 594 Kips. 

Ultimate base shear for the prototype wall, allowing also for the 

flexural capaci 

v up 

reduction factor, ~ 

Approximate base shear for the model, 

v ::::; 
um "" 51,,5 Kips. 

379 

Theoretical base shears, V , computed using the elastoum 

plastic s for the model shear walls A and Bare 5205 Kips 

and o respectively., 

The wind load for 5 bays required the New Zealand Standard 

Model is 20% of the e nt 

lateral seismic base shear. 
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APPENDIX B 

THE DETERMINATION OF DEFORHATIONS FROM THEODOLITE MEASUREMENTS 

The relative tions of the theodolites and the model are 

shown in Fig. B.1. The positions of the instruments were established 

by bearings and altitudes to three ~ermanant stations A 9 Band C. 

Measurements made under "no condition was used to establish the 

of the wall During loading, the planar movements of the 

model 1I'/a8 computed using the bearings measured at R 0 The horizontal 

and vertical movements of the targets,attachad to the model, were 

computed using and al tudes measured at 0 i • 

Fig. B.2 and Fig B.3 show the effect of the movement of the 

base block At no load, OX and 01 are the reference axes. The 

eoordinates 0 any target are and At any subsequent 

load increment J, the model ae 8S the reference axes OX and 

OY , move. 'l'he s OX and 01 move to O'X' and O'YI and the 

target I moves to P . 'l'he coordina,tes of P are and Yjo 0 

th respect to the axes at 0 and I and yjo 0 
with respect to 

the axes at oe , iQe'l0·X' and O'li • 

The axes OX and OY move by Ox and Oy in the respective 

directions and rotate by an e • The point I moves by Ax 

and !:'y in the OX and OY directions. 

From the geometry of • B.3. 

x. x. JO ~o 
+ {j,x . .. (B.1 ) 

Yjo "" + !:'y ••• (B.2) 



FIG. B.1 

NOTES: 1 TO 20 TARGETS ON THE MODEl, 

../ 
/ 

./ 
./ 

/' 
./ 

z 

/' 
./ 

DISPOSITION OF THE THEODOLITES, THE SHEAR WALL 
AND THE TARGETS 

A B,C 
O'Z 

RK 

PM 

b.a 

'0.6. 

PERMANENT TARGETS 

MAIN THEODOLITE 

AUXILIARY THEODOLITE 

PLANE PERPENDICULAR TO THE 
SURFACE OF THE MODEL 

PLANE PARALLEL TO THE 
SURFACE OF THE MODEL 

BEARINGS AND ALTITUDES FOR AIL 
THE TARGETS 

BEARINGS FOR 6 TARGETS ON 
THE MODEL 



FIG B.2 DEFORMATIONS OF THE SHEAR WALL 
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FIG. B 4 DEFORMATIONS OF A TYPICAL SHEAR WALL SECTION 
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where 6. ReI 
xI and II are the displacements of the point I 

relative to the base reference line" 

The deformations of a typical shear wall section can be seen 

It may be noted that 

(a) The average slope of the walls between any two floors is 

fj Rel)/2h Y16 

(b) 1'he di f between the walls relative to 

the base reference line the axis of the walls is 

(0) The rotation of the coupling beam is 

1 
1 s 

.. 

(d) The elongation of the coupling beam between wall centre 

lines is 

6H ( 6 ReI + A ReI 6. ReI _ 6.yRge1)/2 
Y17 Y16 - Y10 ••• (8.10) 

(e) The deflection of the centre line of the walls is 

.. " 



(f) The elongations of the walls are 

6 

. " " 

The deformations (a) to Cd) were computed at the intersection 

of wall and beam centre lines. The deformations (8) and (f) were 

computed at the targets. 

The above computations have been performed by aD electronic 

computer. 
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