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ABSTRACT 

Currently there is a worldwide renaissance in timber building design. At the University 

of Canterbury, new structural systems for commercial multistorey timber buildings 

have been under development since 2005. These systems incorporate large timber 

sections connected by high strength post-tensioning tendons, and timber-concrete 

composite floor systems, and aim to compete with existing structural systems in terms 

of cost, constructability, operational and seismic performance.   

The development of post-tensioned timber systems has created a need for improved 

lateral force design approaches for timber buildings. Current code provisions for 

seismic design are based on the strength of the structure, and do not adequately account 

for its deformation. Because timber buildings are often governed by deflection, rather 

than strength, this can lead to the exceedence of design displacement limitations 

imposed by New Zealand codes. Therefore, accurate modeling approaches which define 

both the strength and deformation of post-tensioned timber buildings are required. 

Furthermore, experimental testing is required to verify the accuracy of these models.  

This thesis focuses on the development and experimental verification of modeling 

approaches for the lateral force design of post-tensioned timber frame and wall 

buildings.  

The experimentation consisted of uni-direcitonal and bi-directional quasi-static 

earthquake simulation on a two-thirds scale, two-storey post-tensioned timber frame 

and wall building with timber-concrete composite floors. The building was subjected to 

lateral drifts of up to 3% and demonstrated excellent seismic performance, exhibiting 

little damage. The building was instrumented and analyzed, providing data for the 

calibration of analytical and numerical models.  
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Analytical and numerical models were developed for frame, wall and floor systems that 

account for significant deformation components. The models predicted the strength of 

the structural systems for a given design performance level. The static responses 

predicted by the models were compared with both experimental data and finite element 

models to evaluate their accuracy.  

The frame, wall and floor models were then incorporated into an existing lateral force 

design procedure known as displacement-based design and used to design several frame 

and wall structural systems. Predictions of key engineering demand parameters, such as 

displacement, drift, interstorey shear, interstorey moment and floor accelerations, were 

compared with the results of dynamic time-history analysis.  

It was concluded that the numerical and analytical models, presented in this thesis, are a 

sound basis for determining the lateral response of post-tensioned timber buildings. 

However, future research is required to further verify and improve these prediction 

models.   

 

 



 

iii 

ACKNOWLEDGEMENTS 

There are so many that have contributed to this body of research, in so many ways, that 

it is difficult to know where to begin. I will start by acknowledging the entire 

Department of Civil and Natural Resources Engineering. At one time or another 

everyone in the department has fielded my questions, taken part in technical discussions 

or given me direction.  

Specifically, I would like to thank my supervisors Prof. Andy Buchanan and Assoc. 

Prof. Stefano Pampanin, whom from as early as 2004, have enabled me to partake in 

cutting-edge research. Other academic staff from the department that have guided my 

research include Prof. Richard Fenwick, Prof. Des Bull, Prof. Athol Carr, Prof. Nigel 

Priestley, Dr. David Carradine, Assoc. Prof. Misko Cubrinovski, Assoc. Prof. Greg 

MacRae, Dr. James MacKechnie, Dr Bruce Deam , Dr. Brendon Bradley and Dr. 

Alessandro Palermo. Thank you for your guidance, openness and contemplation.  

To past postgraduate students Dion Marriott, Kam Weng, Umut Akgusel, Denis Pino, 

Mike Cuisel and Brian Peng, thank you for all the time spent deliberating and your 

friendship. To technical staff, Russel McConchie, Gavin Keats, Peter Coursey, John 

Maley, Shaun Cosgrove, Nigel Dixon, Alan Poynter, Stuart Toase, Michael Weavers 

and Tim Perigo, your technical ideas, tempered with practicality, have greatly 

contributed to the advancement of post-tensioned timber technology. I have valued your 

input.  

I acknowledge contributions from researchers from outside the University of 

Canterbury that have contributed; Dr. Tim Sullivan from the University of Pavia, Prof. 

John Stanton from the University of Washington, Mark Bachelar from M. L. B. 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

iv  

Consulting, Warwick Banks for Carter Holt Harvey Ltd and Ross Copland from 

Mainzeal Construction Ltd.  

The financial support of the Structural Timber Innovation Company (STIC), the 

Tertiary Education Commission and the University of Canterbury is gratefully 

recognized. Without the support of STIC and the University of Canterbury our 

ambitious experimental campaign would not have been possible. My doctoral 

scholarship, which I received from the Tertiary Education Commission, enriched my 

research by allowing me to attend several national and international conferences.     

Finally I would like to thank family, especially my mother and father, whom supported 

me through my university study, and my partner Laura whom ensured that I maintained 

my sanity while writing this thesis. 

 

 



 

v 

CONTENTS 

ABSTRACT........................................................................................................................I 

ACKNOWLEDGEMENTS ......................................................................................... III 

CONTENTS ..................................................................................................................... V 

1. INTRODUCTION.................................................................................................... 1 
1.1. Research motivation........................................................................................... 2 
1.2. Objective and scope ........................................................................................... 3 
1.3. Thesis outline ..................................................................................................... 4 

2. RESEARCH BACKGROUND............................................................................... 7 
2.1. Existing multistorey construction...................................................................... 7 

2.1.1. New Zealand .............................................................................................. 8 
2.1.2. Central Europe ........................................................................................... 9 
2.1.3. North America .........................................................................................11 
2.1.4. Japan.........................................................................................................11 

2.2. Performance-based earthquake engineering....................................................12 
2.3. The conception of post-tensioned timber ........................................................13 
2.4. Experimentation on post-tensioned timber......................................................17 

2.4.1. Frames......................................................................................................17 
2.4.2. Walls and columns...................................................................................21 

2.5. Attributes of post-tensioned timber .................................................................26 
2.5.1. Addressing the shortcomings of existing timber buildings ....................26 
2.5.2. Performance-based earthquake engineering considerations...................27 
2.5.3. Sustainability............................................................................................28 

2.6. Existing design aproaches................................................................................29 
2.6.1. Connection design ...................................................................................29 
2.6.2. Seismic lateral force design.....................................................................35 

2.7. Summary ..........................................................................................................43 

3. EXPERIMENTION ON A TIMBER-CONCRETE COMPOSITE FLOOR 
DIAPHRAGM.................................................................................................................45 

3.1. Introduction ......................................................................................................45 
3.2. Background ......................................................................................................46 
3.3. Design and testing............................................................................................48 

3.3.1. Test Specimen..........................................................................................48 
3.3.2. Connection design ...................................................................................49 
3.3.3. Test setup and loading protocol...............................................................52 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

vi  

3.4. Results of experimental testing ........................................................................52 
3.4.1. Relative stiffness of the diaphragm and its connectors ...........................52 
3.4.2. Hysteretic response ..................................................................................53 
3.4.3. Damage mechanisms and limit states......................................................55 
3.4.4. Comparison with design strength ............................................................55 

3.5. Summary...........................................................................................................58 

4. DESIGN AND CONSTRUCTION OF THE  TEST BUILDING ....................61 
4.1. Introduction.......................................................................................................61 
4.2. Building design.................................................................................................62 

4.2.1. Prototype design.......................................................................................62 
4.2.2. Scaling the prototype to the test model....................................................64 
4.2.3. Structural design of the test building .......................................................65 
4.2.4. Details of the test building .......................................................................66 

4.3. Strength predictions for the test building.........................................................69 
4.4. Building fabrication and construction..............................................................70 

5. SEISMIC RESPONSE OF THE TEST BUILDING .........................................73 
5.1. Introduction.......................................................................................................73 
5.2. Loading apparatus.............................................................................................76 

5.2.1. Stage 1 apparatus......................................................................................76 
5.2.2. Stage 2 apparatus......................................................................................77 

5.3. Loading protocol...............................................................................................80 
5.4. Instrumentation.................................................................................................82 
5.5. Test summary....................................................................................................83 
5.6. Global experimental response ..........................................................................84 

5.6.1. Unidirectional frame response .................................................................85 
5.6.2. Unidirectional wall response....................................................................92 
5.6.3. Bidirectional response..............................................................................93 
5.6.4. Tabulated summary..................................................................................96 

5.7. Comparison of experimental results ................................................................98 
5.7.1. The effect of the floor on frame response................................................98 
5.7.2. The effect of the floor on wall response ............................................... 102 
5.7.3. The effectiveness of external beam-column reinforcement................. 105 
5.7.4. The effectiveness of UFP couplers ....................................................... 109 
5.7.5. The effect of bidirectional loading........................................................ 111 

5.8. Structural damage .......................................................................................... 114 
5.8.1. Frame system......................................................................................... 114 
5.8.2. Wall system ........................................................................................... 118 
5.8.3. Gravity system....................................................................................... 119 
5.8.4. Floor slab ............................................................................................... 120 

5.9. Summary........................................................................................................ 121 

6. FRAME MODELLING...................................................................................... 123 
6.1. Introduction.................................................................................................... 123 



 

vii 

6.2. Backround ......................................................................................................125 
6.2.1. Frame deformations...............................................................................125 
6.2.2. Connection response..............................................................................128 

6.3. Member deformation .....................................................................................136 
6.3.1. Beam and column deformation .............................................................139 
6.3.2. Joint panel deformation .........................................................................139 

6.4. Connection response ......................................................................................146 
6.4.1. Relating the neutral axis and imposed rotation for elastic response ....147 
6.4.2. Timber stresses.......................................................................................153 
6.4.3. Tendon forces.........................................................................................154 
6.4.4. Additional reinforcement.......................................................................157 
6.4.5. Relating the neutral axis and imposed rotation for inelastic response .161 
6.4.6. Connection moment...............................................................................164 
6.4.7. Prediction procedures ............................................................................166 
6.4.8. Verification of the prediction procedure ...............................................170 
6.4.9. Sensitivities of the connection response procedure ..............................173 

6.5. Frame design procedure.................................................................................183 
6.6. Numerical modelling of the frame response .................................................187 

6.6.1. Beam-column connection model...........................................................187 
6.6.2. Joint panel model ...................................................................................189 
6.6.3. Column-base model ...............................................................................191 
6.6.4. Floor diaphragm model .........................................................................192 

6.7. Verification of the numerical models ............................................................192 
6.7.1. Calibration of the spring models ...........................................................192 
6.7.2. Results of the numerical modelling.......................................................196 

6.8. Summary ........................................................................................................199 

7. WALL MODELLING.........................................................................................201 
7.1. Introduction ....................................................................................................201 
7.2. Background ....................................................................................................204 

7.2.1. Wall deformations .................................................................................204 
7.2.2. Connection response..............................................................................206 
7.2.3. Coupled walls.........................................................................................209 

7.3. Wall deformation ...........................................................................................211 
7.4. Wall-base connection response......................................................................213 

7.4.1. Relating the neutral axis and imposed rotation for elastic response ....214 
7.4.2. Timber stresses.......................................................................................218 
7.4.3. Tendon forces.........................................................................................219 
7.4.4. Additional wall-base reinforcement ......................................................220 
7.4.5. Relating the neutral axis and imposed rotation for inelastic response .222 
7.4.6. Connection moment...............................................................................223 
7.4.7. Prediction procedure..............................................................................225 
7.4.8. Verification of the prediction procedure ...............................................228 

7.5. Wall design procedure ...................................................................................231 
7.6. Numerical modelling of the wall system.......................................................236 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

viii  

7.6.1. Modelling the wall-base connections ................................................... 236 
7.6.2. Modelling coupling elements................................................................ 239 
7.6.3. Modelling the influence of the floor ..................................................... 240 

7.7. Verification of the numerical models............................................................ 241 
7.7.1. Spring model calibration....................................................................... 241 
7.7.2. Results of the numerical modelling ...................................................... 242 

7.8. Summary........................................................................................................ 248 

8. MODELLING THE FLOOR DIAPHRAGMS ............................................... 249 
8.1. Modelling the floor system ........................................................................... 249 

8.1.1. Design parameters ................................................................................. 251 
8.1.2. Interpretation of results ......................................................................... 254 
8.1.3. Results and comparison ........................................................................ 256 
8.1.4. Summary................................................................................................ 260 

8.2. Modelling a single storey building................................................................ 262 
8.2.1. The numerical models ........................................................................... 262 
8.2.2. Design parameters ................................................................................. 262 
8.2.3. The frame response ............................................................................... 264 
8.2.4. The wall response.................................................................................. 267 
8.2.5. Summary................................................................................................ 271 

8.3. Modelling a multistorey building.................................................................. 273 
8.3.1. The numerical models ........................................................................... 273 
8.3.2. Design parameters ................................................................................. 274 
8.3.3. Results ................................................................................................... 277 
8.3.4. Proposed design procedure ................................................................... 285 
8.3.5. Summary................................................................................................ 289 

9. SEISMIC LATERAL FORCE DESIGN.......................................................... 291 
9.1. Introduction.................................................................................................... 291 

9.1.1. Previous research................................................................................... 291 
9.1.2. Equivalent viscous damping ................................................................. 293 

9.2. Elastic damping ............................................................................................. 294 
9.2.1. Frames ................................................................................................... 296 
9.2.2. Walls ...................................................................................................... 301 

9.3. Considerations for frame systems ................................................................. 304 
9.3.1. The displacement profile....................................................................... 304 
9.3.2. The yield displacement ......................................................................... 308 
9.3.3. Equivalent viscous damping ................................................................. 309 

9.4. Considerations for wall systems.................................................................... 314 
9.4.1. The displacement profile....................................................................... 314 
9.4.2. The yield displacement ......................................................................... 318 
9.4.3. Equivalent viscous damping ................................................................. 322 

9.5. Proposed displacement-based design procedures......................................... 323 
9.5.1. Post-tensioned systems.......................................................................... 324 
9.5.2. Hybrid systems...................................................................................... 328 



 

ix 

9.6. Exceedence of the displacement demand......................................................330 
9.6.1. Determination of the corner period .......................................................331 
9.6.2. Higher modes.........................................................................................332 
9.6.3. Proposed design approach .....................................................................333 

9.7. Governing lateral loads ..................................................................................334 
9.7.1. Design parameters .................................................................................334 
9.7.2. Interpretation of results..........................................................................336 
9.7.3. Elastic earthquake response...................................................................338 
9.7.4. Inelastic earthquake response ................................................................339 

9.8. Summary ........................................................................................................343 

10. VALIDATION OF THE FRAME DESIGN PROCEDURES ...................345 
10.1. Introduction ....................................................................................................345 
10.2. Frame description...........................................................................................349 
10.3. Seismic lateral force design ...........................................................................351 
10.4. Frame design ..................................................................................................352 
10.5. Modeling approach ........................................................................................355 

10.5.1. The frame ...............................................................................................355 
10.5.2. The elastic damping...............................................................................357 
10.5.3. P-Delta effects........................................................................................358 

10.6. Earthquake motions........................................................................................359 
10.7. Pushover analysis results ...............................................................................360 
10.8. Time-history analysis results .........................................................................363 

10.8.1. Displacement profiles ............................................................................363 
10.8.2. Interstorey drift ......................................................................................366 
10.8.3. Interstorey shear.....................................................................................369 
10.8.4. Interstorey moment................................................................................371 
10.8.5. Floor acceleration ..................................................................................373 

10.9. Higher mode amplification of shear and moment.........................................375 
10.10. Additional design and modelling sensitivities ..........................................383 

10.10.1. The displacement profile ...................................................................383 
10.10.2. Pin-column base connections............................................................385 
10.10.3. Modelling elastic damping ................................................................386 

10.11. Summary ....................................................................................................390 

11. VALIDATION OF THE WALL DESIGN PROCEDURES......................393 

11.1. Introduction ....................................................................................................393 
11.2. Wall description .............................................................................................395 
11.3. Seismic lateral force design ...........................................................................396 
11.4. Wall design.....................................................................................................397 
11.5. Modeling approach ........................................................................................400 

11.5.1. Modeling the elastic damping ...............................................................401 
11.5.2. P-Delta effects........................................................................................402 

11.6. Earthquake motions........................................................................................402 
11.7. Pushover analysis results ...............................................................................403 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

x  

11.8. Time-History Analysis Results ..................................................................... 408 
11.8.1. Displacement profiles............................................................................ 408 
11.8.2. Interstorey drift...................................................................................... 411 
11.8.3. Interstorey shear .................................................................................... 414 
11.8.4. Interstorey moment ............................................................................... 418 
11.8.5. Floor acceleration.................................................................................. 421 
11.8.6. Further discussion ................................................................................. 425 

11.9. Higher mode amplification of Shear and moment ....................................... 427 
11.10. Additional design and modelling sensitivities.......................................... 433 

11.10.1. The elastic damping model ............................................................... 433 
11.10.2. The effect of floor-wall coupling for coupled walls ........................ 436 

11.11. Summary.................................................................................................... 437 

12. CONCLUSIONS.............................................................................................. 439 
12.1. Experimental testing...................................................................................... 439 
12.2. Frame and wall modelling............................................................................. 440 
12.3. Floor modelling ............................................................................................. 441 
12.4. Seismic lateral force design........................................................................... 442 
12.5. Time-history analysis verification................................................................. 444 
12.6. Further research ............................................................................................. 445 
12.7. Closure ........................................................................................................... 446 

REFERENCES............................................................................................................. 449 

GLOSSARY OF SYMBOLS AND ACRONYMS................................................... 463 

APPENDICES .............................................................................................................. 475 



Chapter 1 - Introduction 

1 

1. INTRODUCTION 

In recent years there has been renewed interest in timber buildings worldwide. 

Sustainability is often cited for timber reemergence as a structural material (Buchanan 

et al., 2008). Whatever the reason, traditional timber structural systems are no longer 

sufficient to meet modern building standards in terms of cost, constructability and 

structural performance. Consequently, new structural systems have been created using 

engineered wood products, such as cross-laminated timber (X-Lam or CLT), glue-

laminated timber (Glulam) and Laminated Veneer Lumber (LVL).  

In Central Europe, designs using cross-laminated timber have been optimized for 

houses and apartments, and to a lesser extent, for commercial or industrial buildings. To 

date, buildings of up to 9-storeys have been constructed (Lowenstein, 2008). 

Concurrently, in North America extensive research efforts have focused on medium-

rise light timber frame construction of up to 6-storeys. While each of these structural 

timber innovations have merit, they are not optimal for the New Zealand construction 

industry, which requires cost competitive buildings with large open spaces in floor plan 

(for office structures), an excellent living and working environment, and high 

performance under extreme events such as earthquakes and fire (Buchanan et al., 2008). 

Post-tensioned timber has the potential to address all the above requirements. The 

proposed structural system consists of solid timber frame or wall elements connected by 

steel or fiber post-tensioning tendons. This connection concept was first conceived in 

2004 (Palermo et al., 2005a), as an adaptation of existing precast concrete post-

tensioned connection techniques (Priestley, 1991; Priestley et al., 1999; Pampanin, 

2005; NZCS, 2010). It was promptly recognized, through extensive experimental 

testing on building subassemblies, that the seismic performance of the new timber 

system, as defined by modern performance-based design (Krawinkler, 1999; Pampanin 
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et al., 2002), was exceptional. The controlled rocking mechanism within the 

connections, allows the timber elements to remain essentially elastic, while the restoring 

force from the post-tensioning avoids residual deformations. In addition, significant 

energy dissipation is achieved with the addition of replaceable damping devices 

(Pampanin et al., 2006; Newcombe et al., 2008a).  

For post-tensioned timber to be considered as a viable alternative for multistorey 

construction in New Zealand and around the world, more research and optimization of 

the structural system is necessary. For this purpose the Structural Timber Innovation 

Company (STIC) Ltd was established to facilitate research into many aspects of 

building science and aid the implementation of these new timber solutions into the 

building industry.  

This thesis will focus on the development of procedures to predict the lateral force-

displacement response of post-tensioned timber frames and walls. The work will 

include the determination of design lateral forces due to earthquake motion, modelling 

approaches for frames, walls and floors, and methods to define the capacity of post-

tensioned connections.   

1.1. RESEARCH MOTIVATION 

Due to the attributes of post-tensioned timber, introduced above, there is a growing 

demand by the structural engineering profession for design methods to determine the 

lateral force-displacement response of post-tensioned timber frames and walls.  

Until recently, there was little information on the design of post-tensioned timber 

systems. Some early design recommendations (Pampanin et al., 2006; Newcombe et 

al., 2008a; Newcombe et al., 2008b) are based on limited experimental testing and 

analysis, and therefore require further validation, and potentially modification.  
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To ensure the accuracy of new design methodologies, more extensive analysis and large 

scale experimentation, including all the key structural elements (frames, walls and 

floors) is required.     

1.2. OBJECTIVE AND SCOPE 

The objective of this research is to develop comprehensive procedures to determine the 

lateral force-displacement response of post-tensioned timber frame and wall buildings. 

To achieve this objective, several milestones must be reached. These are listed below: 

• Perform three-dimensional experimental testing to enable verification and 

calibration of modeling and design procedures.  

• Carry out numerical and analytical investigation on the response of frames, wall 

and floor diaphragms. Identify and model the significant deformation 

components using analytical equations and numerical analysis. Verify these 

models using experimental data.  

• Implement simplified procedures to determine design seismic lateral forces for 

frame and wall systems. This requires the characterization of the natural 

damping (energy absorption) of timber for frame and wall systems. Using these 

procedures perform a sensitivity study to determine the governing load 

conditions considering serviceability and ultimate limit state seismic and wind 

loads for a variety of post-tensioned timber buildings.  

• Validate the modelling and seismic lateral force design procedures for frames 

and walls using non-linear time-history analysis, considering key engineering 

demand parameters such as lateral displacement, drift, interstorey shears, 

interstorey moments and floor accelerations.  
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1.3. THESIS OUTLINE  

Chapter 2 provides the research background for this thesis. Existing timber building 

systems, both national and international, are discussed. Some shortcomings for 

commercial type multi-storey buildings are highlighted. Subsequently, the evolution of 

post-tensioned timber is described from its conception to current state-of-the-art 

research. A summary of existing seismic design procedures is provided.    

Chapter 3 summarizes the seismic experimentation performed on a 1/3rd scale timber-

concrete composite floor diaphragm and the development of floor diaphragm (to lateral 

force resisting system) connections, crucial to the seismic performance of post-

tensioned timber buildings. Design recommendations are made, based on the 

experimental test results. 

In Chapter 4 the design of a large-scale two-storey post-tensioned timber building is 

described. The building geometry, connection details and material specifications are 

provided.  

Chapter 5 described the experimental testing of the test building. Details of the test 

apparatus and loading protocols are given. The test results for several experimental 

permutations are presented, and conclusions are drawn by examining the experimental 

data. 

In Chapters 6, 7 and 8 simplified analytical and numerical models are developed to 

model the lateral force-displacement response of frame, wall and floor subassemblies 

respectively. These analytical models are verified with numerical finite element models 

and experimental results. 

In Chapter 9 seismic lateral force design procedures for post-tensioned timber frames 

and walls are presented. These procedures build on existing displacement-based design 

philosophies, and propose modifications that are required for post-tensioned timber 

buildings.   
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The accuracy of the modelling and seismic lateral force design procedures for frames 

and walls are evaluated in Chapters 10 and 11. The engineering design parameters 

(displacement, acceleration, drift, shear and moment) predicted by the design methods 

are compared with results from inelastic time-history analysis, for a large range of 

building geometries.  

In Chapter 12 the thesis is concluded and recommendations are made for future 

research.  
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2. RESEARCH BACKGROUND 

This chapter summarizes existing multistorey timber buildings, introduces requirements 

under modern performance-based earthquake engineering (PBEE), and describes the 

evolution of post-tensioned timber design. Emphasis is given to how the shortcomings 

of existing timber construction and PBEE requirements are addressed by post-tensioned 

timber buildings.  

2.1. EXISTING MULTISTOREY CONSTRUCTION 

There are two main categories of use for multistorey timber buildings; residential and 

commercial (TDG, 2008).  

Residential buildings include apartments, hotels or hostels. There are several rooms, 

many inter-tenancy walls and short floor spans. The inter-tenancy walls often have strict 

acoustic, insulation and fire performance requirements. Light timber framing (with 

bracing panels) or solid timber wall construction are often used to meet the above 

specifications. Traditional solid timber or proprietary joists are common, due to the 

relatively short floor spans.  

Commercial buildings are usually offices, industrial or educational facilities. They are 

characterized by open floor plans, long floor spans and scarcity of load resisting 

elements. There are few load bearing (permanent) walls, except around lift shafts and 

stair wells. Solid timber frames and/or discretely located solid walls are well suited for 

commercial structures. Timber-concrete composite floor or stressed-skin floor systems 

are usually required to achieve the long floor spans, within a reasonable floor depth.  
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2.1.1. New Zealand 

There are few multistorey timber buildings in New Zealand and most are for residential 

use. Light timber frame with either plywood or gypsum board sheathing is used to 

provide bracing. The tallest building using this form of construction is 6-storeys (see 

Figure 2.1a). Several national researchers have focused on experimental testing and 

seismic design of light timber frame with plywood or gypsum board sheathing (Stewart, 

1987; Deam, 1997; Beattie et al., 2001) and have shown that sufficient ductility 

capacity and strength can be achieved.  

There are very few examples of commercial timber buildings in New Zealand. Solid 

timber frames have been used as gravity systems, but seldom as a lateral force resisting 

system. Hence, most commercial timber buildings are actually material hybrids, where 

reinforced concrete or masonry walls provide the lateral force resistance (see Figure 

2.1b).  

a) 
 

b) 
Figure 2.1. Multistorey timber buildings in New Zealand: a) Martin Square Apartments in 

Wellington and b) Odlins Building under construction in Wellington 
 

Several reasons are cited for the limited number of commercial timber structures 

(Halliday, 1991; Thomas, 1991; Fairweather, 1992; Buchanan et al., 2008). An 

important aspect is the lack of structural design codes and insufficient education for 
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practicing engineers. This lack of knowledge can lead to buildings that are costly, 

difficult to build and which may not achieve their design objectives (strength or 

stiffness requirements).  

2.1.2. Central Europe 

In Central Europe there is a long tradition of multistorey timber construction (Kolb, 

2008), beginning with log construction, and progressing to balloon-type, then platform 

timber frame. Recently, there have been new developments with prefabricated timber 

elements, which aim to address modern building requirements for cost, constructability 

and structural performance. 

A new system, of interest to this research, is solid timber wall and floor construction 

(see Figure 2.2a). The structural elements, constructed of cross-laminated timber (X-

Lam or CLT), have been optimized for houses and apartments, but there are also some 

examples of commercial and industrial buildings. To date, buildings of up to 9-storeys 

have been constructed (Lowenstein, 2008). As part of the Sofie Project, a full-scale 7-

storey building (see Figure 2.5b) has been tested under high intensity dynamic 

earthquake simulation (Ceccotti et al., 2006), which resulted in minimal structural 

damage but high floor accelerations. These accelerations were due to the dynamic 

response of the high stiffness solid timber walls. 

While solid wall construction has been shown to be cost competitive, due to fast 

erection speed, the structural form is not suited to commercial buildings in which open 

floor plans are desired. A point-supported structural system is required for commercial 

structures, such as solid timber frames. In addition, the sheer volume of timber required 

for many X-Lam buildings could potentially overwhelm the current New Zealand 

timber fabrication industry.  

There are several examples of solid timber frame buildings. They usually provide lateral 

force resistance via diagonal steel or timber braces (see Figure 2.3a) or, in some cases, 
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moment resisting connections between the beam and column (see Figure 2.3b). 

Moment-resisting connections and some brace connections require complicated 

connection detailing to provide sufficient lateral stiffness. Braces also interrupt the view 

from the building envelope. If these connection techniques were used in New Zealand, 

the complicated detailing would result in extensive fabrication costs. In addition, under 

seismic loading, it is difficult to ensure that these systems form a ductile mechanism 

under high earthquake loading.  

a) 
 

b) 
Figure 2.2. Solid timber wall construction (X-Lam) a) Residential buildings and b) Full-scale 

earthquake testing on 7-storey building [www.progrettosofie.it] 
 

a) 
 

b) 

Figure 2.3. Solid timber frame construction (Kolb, 2008) a) Solid timber frame with diagonal 
braces and b) Solid timber frame “BSB” moment-resisting construction 
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2.1.3. North America 

In North America most multistorey timber construction is light timber frame with 

orientated strand board (OSB) or plywood sheathing (see Figure 2.4). Extensive 

research efforts, as part of the NEES Wood Project (van de Lindt et al., 2010), have 

focused on performance-based seismic design procedures for medium-rise light timber 

frame. Newly developed lateral force design and modeling procedures (Pang and 

Rosowsky, 2007b) were used to design a full-scale 6-storey building (see Figure 2.4b). 

The building was constructed and subjected to dynamic earthquake simulation, which 

allowed verification of the design and modelling procedures. As in New Zealand, this 

form of construction is restricted to residential type buildings.  

a) b) 
Figure 2.4. Light timber frame construction in North America a) Residential Building and  

b) 6-storey full-scale earthquake testing (van de Lindt et al., 2010) 
 

2.1.4. Japan 

As in Central Europe, Japan has a rich history of timber construction. There are many 

examples of traditional solid timber frames used for temples, shrines and houses 

(Tanahashi et al., 2008).  
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More recently, there are examples of both residential light timber frame and 

commercial solid timber frame construction (see Figure 2.5). As seen in European 

construction, it is difficult to achieve sufficient lateral stiffness for solid frames, 

resulting in complicated connection detailing and, in some cases, large steel braces to 

resist high seismic loads. Again, this can result in an expensive structural system.  

a) b) 
Figure 2.5. Japanese timber buildings: a) Residential and b) Commercial  

 

2.2. PERFORMANCE-BASED EARTHQUAKE ENGINEERING 

Modern performance-based earthquake engineering (PBEE) concepts, as introduced by 

SEAOC (1995), have become widespread in the structural engineering profession 

(SEAOC, 1999; FEMA, 2003; fib, 2003; May, 2007; Priestley et al., 2007). PBEE 

relates the building damage or collapse, and associated loss of use and/or business 

downtime, to financial consequences (cost). Under PBEE it is expected that the 

structural response to a given seismic intensity can be predicted and intelligent, 

informed decisions can be made for the expected life-cycle financial losses of a 

structure rather than just the initial construction costs (Krawinkler, 1999). In this way, 

the financial benefits of implementing more seismically robust structural system can be 

illustrated.  

Important engineering design parameters which define the level of damage sustained by 

a given structure, and hence the financial consequences, are floor displacements and 

accelerations, interstorey drift and structural member actions (Reinoso and Miranda, 
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2005; Bradley et al., 2010). Recent developments in PBEE (Pampanin et al., 2002; 

Miranda and Ramirez, 2010) have highlighted that residual deformations sustained by a 

structure after an earthquake also have significant financial consequences.  

More specifically, to minimize the potential financial losses from a given earthquake, 

structural damage, non-structural damage and residual displacements must be limited 

(May, 2007). To achieve this, structural elements should remain essentially elastic 

while providing significant displacement capacity, floor accelerations must be limited, 

and residual displacements must be minimized.  

New multistorey structural systems, such as post-tensioned timber, should ideally 

address all of the above PBEE aspects and hence minimize potential financial losses.  

2.3. THE CONCEPTION OF POST-TENSIONED TIMBER 

The concept of using post-tensioning tendons to provide moment resisting connections 

to solid timber elements was conceived in 2004 (Palermo et al., 2005a) at the 

University of Canterbury. Initially, the connection technique was a direct adaptation of 

existing precast concrete construction that was developed by the Precast Seismic 

Structural Systems (PRESSS) program at the University of California in San Diego 

(Priestley, 1991; Priestley and Tao, 1993; Priestley et al., 1999) and the National 

Institute of Standards and Technology (NIST) (Cheok et al., 1996). The frame and wall 

systems developed under the PRESSS program focus on inelastic deformation, due to 

seismic loading, in precast beam-column connections or wall-to-foundation 

connections. Several connection details were tested (Priestley et al., 1999); the best 

performance was attained by the “Hybrid” connection (see Figure 2.6a).   

The Hybrid connection consists of partially unbonded mild steel reinforcement and 

unbonded post-tensioning tendons. The post-tensioning creates a controlled rocking 

mechanism within the connections, resulting in minimal damage to structural elements 

and full re-centering after seismic loading, avoiding residual displacements (Pampanin 
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et al., 2002). The mild steel reinforcement provides mechanical energy dissipation, 

through yielding in tension and compression. The correct combination of restoring force 

from the post-tensioning and mild steel reinforcement (or energy dissipation) results in 

the ‘flag-shaped’ hysteresis (see Figure 2.6b). These concepts have been extended to 

steel moment resisting frames (Christopoulos et al., 2002), braced frames (Tremblay et 

al., 2008) and, more recently, steel plate shearwalls (Berman et al., 2010).  

a) 
 

b) 
Figure 2.6. The PRESSS Hybrid Connection a) Beam-column connection details (S. Nakaki) and 

b) Moment-rotation hysteretic response (modified after fib, 2003)  
 

Independently from the PRESSS program, Buchanan and Fairweather (1993) developed 

ductile connection techniques for solid timber frames. Beams and columns constructed 

from glue-laminated timber (Glulam) were connected by epoxied steel rods or gusset 

connections. Connections with too many epoxied rods exhibited brittle timber fracture 

(see Figure 2.7a). This was due to localized weaknesses in the Glulam strength and high 

tensile stresses induced by the steel rods. The epoxied rod connections that responded in 

a ductile manner provided significant energy dissipation but resulted in large residual 

displacements (see Figure 2.7b). Gusset-type connections resulted in minimal 

mechanical energy dissipation and significant residual displacement (see Figure 2.7b) 

under seismic response.  
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a) 

 
b) 

 
c) 

Figure 2.7. Glulam moment-resisting frame test units (Fairweather, 1992) a) Brittle response b) 
Ductile response c) Ductile and pinched response 

 

The post-tensioned timber concept effectively combines lessons learnt from the 

PRESSS program and research by Buchanan and Fairweather (1993). Solid timber 

elements (columns, beams or wall segments) are connected by unbonded post-

tensioning tendons (see Figure 2.8). In some cases, mild steel reinforcement is added to 
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the connections in the form of internal epoxied rods or externally mounted (replaceable) 

devices (Smith et al., 2007; Newcombe et al., 2008a; Smith et al., 2008a). To limit the 

possibility of timber fracture at the connections, structural elements have been 

constructed from Laminated Veneer Lumber (LVL). The 3mm wood veneers, which 

make up an LVL section, result in low variability of strength and stiffness, reducing the 

possibility of fracture due to defects in the timber. When compared to standard sawn 

timber (Radiata Pine), LVL has higher bending, compression and tension capacity and a 

higher elastic modulus. Hence, LVL can achieve longer spans for given beam depth, 

compared sawn timber. However, it is important to note that post-tensioned timber 

concepts need not be limited to LVL structural systems but can also be applied to 

Glulam and X-Lam.       

 

 

Figure 2.8. An example of a post-tensioned timber frame system 
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2.4. EXPERIMENTATION ON POST-TENSIONED TIMBER 

Since the conception of post-tensioned (PT) timber in 2005, there has been extensive 

experimentation on post-tensioned timber subassemblies. To-date all subassemblies 

have been tested using Laminated Veneer Lumber (LVL). This work can be divided 

into frame, wall and column subassemblies.    

2.4.1. Frames 

The first experiment on a PT timber system was performed on a reduced scale external 

beam-column subassembly (Palermo et al., 2005a; Palermo et al., 2006b), shown in 

Figure 2.9. This subassembly was tested with and without additional connection 

reinforcement, creating a Hybrid and PT-only solution respectively. Initially, the 

additional reinforcement was in the form of mild steel bars epoxy bonded into the 

timber (see Figure 2.10a). Subsequently, the additional reinforcement was modified so 

that it was attached externally (Palermo et al., 2006a; Smith, 2008; Smith et al., 2008b), 

as shown in Figure 2.10b. Smith (2008) also experimented with the addition of steel 

plate column armouring and the gravity corbels underneath the beam. Steps were taken, 

to devise diaphragm connections between external frame subassemblies and a timber-

concrete composite floor (Smith, 2008; Smith et al., 2008a). However, because the 

diaphragm was connected to only one beam on one side of the column, the affects of 

the floor-frame interaction could not be established (see Figure 2.11). Furthermore, 

because in-plane loading was not applied to the floor, the performance of the diaphragm 

connections could not be evaluated.  

More recently, Iqbal (2010) performed experimental tests on a full-scale beam-column 

subassembly, as shown in Figure 2.12. These tests investigated the effects of connection 

armouring, as described by Newcombe (2008), internal connection reinforcement using 

large screws and both PT-only and Hybrid solutions. Both external and internal beam-

column subassemblies were tested. 
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Figure 2.9. External beam-column subassembly with post-tensioning only (Palermo et al., 2005a): 
a) Test setup (Newcombe, 2008) b) Specimen photo c) Lateral force vs. drift hysteresis and d) 

Post-tensoining tendon force vs. drift (Palermo et al., 2006a) 
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a) 

b) 
Figure 2.10. Additional reinforcement for external beam-column subassembly (Palermo et al., 

2006a): a) Internal b) External 
 

 
Figure 2.11. External beam-column subassembly with partial floor diaphragm (Smith, 2008)  
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a) 
 

b) 

c) d) 

e) 
 

f) 
Figure 2.12. Full-scale beam-column subassembly (Iqbal et al., 2010): a) Test setup b) Specimen 
photo c) Unarmoured connection d) Armoured Connection e) Lateral force vs. drift hysteresis 
for an armoured connection and f) Post-tensioning force vs. drift for an armoured connection 
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Dynamic shake-table and quasi-static tests were performed on a one-forth scale five-

storey post-tensioned timber frame building (see Figure 2.13) by Pino et al (2010) and 

Pino (2011). The aim of these tests was to characterize the damping characteristics and 

higher mode response of unarmoured post-tensioned timber frames. An experimental 

sensitivity study was performed, where the mass and stiffness of the building, and the 

input motion were altered.  

a) b) 
Figure 2.13. One-third scale five-storey frame (Pino, 2011): a) Test setup b) Specimen photo 

 

2.4.2. Walls and columns 

The first PT timber wall-to-foundation subassembly (see Figure 2.14) was tested in 

2005 (Newcombe, 2005; Palermo et al., 2005a). These tests were performed on a 

concrete foundation. Both PT-only and Hybrid solutions were considered. For the 

hybrid solution, additional connection reinforcement was provided by reinforcing 

starter-bars that were epoxied into the base of the wall and hook-anchored into the 

concrete slab (Palermo et al., 2006a). Subsequently, the external additional base 

connection reinforcement was used on the same wall element with a steel foundation, as 

shown in Figure 2.15.  
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The experimentation was extended to double-wall subassemblies (Iqbal et al., 2007; 

Smith et al., 2007), as illustrated in Figure 2.16. The coupling elements between the 

wall yield and provides energy dissipation to the structural system, as is the case for 

reinforced and precast concrete walls (Kurama, 2002; Priestley et al., 2007). U-shaped 

flexural plates or UFP couplers (Kelly et al., 1972; Priestley et al., 1999) and nail 

plywood were used as coupling elements during the experimentation (see Figure 2.17). 
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Figure 2.14. Wall-to-foundation subassembly (Palermo et al., 2006a; Newcombe et al., 2008b):  

a) Test setup b) Specimen photo c) Base moment vs. drift hysteresis d) Post-tensioning force vs. 
drift 
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a) 

d) 
Figure 2.15. Additional reinforcement for wall-to-foundation subassembly (Palermo et al., 

2006a): a) Internal b) External 
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Figure 2.16. Double wall-to-foundation subassembly (Iqbal et al., 2007; Smith et al., 2007): a) 

Test setup (Newcombe, 2008) b) Specimen photo 
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a) 

 
b) 

Figure 2.17. Couplers between wall elements: a) UFP couplers (Iqbal et al., 2007) b) Nail plywood 
sheets (Smith et al., 2007) 

 

Marriott (2009) performed dynamic testing on a post-tensioned wall subassembly, as 

shown in Figure 2.18. PT-only and Hybrid solutions were tested. The Hybrid wall 

system incorporated both hysteretic and viscous damping devices. Both hysteretic and 

viscous damping devices were combined to create an ‘Advanced Flag-Shape” hysteretic 

response (Tanahashi et al., 2008). Marriott (2009) suggests that the viscous dampers 

would be appropriate for near-field earthquake motions with strong directivity effects.  

Hollow column-to-base connections were also tested (Palermo et al., 2006c), shown in 

Figure 2.19. Both PT-only and Hybrid connections were tested. For the Hybrid 

connections external column-base reinforcement was used (see Figure 2.20).    
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a) b) 

Figure 2.18. Shake-table test on a wall (Marriott, 2009): a) Test setup b) Specimen photo 
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a) b) 
Figure 2.19. Column-to-foundation subassembly (Palermo et al., 2006b): a) Test setup 

(Newcombe, 2008) b) Specimen photo 
 

 
a) b) 

Figure 2.20. Additional external reinforcement for column-to-foundation subassembly (Palermo 
et al., 2006b): a) At the base of the column b) Reinforcing and anti-buckling tube 
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2.5. ATTRIBUTES OF POST-TENSIONED TIMBER 

There are several benefits associated with the introduction of post-tensioned timber into 

the New Zealand building industry. The system addresses shortcomings in existing 

timber construction, achieves high performance under current PBEE requirements and 

provides a sustainable alternative for commercial multistorey construction. Each of 

these points is expanded upon below.  

2.5.1. Addressing the shortcomings of existing timber buildings 

Post-tensioned timber provides a viable timber alternative for commercial buildings in 

New Zealand. Large open floor plans can be achieved using the solid timber frame and 

walls, in conjunction with existing long span floor systems such as timber-concrete 

composite floors (Yeoh et al., 2008) or stress-skin floors (Gerber and Crews, 2009).  

As introduced previously, one of the major drawbacks for existing commercial timber 

buildings has been high construction costs due to complicated connection details. 

Several studies have focused on the cost of post-tensioned timber buildings (Smith, 

2008; Smith et al., 2009; Newcombe et al., 2010b). These studies show that post-

tensioned timber is cost-competitive, when compared to steel and concrete, for 

commercial multistorey buildings. The cost-competitiveness is mainly attributed to the 

post-tensioned connections. The simplicity of the connection system results in minimal 

fabrication costs and drastically reduces on-site construction time, when compared to 

traditional timber connections.  

Furthermore, the combination of the post-tensioning with solid timber sections is 

beneficial for gravity loading requirements (Palermo et al., 2010). For timber flooring 

systems and gravity beams, it is common that deflection limits, rather than ultimate 

capacity, govern the design. However, this can be combated by using eccentric tendon 

profiles within the beam sections. Pre-stressed concrete design procedures (Collins and 

Mitchell, 1991) can be directly applied to timber, with consideration of new material 
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strain limits and expected losses in tendon force due to creep, shrinkage and friction. 

This aspect will be especially beneficial for the design of commercial buildings with 

long spans and similar member depths compared to concrete and steel. This research is 

complemented by on-going work into shrinkage, creep and moisture induced 

deformations (Davies and Fragiacomo, 2008). 

2.5.2. Performance-based earthquake engineering considerations 

The financial losses due to an earthquake event, which are considered under 

Performance-Based Earthquake Engineering (PBEE), are perceived to be extremely low 

for post-tensioned timber systems.  

Large lateral displacements can be accommodated by rotations at the post-tensioned 

connections, allowing the timber structural elements to remain elastic and avoiding 

brittle failure modes. If desired, inelastic deformation can occur within energy 

dissipation devices, which provide structural damping and reduce seismic design forces. 

By using replaceable energy dissipation devices costs due to loss of operation and repair 

will be minimized (Pampanin, 2005).  

The clamping force provided by the post-tensioning creates stiff moment-resisting 

connections, sufficient to achieve stiffness and strength requirements for both 

serviceability and ultimate limit state conditions (NZS1170.0, 2002). Also, the restoring 

action provided by the post-tensioning results in negligible residual deformations 

further reducing potential financial losses.  

The significant displacement capacity of post-tensioned timber systems can result in 

reduced floor accelerations. When compared to solid wall construction (using X-Lam), 

the potential financial losses due to damage of acceleration-sensitive non-structural 

components (like computers) is anticipated to be greatly reduced for post-tensioned 

timber.  
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2.5.3. Sustainability 

It has long been recognized that timber is the only widely used renewable construction 

material (Buchanan, 2007). This attribute is becoming an increasingly important 

consideration in the New Zealand building industry (Buchanan et al., 2009). 

Advantages in the life cycle energy consumption of timber buildings are also being 

investigated. These assessments consider the energy usage associated with the full life 

of a timber structure: from timber harvest, to manufacture of building components, to 

construction, to intended use until demolition (Buchanan, 2007). It has been recognized 

that there are significant savings in the energy required to manufacture the building 

materials (embodied energy) when compared to concrete and steel buildings (Townsend 

and Wagner, 2002; Gustavsson and Sathre, 2006).  

Life cycle energy assessments have been performed on residential buildings 

(ATHENA, 1999) considering different materials. These studies indicate that timber 

buildings have superior energy efficiency during their design life (operational energy 

efficiency) when compared to concrete and steel. Similar investigations have been 

performed by John et al (2008) on commercial post-tensioned timber solutions. This 

research shows that the operational energy usage of timber, concrete and steel 

commercial buildings is similar, but the embodied energy of timber buildings is much 

less. As buildings are tending to be more energy efficient during their operation, 

embodied energy of the material is becoming increasingly important (Perez et al., 

2008). This leaves commercial timber structures with a clear advantage over alternative 

materials.  

Sustainability aspects, such as operational energy efficiency and deconstructability, to 

enable recycling of timber elements, are becoming increasingly important 

considerations in the design of commercial structures.   



Chapter 2 – Research background 

29 

2.6. EXISTING DESIGN APROACHES  

To date, publications that focus on the lateral response of post-tensioned timber systems 

are limited. The few design recommendations that exist can be subdivided into those 

concerned with connection design and seismic lateral force design.  

2.6.1. Connection design 

Pampanin et al (2006) suggested code provisions for post-tensioned timber based on 

existing precast concrete guidelines and indicated how to balance the elastic re-

centering contribution from the post-tensioning with inelastic energy dissipation 

contribution for hybrid connections.  

Procedures for modelling the moment-rotation response of post-tensioned timber beam-

column and wall-to-foundation connections were presented by Newcombe et al 

(2008a). The procedures were simple adaptations of existing post-tensioned precast 

concrete design procedures (Pampanin et al., 2000; Pampanin et al., 2001; fib, 2003; 

Palermo, 2004; NZS3101, 2006b; NZCS, 2010), calibrated to match experimental 

results. The existing concrete design procedure (see Figure 2.21) was modified to 

account for the unique characteristics of timber and epoxied rod connections.  
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Figure 2.21. Design procedure proposed by Pampanin el al (2000) for connection moment-
rotation response 

 

An integral part of the design procedure is the Monolithic Beam Analogy (MBA). At 

the connection interface there is a finite rotation which violates the Bernoulli-Navier 

Hypothesis. In addition, the post-tensioning and energy dissipation are unbonded, hence 

strain-compatibility does not apply. The MBA relates the imposed connection rotation 

to the compressive strain within the compressive zone (neutral axis depth) of the 

connection interface. The analogy is made between a jointed ductile member (a hybrid 

member) and an equivalent strain compatible member (a monolithic member). 

Originally, the analogy focused on the plastic rotation domain of the response; this is 

the original Monolithic Beam Analogy (MBA) as proposed by Pampanin et al (2001) 

and implemented into the New Zealand Concrete Structures Standard (NZS3101, 

2006b). Subsequently, the MBA was refined by Palermo (2004) to consider both the 

elastic and inelastic domain of response. The Modified Monolithic Beam Analogy as 

defined by Palermo (2004) is illustrated in Figure 2.22. 
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Figure 2.22. The modified monolithic beam analogy (Palermo, 2004) 

 

Procedures proposed by Newcombe et al (2008a) and Newcombe (2008) are 

summarized below with reference to Figure 2.21 and Figure 2.23. 
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Figure 2.23. Gap opening mechanism (Pampanin et al., 2001) 

 

1. Impose a connection rotation θimp 

The imposed connection rotation defines the strength of the connection. It can be 

determined by considering a design drift limitation (2.5% for ultimate limit state 

loading in NZS1170.5:2004) and subtracting the elastic deformation of the structural 

elements. The elastic deformation is determined by summing flexural and shear 
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deformation of the structural elements, when subjected to design actions. Hence, there 

can be a degree of interaction between seismic lateral force design and the connection 

design.  

2. Guess the neutral axis depth; c 

3. Apply member compatibility 

The deformed geometry of the connection is considered with an imposed rotation θimp 

and the assumed neutral axis depth, c, and beam depth, hb (see Figure 2.23). The 

resulting displacement of the post-tensioning, Δpt, and energy dissipating reinforcement, 

Δr, can be determined by simple trigonometry.  

⎟
⎠
⎞

⎜
⎝
⎛ −=Δ c

hb
imppt 2

θ   (2-1) 

( )cdimpr −=Δ θ   (2-2) 

The change in strain for the post-tensioning tendons, δεpt, due to the imposed rotation is 

a function of unbonded length, lub, and the number of gap openings, ncon: 

ub

ptcon
pt l

n Δ
=δε  (2-3) 

The strain in the tendons εpt, is the sum of the strain due to gap opening and the strain 

induced by the initial force within the tendons, εpt,i: 

ptiptpt δεεε += ,  (2-4) 
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The strain in the energy dissipating reinforcement, εs, due to the imposed rotation is a 

function of the unbonded length, l’ub, and the strain penetration deformation, Δsp: 

( )
ub

spr
s l '

2Δ−Δ
=ε  (2-5) 

Where:  spbssp l,ε=Δ   
 bs,ε  = the steel strain within the epoxy bonded portion of the bar 
 spl  = the strain penetration length (0.024fydb and 0.040fydb for parallel and 

perpendicular to grain timber respectively from Newcombe 2008, where fy is 
in MPa and db is in mm). 

 

For externally mounted energy dissipation, the strain penetration displacement is 

interchangeable with anchorage deformation.  

The force provided from the post-tensioning, Tpt, and energy dissipaters, Ts and Cs, can 

be easily determined using constitutive stress-strain relationships. The post-tensioning 

is designed to remain elastic, while the energy dissipation is designed to yield and 

follow an inelastic stress-strain relationship.  

Since there is a discrete rotation at the connection (and infinite curvature), the 

compression force applied by the timber, Ct, must also be determined using the 

Monolithic Beam Analogy (MBA) (see Figure 2.22). If there is no energy dissipation in 

the connection, or the dissipation has not yielded, the following expression is 

recommended to determine the maximum compressive strain in the timber, εc: 

c
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Where:  cantL  = the shear span of the beam (or wall) 
 decφ  = the decompression curvature of the equivalent monolithic member 
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If there is energy dissipation that has yielded, an equivalent plastic hinge length, Lp, is 

specified and: 

c
L

L
L

L
L

y

p
p

cant

cantdecy
cantimp

c

⎟
⎟
⎟
⎟
⎟

⎠

⎞

⎜
⎜
⎜
⎜
⎜

⎝

⎛

+

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−

−
−

= φ

φφ
θ

ε

2

3
)( 2

 (2-7) 

Where:  totspp lL ,=  = the equivalent plastic hinge length  
 totspl ,  = the total strain penetration from both sides of the connection 
 yφ  = the yield curvature of the equivalent monolithic member.  
 
The estimated stress in the timber, within the elastic range, is determined by multiplying 

the compressive strain by the calibrated effective connection modulus, Econ. For beam-

column connections without any armouring, in which there is an interaction of 

perpendicular and parallel-to-grain timber: 

tcon EE 1.0=  (2-8) 

Where:  tE  = the parallel to grain elastic modulus of the timber.  
 
For wall-to-foundation connection or beam-column connections with heavy steel 

armoring:  

tcon EE 55.0=  (2-9) 

The compressive force from the timber can now be quantified. If the strain in the timber 

(at the extreme fiber) is less than the yield strain, then a linear stress-strain relationship 

is assumed. If the yield stress of the timber is exceeded, a bi-linear stress-strain 

relationship is suggested (Newcombe, 2008).  

4. Check section force equilibrium 

0=−−+ sptst TTCC  (2-10) 
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If equilibrium not satisfied, the neutral axis depth is updated, and the above process is 

repeated until convergence.  

5. Evaluate moment capacity 

The moment contribution from the additional reinforcement, Ms, and post-tensioning, 

Mpt, is evaluated, about the stress-centroid of compression region. The ratio of the 

moment from the self-centering components (the post-tensioning and axial load, MN) 

for wall and column connections, and the energy dissipating moment must be greater 

than 1.0 to ensure re-centering of the connection. This ratio is defined as λ (NZS3101, 

2006b). Current precast concrete guidelines (NZCS, 2010) recommend that a minimum 

re-centering ratio, α0, of 1.5, evaluated at the design displacement of the structure, is 

required to ensure full re-centering action. For timber connections, a minimum re-

centering ratio of 1.15 is suggested at the yield rotation of the connection by Newcombe 

(2008). This accounts for the more gradual increase of self-centering moment, when 

compared to concrete, due to softness of the timber connections and avoids residual 

displacements.     

0αλ ≥
+

=
s

Npt

M
MM

 (2-11) 

2.6.2. Seismic lateral force design 

Similar to connection design, concepts for the seismic lateral force design for post-

tensioned precast concrete (Priestley, 2002; Priestley et al., 2007) have been adapted to 

post-tensioned timber. For precast post-tensioned systems, it was recognised that the 

strength and hysteretic damping of jointed post-tensioned systems is strongly dependent 

on lateral displacements (Priestley and MacRae, 1996; Priestley et al., 1999). For these, 

and many other reasons, Priestley et al (2007) proposes that Direct Displacement-Based 

Design (DDBD) is used for seismic lateral force design. Newcombe et al (2008b), 

suggested a slightly modified DDBD procedure for post-tensioned timber.  



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

36  

Direct displacement-based design (DDBD) 

DDBD is performance-based methodology for seismic lateral force design of structures 

(see Figure 2.24). It considers code-based or material strain displacement limitations at 

the beginning, rather than at the end, of the design process, which is contrary to current 

force-based or equivalent static design (NZS1170.5, 2004). In part, the DDBD 

procedure is based on Substitute Structure approaches (Shibata and Sozen, 1976). The 

structural system at its peak displacement is characterised by an equivalent single 

degree of freedom (SDOF) system. Equivalent viscous damping (EVD) is used (rather 

than equal-displacement or equal-energy assumptions for force-based design) to scale 

the elastic to the inelastic spectral displacement demand (see Figure 2.24). The EVD of 

a structural system is calibrated by matching its non-linear seismic response, from non-

linear time-history analysis, with an equivalent linear system with associated viscous 

damping (Dwairi and Kowalsky, 2004; Grant et al., 2005).      

 
a) 

 
b) 

 
c) 

 
d) 

Figure 2.24. Direct displacement-based design (Priestley et al., 2007) 
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The existing DDBD procedure (Priestley et al., 2007) for post-tensioned precast 

concrete is described below for both wall and frame structures.  

The inelastic mode shape, δi, is defined. This depends on the structural system. For 
frame structures Priestley et al (2007) suggests the following: 
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Where:  n = the number of storeys 
 Hi = the floor height at the ith level 
 
It follows that the displacement at each level, Δi, is: 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛ Δ
=Δ

c
ii δ

δ 1  (2-14) 

Where: 
cδ
1Δ is the ratio of displacement and the inelastic mode shape at the 1st floor.  

 
For post-tensioned walls a linear displacement profile, as described by Equation 2-12, is 

appropriate for medium-rise buildings, according to NSCS (2010).  

A design displacement, Δd, is defined for the SDOF representation:  

( ) ( )∑∑
==

ΔΔ=Δ
n

i
ii

n

i
iid mm

11

2  (2-15) 

Where:  mi = the floor mass at the ith level 
 
The design displacement is a function of code-based or material strain drift limits, the 

assumed displacement profile and the seismic mass distribution. Notably, drift limits 

can be slightly reduced to account for the effects of higher modes of response (see 

Priestley et al, 2007).   
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The effective mass: 

( ) d

n

i
iie mm ΔΔ= ∑

=1
 (2-16) 

The effective height: 
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11
 (2-17) 

The relative proportion of elastic deformation, Δy, and peak (design) deformation, 

otherwise known as system ductility, μ, must be determined: 

ey

d

y

d

Hθ
μ

Δ
=

Δ
Δ

=  (2-18) 

Hence, to determine the system ductility the yield rotation must be determined. For 

post-tensioned concrete, the system yield rotation is assumed to be independent of the 

strength and stiffness of the frame and can be estimated considering the bay length of 

the frame, Lb, the beam depth, hb, and the grade of steel used for the energy dissipation. 

Priestley et al (2007) gives the following expression for a steel yield stress of 400MPa: 

b

b
y h

L
0005.0=θ  (2-19) 

More recent publications (NZCS, 2010) suggest that the yield rotation is also strongly 

dependent on other connection details, such as the unbonded length of energy 

dissipating reinforcement and the initial post-tensioning force.  

Once the ductility is evaluated the equivalent viscous damping (EVD) can be estimated: 

hysthysteleq Rc ξξμξ λ +=  (2-20) 

Where: cλ  = a correction factor for the elastic damping (Grant et al., 2005) 
 hystR  = a correction factor for the hysteretic damping (Priestley et al., 2007) 
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Generally, 5% of critical damping, proportional to the tangent stiffness, is assumed for 

the elastic damping, ξel. For hysteretic damping an analytical expression for a ‘flag-

shaped’ hysteresis (without strength degradation) is used: 

( )
( )( )11

1
−+

−
=

μμπ
μβξ
rhyst  (2-21) 

Where: 
λ

β
+

=
1

2   

 λ  = the re-centering ratio (from the previous section) 
 r  = the post-yield stiffness ratio. 
 

This above expression considers the area-based equivalent viscous damping, as defined 

by Jacobsen (1960) and illustrated in Figure 2.25a. Priestley et al (2007) suggests that 

this value should be corrected (by Rhyst) to give hysteretic damping that is consistent 

with the results of inelastic time history analysis (Dwairi and Kowalsky, 2004; Grant et 

al., 2005), as shown in Figure 2.25b.  
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Figure 2.25. Equivalent viscous damping (Priestley et al., 2007): a) Area-based b) Area-based 

correction factor 
 

An alternative approach, recommended in NZCS (2010), is to take a weighted average 

of the hysteretic damping provided by energy dissipating and self-centering moment 

mm

h
abhyst F

A
Δ

=
π

ξ
2,



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

40  

contributions. Again, each component should be corrected by Rhyst, as shown in Figure 

2.25b.  

The seismic reduction factor, Rξ, according to Eurocode 8 (EC8, 2004) is computed: 

5.0
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=

eq
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ξξ  (2-22) 

The 5% of critical damping elastic displacement spectrum, usually taken directly from 

seismic codes (such as NZS1170.5), is scaled by Rξ.   

ξξ RTT 5,, Δ=Δ  (2-23) 

The effective period, Te, at the design displacement can be calculated from the scaled 

displacement spectrum. The effective or secant stiffness of equivalent SDOF system, 

Ke, is then evaluated: 

2
24

e

e
e T

m
K π=  (2-24) 

Hence, the initial elastic stiffness, Ki, and the post-yield stiffness, rKi, are not directly 

required in the procedure but the post-yield stiffness r is inferred for the EVD 

relationships (see Figure 2.24c).  

The design lateral force is defined by the effective stiffness and the design 

displacement: 

deb KVF Δ==  (2-25) 

The base shear is distributed to each floor based on the inelastic mode shape and mass 

distribution: 
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 (2-26) 
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Depending on the height of the building, 10% of the base shear may be redistributed to 

roof to account for increased storey shear and moment due to higher mode effects 

(Priestley et al., 2007). This is also done for equivalent static design according to 

NZS1170.5 (2004). Therefore: 

( ) ( )∑
=

ΔΔ+=
n

i
iiiibti mmVFF

1
9.0  (2-27) 

Where: Ft = 0.1Vb when i = n (at the roof) or; 
 Ft = 0 when i ≠ n (all floors excluding the roof). 
 

Modifications to DDBD for Post-tensioned timber 

As introduced previously, a modified DDBD procedure was proposed by Newcombe et 

al (2008b) and Newcombe (2008) for the seismic design of hybrid post-tensioned 

timber frames. Three modifications to the existing precast concrete design procedure 

(Priestley, 2002) were proposed; the evaluation of system yield rotation, the 

quantification of the equivalent viscous damping and capacity design dynamic 

amplification factors for higher mode response.  

For post-tensioned timber, it was identified that the system yield rotation is strongly 

dependent on the strength of the frame and cannot be approximated using simply frame 

geometry (Newcombe et al., 2008b). Furthermore, the elastic deformation of the 

structural elements is significant (when compared to precast concrete) and the 

connection stiffness depends on the axial force applied by the post-tensioning, both of 

which vary depending on the strength demand on the frame. Hence, the displacement-

based design (DBD) procedure becomes iterative (and is no longer direct).  

Equivalent viscous damping (EVD) has both elastic and hysteretic components. For the 

elastic (or intrinsic) damping Newcombe et al (2008b) suggests that 2% of critical 

damping is appropriate, based on research on light timber frame buildings (Foliente, 

1995; Durham et al., 1999; Filiatrault et al., 2002). Recently, Pino et al (2010) has 

performed dynamic shake-table tests on post-tensioned timber frames, which suggest 
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elastic damping values between 3% and 6%. For the hysteretic component, it is 

suggested that existing methodologies (Priestley et al., 2007; Marriott, 2009) can be 

employed, provided the yield is rotation accurate. 

For the capacity design dynamic amplification of column moments due to higher modes 

of response, it is perceived that more conservatism is necessary for post-tensioned 

timber, when compared to reinforced concrete design. The dynamic amplification factor 

proposed by Priestley et al (2007) for reinforced concrete is illustrated in Figure 2.26, 

where H is the total height and μo is the ductility considering overstrength of a frame. 

 

( )113.015.1 0
, −+= μω cf  

Figure 2.26. Dynamic amplification of frame column moments (Priestley et al., 2007) 
 

More conservatism may be required for timber frames because of the limited ductility 

capacity of columns, which may not enable vertical moment redistribution to occur. 

Newcombe et al (2008b) proposes a slight increase to the dynamic amplification 

envelope, as shown below. 
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2.7. SUMMARY 

In summary, there are many forms of seismic-resisting multistorey timber buildings that 

have been developed, or are under development. However, most are not ideally suited 

for commercial structures and may not compete with alternative materials in terms of 

cost, constructability or structural performance.  

Post-tensioned timber is a viable alternative to concrete and steel construction at least 

within New Zealand. The post-tensioned connection enables timber structural elements 

to be connected quickly, cheaply and effectively, creating a structural system which 

achieves superior seismic performance under current performance-based earthquake 

engineering philosophy. The proposed structural system enables an open floor plan, 

ideal for commercial structures.  

While some lateral force design procedures exist for post-tensioned timber, they require 

further refinement, extension and validation. This thesis will focus on the development 

of lateral force-displacement modeling procedures and seismic lateral force design for 

both post-tensioned frames and walls.  
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3. EXPERIMENTION ON A TIMBER-CONCRETE 

COMPOSITE FLOOR DIAPHRAGM 

In this chapter, the experimental testing of floor diaphragm systems for post-tensioned 

timber buildings is presented. The concepts introduced in this chapter are extended with 

analytical and numerical analysis in Chapter 8. The overarching objective of these 

chapters is to determine if diaphragm flexibility should be considered in the design of 

post-tensioned timber buildings and establish which type of structural systems, if any, 

could be susceptible to increased floor accelerations and interstorey drift demands. 

More detailed information can be found in van Beerschoten and Newcombe (2010).      

3.1. INTRODUCTION 

To achieve the long floor spans required in commercial timber buildings, Timber-

Concrete Composite (TCC) floor systems have been developed (Lukaszewska et al., 

2008; Yeoh et al., 2008). To date there has been little research into the performance of 

TCC floors acting as a diaphragm or the performance of the diaphragm connections to 

the lateral load resisting system (LLRS). The connection details could prove crucial to 

the effectiveness of the structural system under seismic loads. Furthermore, flexibility 

of the connections and the thin concrete diaphragm could result in amplification of 

building displacements and floor accelerations (Rivera, 2008).  

To determine if floor flexibility should be considered for the seismic design of post-

tensioned timber buildings the in-plane deformation of the diaphragm and diaphragm 

connections must be quantified. To do this experimental testing on a reduced scale TCC 

floor diaphragm was performed. This chapter focuses on this experimental testing, 
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highlighting the performance of several diaphragm connections and the relative 

stiffness of the concrete slab versus the diaphragm connections.  

3.2. BACKGROUND 

During the 1994 Northridge earthquake several structures collapsed due to larger than 

expected floor diaphragm forces (Hall, 1995) and high drift demands on gravity 

systems (Iverson and Hawkins, 1994). The higher mode response of structures with 

flexible floor diaphragms results in an amplification of the peak floor accelerations 

above the peak ground acceleration (Rodriguez et al., 2002), often in excess of the 

design values predicted by international design codes (UBC, 1997; FEMA, 2003; IBC, 

2003), which can result in costly damage to a building (Reinoso and Miranda, 2005). 

The flexibility of the diaphragm can also amplify the interstorey drift demands on 

gravity systems (Fleischman and Farrow, 2001). The amplification of floor 

accelerations and interstorey drifts depend on both the stiffness of the LLRS and the 

diaphragm stiffness.  

National (NZS1170.5, 2004) and International codes (CEN, 2001; IBC, 2003) define a 

diaphragm as being ‘flexible’ or ‘rigid’. These definitions vary substantially. New 

Zealand Standards (NZS) and the International Building Code (IBC) classify a 

diaphragm as flexible when its deformation is larger or equal to the interstorey 

displacement of the building. However, Eurocode 8 (EC8) specifies that a diaphragm is 

flexible when the floor deformation exceeds 10% of the building displacement at any 

level. If a diaphragm is flexible it shall be modeled. NZS specifies; “diaphragms shall 

be modelled in a three-dimensional model response spectrum or three-dimensional 

numerical integration time history analysis”. The codes then specify that a concrete 

diaphragm shall be modelled with a cracked stiffness of 0.4 to 0.5 of the gross section 

stiffness and designed to resist higher mode amplification and overstrength actions. For 

TCC floors, it is possible that the deformation of the diaphragm connections may 

significantly contribute to the deformation of the slab. Hence, it is unclear how a 
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flexible TCC floor shall be modelled and if the cracked section stiffness suggested by 

the codes is appropriate.   

As described by Brignola et al (2008) for timber floors, the in-plane stiffness of the 

TCC diaphragm is a combination of the flexural and shear deformation of the floor unit 

and the deformation of the connectors between the floor unit and the LLRS. For similar 

systems in precast concrete, typically no distinction is made between the deformation of 

the connectors and the deformation of the diaphragm (Nakaki, 2000; Fleischman and 

Farrow, 2001; Lee et al., 2007b). Instead, an over-all effective flexural stiffness is used 

that takes into account cracking of the concrete and the deformation of the discrete 

connections between floor units (as low as 5% of the gross section stiffness). While for 

some types of concrete diaphragms this may be reasonable, again for TCC floors most 

of the deformation may be produced by the diaphragm connectors. If this is the case, the 

structural two-dimensional response of the floor (for a regular structure) could be 

simplified to a single degree of freedom (SDOF) system for uni-directional analysis. 

This would have implications for the expected peak floor accelerations and 

displacements of the floors during an earthquake.  

 

Figure 3.1. The contribution of the diaphragm and diaphragm connections to the stiffness of the 
floor (Brignola et al., 2008) 
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While floor flexibility may increase the actions on the floor diaphragm, it is important 

to note that transfer forces between lateral load resisting systems (LLRS) may be more 

significant (Bull, 1997; Gardiner et al., 2008). In this study, which is continued in 

Chapter 8, these effects are not considered and hence, it is assumed that the LLRS has 

uniform stiffness and strength on a given floor plan.  

3.3. DESIGN AND TESTING 

3.3.1. Test Specimen 

The diaphragm subassembly was approximately a 1/3 scale model of a hypothetical 

TCC floor diaphragm, as shown in Figure 3.2a, designed for office type gravity loading. 

Figure 3.2b, c and d provide a depiction of the floor unit and its associated testing 

apparatus (modified from Brignola et al, 2008). The floor subassemblage was 3m by 

3m in plan, incorporated a 25mm low shrinkage concrete slab, reduced scale reinforcing 

mesh, 7mm permanent plywood formwork, 150x45mm LVL joists spaced at 500mm 

centres and two 250x153mm transverse gravity beams.  

The floor joists include TCC connectors designed according to Yeoh et al (2008). Six 

notches were machined into each joist and two 5.3x80mm coach screws were 

positioned in the center of the notch, providing a high degree of composite action 

between the LVL joists and the concrete slab (see Figure 3.2b). At each end, the joists 

were connected by thin plate joist hangers to the primary gravity beams, which also had 

notched slab connections. The floor unit rested on timber corbels which, in the 

prototype structure, would be attached to the face of the columns. 
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3.3.2. Connection design 

Five different diaphragm-to-lateral load resisting system connection arrangements were 

investigated, as described in Figure 3.3 and Table 3.1. The connections consisted of 

either screws or nails, acting as dowels or inclined at 45 degrees to the connection 

interface. One end of the fasteners was embedded in the timber lateral restraining beam 

(acting as the LLRS) and the other was within the concrete slab (timber-to-concrete) or 

connected to the timber joist (timber-to-timber) at the edge of the floor unit.  

The number of fasteners was determined by considering the inertial forces at the top 

floor of a full scale 6-storey post-tensioned timber prototype building designed 

according to displacement-based design approach (Newcombe et al., 2008b) and 

amplified according to Bull et al (1997). This corresponds to a design floor acceleration 

of approximately 25% higher than the design peak ground acceleration (PGA) for the 

prototype structure (Figure 3.2a).  

For the dowel fasteners, the connection strength was estimated by using Eurocode 5 

(EC5, 1994). However, the Eurocode 5 equations are only appropriate for timber-to-

timber or timber-to-steel connections. For the timber-to-concrete connection (Test 1), 

the concrete slab was assumed analogous to a thick steel plate. A double hinge (in the 

fastener) was found to be critical according to Eurocode 5, which is described in the 

following equation:  

4
3.2 ,

aRk
fkhyRkvRk

FdfMF +=   (3-1) 

Where: yRkM  = the yield moment of the fastener; 
 vRkF  = the shear load carrying capacity per shear plane per fasteners; 
 aRkF  = the characteristic axial withdrawal capacity of the fastener; 
 khf ,  = the embedment strength in the timber member; 
 fd  = diameter of fastener. 
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For inclined fasteners within concrete (Test 2), equations proposed Kavaliauskas et al 

(2007) where used. Kavaliauskas’s equations consider three potential modes of failure 

for the fasteners in tension but provide no recommendations for fasteners in 

compression. In addition, these expressions do not consider the effects of cyclic 

strength degradation. For design, it is conservatively assumed the inclined fasteners in 

compression provided no additional strength. It was determined that double hinging 

within the timber was the governing mechanism, expressed in the following equation. 

( )( ) ( ) ( )( )tftfkhyRkftaxRkvRk dfMFF αμαμα cossin2cos , −++=  (3-2) 

Where: tα  = the angle to the grain of the timber (45 degrees); 
 fμ  = the friction angle (0.25 is assumed). 
 

Betjka et al (2002) provided expressions for inclined fasteners within timber (Test5). 

Again, this reference did not provide design information for cyclic loading or for 

inclined fasteners under compression. Hence, the strength of fasteners in compression 

was ignored. Double hinging was determined to be the governing mechanism:  

( ) ( )( ) ( )( ) ( )( )2
, cos2

1
2tan1sincos tfkhyRk

e

e
tfttfaxRkvRk dfMFF α

β
βαμααμ

+
−++=

 (3-3) 

Where: eβ  = the ratio of the embedment strength of each timber layer; 
 

Bending tests were performed on the fasteners according to ASTM F 1575-03 (ASTM, 

2003). The results were used to obtain the bending strength of the fasteners and hence 

quantify the rope affect for Eurocode 5 equations. These tests showed that more brittle 

high-grade steel was used for the screws compared to the nails.  
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a) 

b) 

c) d) 
Figure 3.2. a) Prototype structure b) Timber-concrete composite connections c) 3-D view of floor 

subassembly d) Plan view of floor subassembly and test apparatus 
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3.3.3. Test setup and loading protocol 

The seismic inertial forces were approximated in the experiment by using a 2-point 

loading arrangement as shown in Figure 3.2d. The loading was symmetric about the 

floor centreline with a distance of 1/3rd the width of the floor (1m) between each point 

load.  

A displacement controlled quasi-static loading protocol was applied to the floor as 

specified by ISO (2007). Although the protocol is usually applied to shear walls, it is 

well suited to this type of diaphragm test. Displacement amplitudes are defined by the 

expected displacement at maximum force; each level of displacement amplitude 

undergoes 3 cycles and is then increased by 20%. The alternative standard (CEN, 

2001), while very similar to ISO (2007), is less demanding at lower cycles and requires 

the yield displacement to be predicted, which is often difficult to quantify.  

 

 
Figure 3.3. Five floor connection arrangements  

 

3.4. RESULTS OF EXPERIMENTAL TESTING 

3.4.1. Relative stiffness of the diaphragm and its connectors 

The relative stiffness of the diaphragm and its connectors has implications on the 

seismic response of a building and effects how the floor system can be modeled 



Chapter 3 – Experimentation on a timber-concrete composite floor diaphragm 

53 

(Brignola et al., 2008). If the diaphragm is effectively rigid, a SDOF representation of 

the floor is an adequate model for two-dimensional seismic analysis. During testing, the 

deformation of the diaphragm and the connectors was recorded. Table 3.1 shows the 

ratio of the diaphragm displacement and average connector displacement recorded at 

the peak force. The diaphragm displacement in most cases was less than 2% of the total 

displacement. For tests 1 and 2, imprecise experimental measurements and twisting of 

the floor unit may have affected the relative displacement of the diaphragm. 

For Test 6, movement was prevented between the lateral restraining beam and the floor 

unit to give a more direct indication of the stiffness of the floor diaphragm. The 

experimental results indicated that the initial uncracked stiffness of the diaphragm was 

approximately 3000 MN/m and the cracked stiffness was 300 MN/m. The stiffest 

connection had an initial stiffness of 80 MN/m, which is much less than the stiffness of 

the diaphragm.  

Using classical beam theory to estimate the floor displacements demonstrates that shear 

deformation is much more significant than flexural deformation. The theoretical 

stiffness of the diaphragm acting as a beam is 1500 MN/m, which compares reasonably 

well with the measured initial uncracked stiffness of 3000 MN/m, given the accuracy of 

the instrumentation at such small displacements. The cracked stiffness is roughly 20% 

of the theoretical elastic stiffness.   

3.4.2. Hysteretic response 

To examine the efficiency of each type of floor connection the hysteretic response is 

considered, as shown in Figure 3.4., in terms of average connector displacement and 

total force applied to the diaphragm. In Figure 3.4.f, the normalized backbone curves of 

each test are provided for comparison. The force ordinate is normalized according to the 

number of fasteners in each test.  
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Considering all tests, inclined fasteners produced the stiffest connections per fastener. 

There was little difference in stiffness between inclined fasteners that were embedded 

within the concrete slab (Test 2) or the timber joist (Test 5). For both the concrete-to-

timber and timber-to-timber connections, the inclined screws provide roughly four 

times the stiffness of orthogonal screws. The nailed connection (Test 4) had the lowest 

initial stiffness but allowed the largest diaphragm displacements before failure. In 

addition, the nailed connection was more flexible than equivalent screwed connection 

(Test 3). It is likely that this is due to a lower steel grade used for nails.  

The peak strength for each test (see Table 3.1) varied between 37 and 79kN. When the 

peak strength is normalised by the number of fasteners (see Figure 3.4.f), it is evident 

that there is significantly higher strength for inclined versus orthogonal fasteners in 

concrete but little difference for timber. However, in Test 1, the fasteners were brittle 

and did not achieve their full design strength, failing in low cycle fatigue before the 

rope effect could be develop. In Test 1, if the full design strength was achieved, there 

would be essentially no difference in the strength per fastener for inclined and 

orthogonal fasteners in concrete or timber. This indicates that fasteners are less effective 

in compression than in tension and overall the same strength is achieved whether the 

fasteners are inclined or orthogonal.  

The peak strength provided by the inclined fasteners in concrete is 30% higher than 

inclined fasteners in timber. This is due to the restraint provided by concrete, which 

alters the failure mechanism. In addition, by changing the orientation of the screws from 

orthogonal to inclined, the final failure mechanism was altered from hinging within the 

timber to crushing in the concrete slab respectively.  

For each test, there were residual friction forces of between 5 to 20kN once the 

fasteners had failed.  
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3.4.3. Damage mechanisms and limit states 

Each type of connection produced different levels of damage and ductility capacity, as 

shown in Table 3.1. The cracking, yield and ultimate displacement normalized by the 

yield displacement are listed for each test. Obviously, only the concrete connections had 

the potential to crack. The ultimate point was defined by the displacement reached 

when the backbone curve degraded to 80% of the peak force.  

Inclined screws within concrete were the most ductile type of connection; although the 

strength degraded at relatively small displacements (approx. 6mm), the yield 

displacement was small due to the high initial stiffness. Yet the failure mechanism was 

extensive cracking of the concrete slab (see Figure 3.5a), which would result in costly 

repairs. In contrast, at a displacement of 13mm, nailed connections achieved roughly 

half the ductility capacity of the inclined screws. However, the failure mechanism of the 

timber-to-timber connections results in much less damage than the concrete-to-timber 

connections (see Figure 3.5b). For timber-to-timber connections, if repair is needed 

after an earthquake, it is a simple matter of adding fasteners adjacent to the original 

failed fasteners. 

For the concrete-to-timber connectors, the inclined screws (Test 2) failed by concrete 

crushing while the orthogonal screws developed plastic hinges within the timber. It is 

noted, that full-scale connections may not have analogous failure mechanisms to the 

reduced scale model. This should be taken into account for design.  

3.4.4. Comparison with design strength 

The concrete-to-timber dowel connection (Test 1) achieved only 60% of its design 

strength. Again, this was due to failure of the fasteners by low cycle fatigue. For Test 2, 

3, 4 and 5, the design strength was satisfactorily accurate, considering that there is 

variable friction resistance provided by the floor unit. Eurocode 5 limits the rope effect 

for nails at 15%, which has be found to be very conservative. 
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b) Test 2 

-15 -10 -5 0 5 10 15
Displacement (mm)

-50

-40

-30

-20

-10

0

10

20

30

40

50

Fo
rc

e 
(k

N
)

 
c) Test 3 
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d) Test 4 

-20 -15 -10 -5 0 5 10 15 20
Displacement (mm)

-60

-50

-40

-30

-20

-10

0

10

20

30

40

50

60

Fo
rc

e 
(k

N
)

 
e) Test 5 
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f) Comparison of backbone curves 

 
Figure 3.4. Hysteretic response of Tests 1 to Test 5  
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Table 3.1. Floor diaphragm connection characteristics 
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a) b) 
Figure 3.5. Damage a) Inclined screws in concrete (Test 2) b) Orthogonal screws in timber (Test 

3) 
 

3.5. SUMMARY 

Several alternative diaphragm connections for Pres-Lam buildings with TCC floors 

have been developed and tested under in-plane cyclic loading. The following key points 

are drawn from the floor diaphragm testing:  

• Inclined screw connections provided approximately four times the stiffness of 

orthogonal screw fasteners. 

• There are minor differences between inclined screw concrete-to-timber and 

timber-to-timber connections in terms of in-plane stiffness they provide to the 

diaphragm connection.  

• Nailed timber-to-timber connections were less stiff than connections using 

screws. 

• There is little increase in the peak strength (per fastener) using inclined instead 

of orthogonal fasteners. Yet for concrete-to-timber connections, changing the 

orientation of the fastener from orthogonal to inclined, caused the final failure 

mechanism to change to concrete crushing rather than dowel hinging and 

fracture within the timber, resulting in higher strength. 
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• Inclined screws in concrete-to-timber connections produced the highest ductility 

capacity. However, concrete-to-timber connections can result in extensive 

cracking of the concrete if they are overloaded during an earthquake, resulting 

in costly repairs. Inclined screws in timber-to-timber connections achieved 70% 

of the strength of the concrete equivalent and were easily replaced, repaired or 

retrofitted. 

• The concrete diaphragm deformation was predominantly due to shear strain. 

The initial uncracked stiffness predicted by standard beam theory was 

reasonably close when compared to the experimental results. After cracking, the 

stiffness of the diaphragm was 20% of the theoretical elastic stiffness.  

• The deformation of the concrete diaphragm was negligible compared to the 

deformation of the connectors. Hence, the concrete diaphragm can be modeled 

as a rigid unit or as a SDOF system in a two dimensional seismic analysis of a 

building.  
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4. DESIGN AND CONSTRUCTION OF THE  

TEST BUILDING 

This chapter discusses the design and construction of a 2/3rd scale, two-storey, post-

tensioned timber building. The derivation of the test building, from a prototype 

structure is described, followed by structural details and strength predictions for the test 

building. Further details are provided in Appendix A.  

4.1. INTRODUCTION 

Under current performance-based earthquake engineering (PBEE) not only the initial 

construction costs but the potential financial losses due to earthquake induced damage 

are considered by practicing engineers (SEAOC, 1995). Hence, to evaluate the life-

cycle performance of building system estimates of initial construction costs and the 

seismic fragility are required.  

To assess the construction costs and seismic performance of post-tensioned timber 

buildings a test model was constructed. The model was designed to achieve multiple 

objectives; provide information on the initial construction costs and time, demonstrate 

the seismic performance of the structural system and provide experimental data to 

validate seismic design and modelling approaches (discussed in Chapter 6 and 7).  

The model was based on a full-scale prototype design so that the construction costs 

could be related, more or less, to a given level of seismic performance. This allows 

future building designers to evaluate the full cost of PT timber, including the reduced 

potential losses due to earthquake risk.    
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4.2. BUILDING DESIGN 

The test building was designed by considering a hypothetical full-scale prototype 

structure (see Figure 2.5). The test building was a 2/3rd scale model of the prototype 

with additional modifications due to experimental limitations. The detailed seismic 

design, capacity predictions, structural drawings, specifications and material test data 

for the building are provided in Appendix A.  

4.2.1. Prototype design 

A two-storey prototype was considered with frames and walls in each orthogonal 

direction (see Figure 4.1). By using a low-rise (two storey) prototype building, the 

period of the structure is low, creating high inertial forces that must be transferred by 

the diaphragm connections to the lateral load resisting systems (LLRS). This was 

perceived to be a robust test for newly developed diaphragm connections (discussed in 

Chapter 3).  

The design seismic lateral forces for the prototype building (see Figure 2.5) were 

determined using displacement-based design (Priestley et al., 2007) and New Zealand 

Standard NZS1170.5 (2004). Under NZS1170.5, a Wellington City seismic zonation, a 

soil type C and a return period of 1/500years was assumed. A linear displacement 

profile with a design interstorey drift of 2.0% was considered for both the frame and 

wall systems, within the 2.5% drift limitation imposed by NZS1170.5. The lateral 

forces were determined ignoring the presence of energy dissipation (or hysteretic 

damping), for both the frame and wall systems. Hence, an elastic design was performed 

with an assumed elastic damping equal to 5% of critical damping. Further details are 

provided in Table 4.1 and in Appendix A.  
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a) 

 
b)  

c) 
Figure 4.1. The prototype (full-scale) building a) 3-D view b) Frame elevation c) Wall elevation 

 

Table 4.1. Basic design parameters for prototype building 

Parameter Symbol Units Value 
Floor area Atrib m2 490 
Length L m 18.5 
Width W m 13.5 
Interstorey Height  H1 m 3 
Bay length of seismic frame Lb m 6.3 
Span of primary beams - m 6.0 
Span of joists - m 6.1 
Dead load of floor D kPa 2.4 
Basic live load on floor Q kPa 3.0 
Floor seismic mass (both levels) mi tonne 83 
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4.2.2. Scaling the prototype to the test model 

Cauchy similitude, as defined by Sullivan et al. (2004), was applied to scale the 

prototype design to the test model. Hence, constant stress and constant density was 

enforced between prototype and the model. Important scaled parameters are provided in 

Table 4.2, where λs is the scaling factor. 

As introduced, the scaling factor for the test building was two-thirds. However, certain 

exceptions to the scaling criterion were required due to the constraints imposed by the 

laboratory. Dimensional and other exceptions to the scaling criterion are listed below: 

• Constraints in laboratory floor area required that that length, L, of the test 

building (see Figure 2.5) was reduced by more than the scaling factor, λs. The 

actual scaling factor for the length, L, of the test building was 0.27. Hence, in 

this direction the effects of floor flexibility could not be fully considered (refer 

to Chapter 3) and any interaction of concrete slab with the frame was assumed 

to be captured within the available dimensions of the slab.  

• The number of walls was halved, and therefore, the design actions in the wall 

direction were effectively halved. Again, this was due to constraints in 

laboratory floor area.  

• Time dependent similitude relationships, such as velocity, acceleration, 

frequency and viscous damping could not be satisfied due to experimental 

testing limitations. Quasi-static earthquake simulation using low speed 

hydraulic rams was performed.  

• Gravity columns were not included in the test model.  

• Stresses induced by gravity loads were not maintained between the prototype 

and the model buildings. This was not considered to be am important factor for 

the lateral response of the frame and wall systems.   

• Different floor span orientations were used on each level for the test building. 

This allowed experimentation on different diaphragm-to-LLRS connections.   
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Although the floor area of the test building was significantly less than required by 

similitude, the seismic demand relationships were still enforced. Hence, the design 

actions for each frame and wall satisfy similitude between the prototype and test model, 

using a scaling factor of two-thirds. Notably, applied gravity loads were not increased to 

account for the reduced floor area because gravity columns from the prototype design 

were not present.   
Table 4.2. Scale factors according to Caughy similitude 

Parameter Symbol Scale factor 
Length L λs 
Modulus of elasticity E 1 
Specific mass ρ 1 
Area  A λs

2 
Displacement Δ λs 
Rotation θ 1 
Force F λs

2 
 

4.2.3. Structural design of the test building 

The test building (see Figure 4.2) was designed to resist similitude-scaled lateral forces 

for the prototype structure (see Appendix A). For the seismic design of the frames and 

walls, improved estimations of the elastic deformation were used (refer to Chapter 6 

and Chapter 7 respectively). Existing procedures for post-tensioned precast concrete 

(Pampanin et al., 2001; NZS3101, 2006a) and post-tensioned timber frames 

(Newcombe et al., 2008b; Newcombe et al., 2008a), were used for the modelling the 

post-tensioned connections. Applying these procedures, the connections were designed 

to remain elastic up to the design interstorey drift of 2%. Hence, significant timber 

yielding within the rocking connections was not expected.  

The timber-concrete composite (TCC) floor was designed for both seismic and gravity 

loading. The slab was designed for in-plane loading following standard reinforced 

concrete analysis techniques (strut and tie analysis) and reinforcement limitations from 
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NZS3101 (2006a). Timber-to-timber connections, as introduced in Chapter 3, were 

designed to transfer seismic actions from the floor diaphragm to the LLRS’s. The floor 

system was designed for gravity loads (based on the prototype structure) using existing 

design approaches (Yeoh et al., 2008).  

Flange-hung details for the joists, primary beam and edge beams, and associated 

corbels, were designed according to NZS3603 (1999) and Eurocode 5 (1994). The 

strength of the hangers and corbels was verified by experimental testing. Refer to 

Carradine et al, (2009; 2010) for additional information.  

Further detail on the design of the test building is provided in Appendix A.  

a) 

 

 
b) 

Figure 4.2. Isotropic views of test building 
 

4.2.4. Details of the test building 

The beams and columns were connected internally by 4-12.7mm (0.5 inch) post-

tensioning tendons (see Figure 4.3a). For some tests, external mild steel (non-stressed) 

reinforcement was added to the beam-column connection, as depicted in Figure 4.3b. 

This reinforcement was designed to increase the frame stiffness, provide mechanical 

damping and increased strength at large displacements. Refer to Appendix A for more 

detail. Internal steel plates and large SPAX screws are used to reinforce the beam-

column joints on level 2 (Figure 4.3c) and level 3 (Figure 4.3d) respectively. The 
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internal steel plates were designed to avoid perpendicular-to-grain compression of the 

column, to improve the anchorage of external reinforcement and increase the shear 

stiffness of the column. The SPAX screws were designed to reinforcement the timber 

surrounding the external reinforcement anchorages. All the beams and columns had a 

cross-section of 254×400mm. External (non-stressed) mild steel reinforcement 

connected the column bases to steel foundations (Figure 4.3e).  

The walls were connected to steel foundations by 5–12.7mm tendons and had a 

constant cross-section of 144×800mm, as shown in Figure 4.4. The walls were tested 

with and without U-shaped flexural plate (UFP) couplers between adjacent walls (Kelly 

et al., 1972).  

During the first seismic tests (Stage 1), the frames were tested without a floor 

diaphragm. Subsequently a concrete slab was cast (Stage 2), forming the TCC floor 

diaphragm. Timber-to-timber diaphragm connections were provided between an edge 

joist and the frames (Figure 4.3f). Similar connections were used on both levels in both 

the frame and wall directions. In the wall direction, edge beams rather than joists were 

used to collect the in-plane diaphragm forces, as shown in Figure 4.4. The edge beams 

then transfer the diaphragm forces into the walls via a multi-screw connection, which is 

designed to allow rotation (see Figure 4.4). During testing the supports between the 

edge beams and columns were removed to determine their effect on the strength of the 

structural system (see Chapter 5).   

U-shaped ductile reinforcing bars were cast into the concrete around shear key 

connections between the edge joists and concrete slab (see Figure 4.3f). This ensured 

that in-plane forces within the concrete slab could be transferred to the edge joinst, even 

if longnitudinal cracking occurred adjacent to the edge joists. The concrete slab was 

reinforced with ductile mesh (MDT 430 – 200mm2/m) with 8mm bars at 250mm 

centres. Notably, the use of mesh is in contradiction with current design practice for 

reinforced concrete frame buildings, which specifies the use of standard ductile 

deformed reinforcing bar around potential plastic hinge zones (NZS3101, 2006a). For 
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the test building, it was anticipated that the diaphragm would not be subjected to 

significant inelastic strains, as would be expected around a plastic hinge zone in a 

reinforced concrete frame.  

a) Frame elevation 

 
b) External mild steel for BC connection  

c) Column armoring on Level 2 
 

d) Column armoring on Level 3 

e) Column base connection 
 

f) Frame-to-floor diaphragm connection (L2) 

Figure 4.3. Details for the frames 
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Figure 4.4. Details for the walls (with UFP energy dissipation and edge beam supports) 

 

4.3. STRENGTH PREDICTIONS FOR THE TEST BUILDING 

Due to over-design, strength reduction factors and the presence of additional (non-

stressed) reinforcement the actual frame and wall capacity is greater than that required 

by the (scaled) lateral force design. The modelling procedures, used for the seismic 

design, can be applied to make predictions of the of the frame and wall system capacity 

for the test building.  

To make accurate predictions of the frame and wall capacity, iteration of the modelling 

procedures is required because elastic deformation of the members depends on the 

moment capacity of the connections. Hence, the modelling procedure was implemented 

into a computer package which could perform these iterations and thus predict the 

response of the frames and walls at any interstorey drift (see Appendix A). Extensions 

in the modelling procedures were made to account for external steel (non-stressed) 

reinforcement attached to the frames and walls according to Newcombe et al. (2008a) 

and Kelly et al. (1972) respectively, and for the calculation of section properties.   

Predictions of the building strength in the frame and wall directions at 2% drift are 

provided in Table 4.3. These predictions assume that the force applied by the rams at 

Level 3 is double the force at Level 2. Notably, the predicted base shear (or total lateral 

force in the rams) is function of the position of the rams that apply lateral force. During 

Stage 1 and 2, the rams are at an elevation 3.56m and 3.37m from the wall and column 
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bases respectively. Hence, overturning moment (OTM) is a more robust measure of the 

lateral strength of the building. Further detail can be found in Appendix A.  

Table 4.3. Frame and wall capacities at 2% interstorey drift 

Structural system Base Shear, Vb  
Stage 1 (no floor) 

(kN) 

Base Shear, Vb  
Stage 2 (with floor) 

(kN) 

OTM 
(kN.m) 

Frame – Post-tensioned 350 370 1240 
Frame – Hybrid 400 430 1440 
Wall – Post-tensioned - 200 660 
Wall – Hybrid - 300 1010 
 

For the frame and hybrid wall systems, an estimate of the hysteretic energy dissipation 

potential for the system was determined considering the area-based equivalent viscous 

damping (Jacobsen, 1960; Priestley et al., 2007). The predicted area-based damping is 

provided in Table 4.4. See Appendix A for more detail.  

Table 4.4. Area-based damping for hybrid frame and wall at 2% interstorey drift 

Structural system Area-based damping, 
ξhyst,,ab (%) 

Frame – Post-tensioned 12% 
Frame – Hybrid 14% 
Wall – Hybrid 17% 

 

4.4. BUILDING FABRICATION AND CONSTRUCTION 

To construct the test building, a traditional procurement management structure was 

followed. Hence, design drawings and specifications were produced by STIC (acting as 

a consulting engineer) and the tender process, fabrication and construction process was 

project managed by Mainzeal Property and Construction Ltd (Mainzeal). The aim of 

this management structure was ensure that data for construction cost and time was 
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realistic, and to promote knowledge sharing between the construction industry and 

researchers. 

The beams, columns, walls and edge beams (see Figure 4.2) were constructed of 

Laminated Veneer Lumber (LVL) provided from two suppliers (Carter Holt Harvey Ltd 

and Nelson Pine Industries Ltd). To ensure consistency throughout the structure, it was 

specified (see Appendix A) that the LVL must have a modulus of elasticity between 10 

and 11 GPa and a moisture content of less than 15%. Low grade 15mm plywood was 

used for a permanent formwork on the TCC floor units.    

The internal reinforcement of the column at Level 2 (see Figure 4.3c) consisted of 

welded mild steel plates. The SPAX screws on Level 3 (see Figure 4.3d) were high 

tensile steel. Post-tensioning was provided to the frames and walls using multiple high 

strength steel strands (0.5 inch, 7-wire strands). Type 17 woodscrews were used to 

fasten the walls to the edge beams (see Figure 4.4) and attach timber corbels on the 

columns. Additional reinforcement positioned across the beam-column connections (see 

Figure 4.3b), at the column base (see Figure 4.3e) and in between the walls was mild 

steel. Material tests performed on the steel used to reinforce the beam-column and 

column-base connections are described in Appendix A. Results indicated that the steel 

is sufficiently ductile with a yield stress of approximately 420MPa. 

The fabrication of the timber components was divided amongst two manufacturers 

(MacIntosh Timber Laminates Ltd and Hunter Laminates Nelson Ltd). The steel 

components were constructed by commercial steel fabricators and delivered to the 

timber fabricators before timber work began. The timber manufacture was in 

accordance with existing New Zealand Standards for Glulam and LVL (NZS4357, 

1995; NZS1328, 1998). Special considerations were given to dimensional tolerances, as 

described in Appendix A.  
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A low shrinkage, low strength (25MPa), concrete mix was specified for floor slabs on 

Level 2 and 3. Concrete strength and shrinkage tests were performed, as detailed in 

Appendix A, to ensure the specifications were achieved.  

All prefabricated timber components were delivered on-site and assembled by 

professional contractors (from Mainzeal) to within allowable tolerances. The post-

tensioning was applied to the frames and walls by specialist contractors (BBR Contech 

Ltd). Each tendon was stressed to approximately 93kN. Subsequently, a subcontractor 

(Allied Concrete Ltd) cast the concrete slab in-situ. For further detail on construction of 

the test building refer to Appendix A.  
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5. SEISMIC RESPONSE OF THE TEST BUILDING 

In this chapter a summary of the seismic response of the test building, introduced in the 

previous chapter, is given. The global seismic response is illustrated for both 

unidirectional and bidirectional loading of the frames and walls. The influence of the 

floor system, additional external reinforcement and bidirectional loading is examined. 

Furthermore, structural damage is documented.   

5.1. INTRODUCTION 

Under current performance-based seismic engineering (PBEE), to achieve high 

performance, a system must exhibit limited structural damage, and hence limit the costs 

associated with loss of use (for repairs) and business downtime. But to accurately 

determine the potential for structural damage (or fragility) of a building system, realistic 

earthquake simulation is required. Hence, it was crucial to design a test apparatus that 

could accurately simulate seismic inertial forces produced during an earthquake, and 

provide realistic structural boundary conditions.   

Under seismic loading, there are several mechanisms in which a structural system can 

be damaged. In traditional reinforced concrete design (Paulay and Priestley, 1992), 

extensive damage can occur in plastic hinge zones at beam-column joints and at the 

base of walls. The development of post-tensioned precast concrete systems (Priestley 

and Tao, 1993; Priestley and MacRae, 1996; Priestley et al., 1999) significantly limited 

the damage to the structural elements by allowing a controlled rocking mechanism at 

beam-column and wall joints (see Chapter 2). However, an unresolved issue for the 

seismic response of frames is elongation (Fenwick and Megget, 1993; Peng et al., 

2009).  
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For reinforced concrete frame elongation is caused by rotation of the columns relative 

to the beams (geometrical elongation), cyclic strain accumulation of reinforcing steel 

(material elongation) and to a lesser extent debris falling into cracks within plastic hinge 

zones (Peng et al., 2006). The total elongation is thus expected to be less for precast 

post-tensioned frames, since there is no strain accumulation and limited crack/debris 

interaction. With significant elongation, damage can occur to the floor system 

(Matthews et al., 2003; Lindsay, 2004; MacPherson, 2005). In addition, elongation can 

result in increased moment capacity of plastic hinge zones within beams and higher 

demands on columns (Lau et al., 2007; Peng et al., 2009). This can result in an violation 

of capacity design principles (Paulay and Priestley, 1992), which stipulate that plastic 

hinges should occur within beams, thus avoiding a ‘soft-storey’ mechanism. Similar 

mechanisms of beam elongation and overstrength can occur in moment resisting steel 

frames with and without post-tensioning (Danner and Clifton, 1995; Ricles et al., 2010). 

To combat this issue, concrete and steel frame designers (Clifton et al., 2007; MacRae 

et al., 2007; Amaris et al., 2008; Au et al., 2010) have proposed ‘top-hinged’ solutions 

(see Figure 4.2) or articulated floor systems (Amaris et al., 2008). For post-tensioned 

timber frames to compete in terms of seismic performance, any frame elongation, 

associated damage and beam overstrength, should be limited.  

 
a) 

 
b) 

Figure 5.1. Floor damage partially induced by frame elongation a) Loss of seating (Matthews et 
al., 2003) b) Floor cracking at 2.0% Drift (Peng, 2009) 
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a) 

 
b) 

Figure 5.2. Top hinge details for frames a) Concrete (Au et al., 2010) b) Steel (c.o. G. A. MacRae) 
 

Other interactions of structural components must be understood. There are displacement 

incompatibilities between the frame and wall system, and the concrete slab which result 

in increased strength. For wall response, uplift can induce local bending in the concrete 

slab, creating a coupling effect (Paulay and Priestley, 1992). For the frame response, 

curvature within the beams may be transferred to the floor slabs, increasing the strength 

of the system. Therefore, the influence of the TCC floor diaphragms on the strength of 

the post-tensioned timber wall and frame buildings must be quantified.  

Finally, the effect of additional (non-stressed) steel reinforcement to the frames and 

walls requires consideration. Additional reinforcement can increase the stiffness, 

strength and energy dissipative capability of a post-tensioned structural system, and if 

designed to be replaceable, can avoid business down-time for repairs (Pampanin, 2005). 

For frames, external steel reinforcement has been added to beam-column connections 

(Palermo et al., 2006a) and column-to-foundation connections (Palermo et al., 2006c). 

For walls, external base reinforcement (Palermo et al., 2006a) and U-shaped flexural 

plate (UFP) (and other) couplers have be used (Iqbal et al., 2007; Smith et al., 2007), as 

shown in Figure 4.4. However, the effectiveness of steel reinforcement depends on the 

deformation modes of the structural system and the reinforcement anchorage details. 

Elastic deformation of the structural elements, may delay the activation of the 

reinforcement, until large interstorey drifts occur. Hence, the effectiveness of additional 

reinforcement for PT timber must be understood.  
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All of the aforementioned performance issues are considered for the test building.    

5.2. LOADING APPARATUS 

There were two stages of quasi-static earthquake simulation for the test building. 

Several tests were performed in each stage, as shown in Table 5.1. In Stage 1, there was 

no floor diaphragm and cyclic load was applied simultaneously to the frames in the 

east-west (EW) direction (see Figure 4.2). This stage of testing enabled the strength of 

the frame systems, excluding a floor, to be established. However, by applying lateral 

forces to the west-exterior columns, axial forces were induced in the beams. These 

forces increase and decrease the strength of the frame system for ram-induced 

compression and tension respectively.  

During Stage 2, a concrete floor diaphragm was present and was used to transfer cyclic 

load to the lateral load resisting systems (LLRS) in the north-south (NS) and east-west 

(EW) directions. For both stages, forces were applied to the structure in the ratio of 2 to 

1 for Levels 3 and 2 respectively. This mimicked the displacement-based design force 

distribution determined during the seismic lateral force design (see Appendix A). The 

loading apparatus, including splitter beams, floor attachments and reactions frames 

were designed for a maximum load of 350kN per ram, as per the New Zealand Steel 

Code (NZS3404, 1997).  

5.2.1. Stage 1 apparatus 

For Stage 1, the loading apparatus was connected to the west exterior columns (see 

Figure 5.3) above Level 3 and 2 using steel plates and threaded rods. The steel plates 

were connected to a steel splitter beam, which distributes the lateral forces to each level 

in a constant proportion (of 2 to 1). A 100 tonne hydraulic ram was connected to the 

splitter beam via a universal pin. In turn, the ram was connected to a braced reaction 

frame.  
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For determining the total overturning moment, the distance from the strong floor to the 

centreline of each ram was 3783mm.  

a) b) 

c) d) 
Figure 5.3. Stage 1 loading apparatus a) View looking North-East b) View looking North  

c) Frame elevation d) Plan view 
 

5.2.2. Stage 2 apparatus 

For Stage 2, the loading apparatus was attached to the concrete floor diaphragm on 

Levels 2 and 3 (Figure 5.4). Flat steel plates were bolted to the concrete slab, which 

were welded to steel square-hollow-sections (SHS). Each SHS was connected to a 

torsional release, then to an in-plane unidirectional pin, then to a splitter beam (also 

used in Stage 1). The splitter beam was connected to the ram by a universal pin (to 
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avoid moment transfer into the ram). The ram forces were reacted by a same braced 

steel frame as Stage 1 which was bolted the laboratory strong floor.   

The arrangement was designed to allow realistic building deformations, when subjected 

to bidirectional lateral forces (see Figure 5.4d). For building deformation in the 

direction of a ram, the unidirectional pin allowed the splitter beam to rotate, with the 

drift angle of the building, while the SHS remained flat on the floor. For building 

deformation transverse to the direction of a ram, the torsional release allowed the 

splitter beam to rotate out-of-plane, preventing twisting in the floor plate.    

A maximum of four rams were used simultaneously; two in the EW direction and two 

in the NS direction. Both EW rams and one NS ram were connected to an arrangement 

of flat plates on the west bay of the building (see Figure 5.4c). The remaining NS ram 

was connected to a smaller arrangement of flat plates on the east bay of the building. 

The position of these steel plates, and hence the bolted connections to the concrete slab, 

were chosen to accurately simulate seismic inertial forces, testing the diaphragm 

connections, but allowed frame elongation. Similar slab-to-plate connections were used 

on both levels.  

For determining the total overturning moment, the distance from the strong floor to the 

centreline of each ram was 3593mm.   
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a) 

 
b) 

 
c) 

 
d) 

 
e) 

 
f) 

Figure 5.4. Stage 2 loading apparatus a), b) and c) Images of the loading frame d) Loading frame 
deformation capability e) Frame elevation f) Plan view (excluding NS splitter beam, rams and 

reaction frame) 
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5.3. LOADING PROTOCOL 

A displacement-controlled quasi-static seismic loading protocol, based on ACI (2001), 

was applied to the building. For Stage 1, unidirectional load was applied to the frames. 

For Stage 2, both unidirectional and bidirectional loading was applied to both the 

frames and the walls. 

For unidirectional loading, three cycles (positive and negative) were applied at a given 

displacement amplitude (see Figure 5.5). Target displacement amplitudes were chosen 

so that the building was subjected to interstorey drifts of 0.25%, 0.5%, 0.75%, 1.0%, 

1.5% and 2.0%. For EW (frame) loading, target displacements were applied to the NW 

and SW columns (termed control columns), leaving the remainder of the structure to 

deform freely. For NS (wall) loading, target displacements were applied to the SW and 

SE columns in a similar manner. The drift of the control columns (termed control drift) 

is defined as the displacement at the beam centreline on Level 3, divided by the distance 

from this point to the base of the columns.   

For bidirectional loading, a ‘cloverleaf’ loading pattern was applied to the building (see 

Figure 5.6.). A single cycle of the cloverleaf pattern was applied in each quadrant, 

followed by a unidirectional cycle (positive and negative) in the EW direction, then the 

NS direction, for a given displacement amplitude. The target displacement amplitudes 

were similar to those for unidirectional loading except an additional cycle equating to 

3.0% peak interstorey drift was applied. The target displacements were applied to the 

NW and SW columns. Torsional deformations of the building were prevented by the 

EW rams. Hence, the differential forces in the EW rams were allowed, creating a 

moment couple (in-plane with the floor) which kept the floor plate aligned with the NS 

and EW axes. The NS rams were programmed to apply approximately equal force. This 

prevented interaction of the EW and NS rams, avoiding excessive diaphragm forces due 

to the loading apparatus. The target displacement applied in a given direction was 

corrected to account for the arc induced by transverse deformation (see Figure 5.6.). 
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Figure 5.5. Loading protocol for unidirectional loading 
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Figure 5.6. Loading protocol for bidirectional loading a) Bi-direction drift pattern b) Drift 

pattern in EW direction c) Drift pattern in NS pattern 
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5.4. INSTRUMENTATION 

Data was recorded both electronically and manually for the test building during and 

between each seismic test. The electronic readings consisted of load, strain, 

displacement, inclination, humidity and temperature. Load cells measured the forces in 

the post-tensioning tendons and the forces applied by the rams. Strain gauges were used 

to determine the strain within the column base reinforcement, the external beam-column 

reinforcement, the timber beams and columns within the seismic frames. Rotary 

potentiometers were used to measure global displacements of the building, while 

smaller potentiometers were used to measure shear, flexural and connection distortion. 

A description of all the data channels is given in the appended compact disc. Further 

information on the long-term response of the test building can be found in Neale (2009).  

Manual readings were taken of floor deflections, both in-plane and out-of-plane, using a 

handheld Demec Gauge and a handheld laser measurement device respectively. All 

electronically and manually recorded experimental data can be found in the compact 

disc appended to this thesis.  
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5.5. TEST SUMMARY 

A summary of the experimental tests performed on the test building is given in Table 

5.1. The stage, test number, connection type, loading type and other details are 

provided. PT-only and Hybrid refer to frame and/or wall systems without and with 

additional reinforcement respectively.  

Table 5.1. Testing regime 

Stage Test number PT-Only/Hybrid Loading Other details 
1 1 PT-only Frame direction No diaphragm 
 2 Hybrid Frame direction No diaphragm 
2 1 PT-only Frame direction - 
 2 Hybrid Frame direction - 
 3 PT-only Wall direction - 
 4 Hybrid Wall direction - 
 5 Hybrid Wall direction No edge beam support
 6 PT-only Wall direction No edge beam support
 7 Hybrid Bidirectional - 
 8 PT-only Bidirectional Not completed 
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5.6. GLOBAL EXPERIMENTAL RESPONSE 

Within this section, the seismic test results are summarized considering mainly the 

global hysteretic response and energy dissipation potential. The global hysteretic 

response of the building is plotted in terms of the total overturning moment (OTM), 

versus drift of the control column (see section 5.3) in the orthogonal directions (EW and 

NS). Because the height of the ram changed slightly for Stage 1 and 2 OTM, rather than 

base shear, allows direct comparison of Stage 1 and 2 test results. For each stage, tests 

were performed without and with additional external reinforcement (see Figure 4.3 and 

Figure 4.4); termed ‘PT-only’ and ‘Hybrid’ frames respectively (see Table 5.1).  

The hysteretic energy dissipation potential of the building is considered by calculating 

the area-based equivalent viscous damping (Jacobsen, 1960; Priestley et al., 2007) for 

each hysteresis loop. The area-based equivalent viscous damping, abhyst ,ξ , is briefly 

described in Figure 5.7 and Equation 5-1 below. 

 

Figure 5.7. Area-based equivalent viscous damping (Priestley et al., 2007)  
 

mm

h
abhyst F

A
Δ

=
π

ξ
2,  (5-1) 

The area-based damping is plotted for every displacement cycle applied to the structure 

according to the test loading protocol. Under the loading protocol, there are three cycles 

for a given displacement amplitude. The area-based damping is calculated for each 

cycle to determine if there has been a reduction of hysteretic energy dissipation at a 
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given displacement amplitude. The difference in area-based damping between the first 

and subsequent cycles indicates whether permanent inelastic deformation has occurred 

within the timber. If timber crushing has occurred, the area-based damping of the first 

cycle will larger than subsequent cycles.  

The global building response is compared with the predictions from Chapter 4 at the 

design drift of 2%. Hence, the accuracy of the predictions, which are based on existing 

analytical procedures, can be evaluated.  

Further detail on the experimental response for each test is provided Appendix B.  

5.6.1. Unidirectional frame response 

All tests exhibited stable hysteretic response with no significant losses in strength or 

stiffness (see Figure 5.9). Slight losses in strength and stiffness were observed due to 

limited inelastic deformation of the beam-column connections and, in one test, failure 

of some column-base connections (see Appendix C). Most of the inelastic timber 

deformation occurred during Stage 1. The loading apparatus applied significant 

compression forces to the west beam-column connections, resulting in increased timber 

strains (and increased frame capacity) for positive drifts. In addition, for the first few 

tests (in Stage 1), inelastic deformation accumulated resulting in a slightly deformed 

connection interface between beams and columns. This redistributed the stresses within 

the connection, increasing the neutral axis depth and limiting the inelastic deformation 

in subsequent tests, as illustrated in Figure 5.8. Further evidence of inelastic 

deformation is provided by considering the area-based damping of the frame system for 

each cycle (see Figure 5.9b). For Stage 1 tests, there was a significant reduction in 

hysteretic damping from the first to the second and third cycles for a given drift 

amplitude, indicating that permanent deformation of the timber had occurred during the 

first cycle.  
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Figure 5.8. Inelastic softening mechanism for the frames 

 

For all tests, the measured OTM was higher than the predicted OTM at 2% drift, as 

shown in Table 5.2. This indicates that there were some significant inaccuracies in the 

existing design methodologies for post-tensioned timber (detailed in Chapter 4 and 

Appendix A) for determination of the post-tensioned connection capacity. Inaccuracies 

between the predicted and observed frame capacity were larger when the floor was 

present and with the addition external beam-column reinforcement (hybrid frame). The 

influence of the floor slab and additional reinforcement are investigated in the following 

section.  

The area-based hysteretic damping values were much less than predicted (see Table 4.4 

and 5.2). There are several possible explanations for an over prediction of the system 

damping. Firstly, the non-dissipative components of the OTM (from the post-tensioning 

and floor interaction) were larger than predicted. This is evident because the 

experimental OTM is larger than predicted, yet the area-based damping is less (see 

Figure 5.9), indicating the dissipative components of strength were less than predicted. 

Secondly, the effectiveness of the dissipative components may have been over-

estimated in predictions. Hence, the modelling approaches used to predict the area-

based damping may be inaccurate. In Chapter 4 and Appendix A, it was assumed that 

localized hysteretic response of the column-base and the contribution from external 



Chapter 5 – Seismic response of the test building 

87 

beam-column connections follow an elastic-plastic hysteresis rule. Due to anchorage 

slippage and steel Bauschinger effect, it is likely the hysteretic damping provided by 

this reinforcement was less than the predicted value. Also, if there was significant 

anchorage slip, the contribution of the dissipative components to the OTM at a given 

drift will be reduced, further reducing the hysteretic damping of the system.  
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Figure 5.9. Unidirectional response for PT-only frames with floor (Stage 2, Test 1): a) Hysteresis      
b) Area-based damping  

 

By considering the beam-column and column-base connection response throughout the 

frame during Stage 1, it may be established why the predictions of both the building 

strength and damping potential were inaccurate. The bending moments throughout the 

frame were approximated using strain gauges on the beam and columns. For test 1 and 

2 of stage 1, the connection response for one connection at each level (connections L3-

4, L2-1 and B-2 from Appendix B) and predictions are illustrated in Figure 5.10.   

On average the moment in the beam-column connections, at 2% drift, were slightly 

higher than predicted on Level 2 and 3. Although the connection moment from 

experimental data may be inaccurate, this also suggests that the existing design 

methodologies may not be appropriate. Furthermore, the connection rotation was over-
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predicted, especially for the hybrid connections. Low connection rotation in the hybrid 

connections significantly reduces the damping provided from the external 

reinforcement (to the point of being negligible).  

Some beam-column connections on Level 2 exhibited a slightly pinched hysteretic 

response as small rotations (see Appendix B). This indicates that there was some 

relative rotation between the internal steel plate arrangements (see Figure 4.3) and the 

column. This only occurred where the internal plates had not been epoxied into place, 

as done by only one of the fabricators.        

The column-based connections were expected to provide the significant hysteretic 

damping contribution to the frame system. However, observing Figure 5.10 it is 

apparent that the response of the connections was not elasto-plastic, as assumed in the 

predictions. Instead the response is pinched due to slop in the anchorage of the external 

reinforcement (see Appendix C), significantly reducing the damping potential for the 

frame system. Also, the connection rotation was less than predicted, further reducing 

the damping potential of the connections. For test 1, the failure of the column-base 

reinforcement anchorages is observable in the hysteretic response (see Figure 5.10e). 

For test 2, the column-base connections show increased capacity due to repair of the 

anchorages (see Figure 5.10f). 

Frame elongation was monitored on the south frame using chain of potentiometers 

positioned at the centerline of the beams on Level 2 and 3. For both Stage 1 and 2, the 

total elongation of the frame was less than 4mm on both Level 2 and 3 at 2% drift, as 

illustrated in Figure 5.11. Therefore, the compressive deformation within the beam-

column connections prevented significant elongation. In Appendix B, it is shown the 

neutral axis depth (or depth of the compression region) was approximately 0.2 and 0.5 

of the beam depth for Level 2 and 3 respectively at 2% drift. The relatively large neutral 

axis depth, combined with compressive elastic deformation, results in minor 

geometrical elongation in the beam-column connections. Furthermore, on Level 3 the 

columns, with timber aligned perpendicular-to-grain, allowed significant compressive 



Chapter 5 – Seismic response of the test building 

89 

deformation (approximately 5mm) which offset the geometrical elongation, resulting in 

net shortening. During Stage 1, inelastic compressive deformation was apparent, which 

is derived from the west exterior beam-column connection. For comparison, for a 

similar frame constructed of jointed post-tensioned precast concrete the frame 

elongation would be approximately 12mm (Pampanin et al., 2001). For a similar frame 

constructed from traditional reinforced concrete, subjected to a similar number of cycles 

the elongation would be approximately 20mm (Peng, 2009; Fenwick et al., 2010). The 

total elongation is broken into components in Appendix B. It is evident that most of the 

geometrical frame elongation occurred in the exterior beam-column connections, rather 

than the internal beam-column connection during both Stage 1 and 2.  
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Figure 5.10. Connection moment-rotation response for Stage 1: a) Test 1, Level 3 b) Test 2,  
Level 3 c) Test 1, Level 2 d) Test 2, Level 2 d) Test 1, column-base d) Test 2, column-base  
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Figure 5.11. Frame elongation: a) Stage 1, Test 1, Level 3 b) Stage 2, Test 1, Level 3 c) Stage 1, 

Test 1, Level 2 d) Stage 2, Test 1, Level 2 
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5.6.2. Unidirectional wall response  

During testing, it was inferred that there may be significant overturning moment derived 

from the interaction of the floor system and the wall response. Hence, the walls were 

tested with and without edge beam (EB) support to the columns (see Figure 4.4), to 

gauge the relative contribution of edge beam and floor on the strength of the system. As 

mentioned previously, for the Hybrid wall system UFP couplers (see Figure 4.4) were 

positioned between the wall elements.      

The wall system provided stable hysteretic response for all tests, with no significant 

stiffness or strength degradation (see Figure 5.12). The post-tensioned (PT-only) wall 

system exhibited a non-linear elastic response. The hysteretic damping provided by the 

Hybrid system was relatively low. Differences in the area-based damping at each cycle 

(for a given drift level) indicate that a small amount of inelastic deformation may have 

occurred during the first tests on the wall (Stage 2, Test 3). The inelasticity may have 

occurred in the wall-base connections, concrete slab or in the wall elements.  

For all tests, the OTM capacity was much higher than predicted (see Table 5.2). This 

can be attributed to the coupling action provided by the floor system and edge beams, 

and the out-of-plane response of the frames. The column-base connections were 

calculated (using procedures shown in Appendix A) to provide approximately 390kN.m 

of overturning moment acting out-of-plane. Considering the experimental response 

without edge beam supports (Stage 2, Test 5 and 6) and subtracting the column-base 

moment contribution, the capacity of the wall system was still significantly under 

predicted. Hence, the coupling action provided by the floor system and the edge beams 

increased the system capacity by approximately 28%, assuming that the prediction 

methodology (in Appendix A) was sufficiently accurate. With the UFP couplers, the 

system strength was 20% higher than predicted.   

As for the frames, the hysteretic damping of the hybrid wall system was over predicted 

(see Table 5.2). The hysteretic damping varied between 7% and 3%, which is much less 
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than the predicted 17%. It is evident from the hysteretic response that the non-

dissipative components of the wall system were much stronger than predicted; hence, 

the overall system damping was significantly reduced. Furthermore, the modelling 

assumptions to estimate the damping provided the UFP couplers may have been 

inaccurate. This is investigated further in section 5.7.4.   
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Figure 5.12. Unidirectional response for PT-only walls (Stage 2, Test 3): a) Hysteresis b) Area-

based damping  
 

5.6.3. Bidirectional response  

Two bidirectional tests were performed. For the first test (Stage 2, Test 7), additional 

external reinforcement was present on both the frames and walls. Another test was 

attempted (Stage 2, Test 7), using only the final displacement amplitude of the loading 

protocol (corresponding to 3% Drift). Fracture of some of the base connections, due to 

low cycle fatigue (see Appendix C) after multiple tests, resulted in termination of the 

test after two bidirectional clovers were complete. The global bidirectional response is 

presented by calculating the total overturning moment (OTM) capacity versus the drift 

applied to the control columns, in each orthogonal direction. For Test 7, the area-based 
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damping is plotted for the unidirectional cycle (in the NS and EW direction), 

subsequent to the bidirectional clover. The hysteretic response of Test 7 is shown in 

Figure 5.13.  

During bidirectional loading there was a noticeable loss of strength in the EW (frame) 

direction above 2% drift, due to a column fracture at the top floor (see Appendix C) and 

further inelastic deformation in the beam-column connections. This is discussed further 

in section 5.8.1. In the NS (wall) direction, there was also some loss of strength and 

stiffness for the 3% drift cycle, indicating inelastic deformation of the timber elements 

and/or the slab. The area-based damping curves show an increase in energy dissipation 

at 3% drift. This could be due to increased activation of the additional reinforcement 

and/or increased inelastic deformation of the timber or concrete slab.  

In both the frame and wall direction, the overturning moment capacity for the system 

was significantly higher than predicted at 2% drift, and the area-based damping was still 

much less than predicted (see Figure 5.13c, d and Table 5.2). For the bidirectional test 

with post-tensioned (PT-only) frames and walls (Stage 2, Test 8), there was significant 

reduction in stiffness and strength, compared with the previous test. The moment 

capacity was still higher than predicted for the frame and wall directions respectively. 

For all bidirectional tests, the area-based damping values for the one complete cycle 

varied between 3% and 7%, still well under the predicted value.  

Examples of the beam-column connection response (for connection L2-1 and L3-4 from 

Appendix B) are given in Figure 5.14. The connection rotations were significantly 

larger than the unidirectional tests, due to the higher imposed drift. For the hybrid tests, 

this resulted in the activation and yielding of the external reinforcement. This explains 

the significant increase in hysteretic damping observed in Figure 5.13c at 3% drift. For 

the wall response, the orthogonal connection rotation and moment cannot be accurately 

defined for bidirectional loading (see Appendix B). A comparison of the unidirectional 

and bidirectional response is provided in section 5.7.5.  
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Figure 5.13. Bidirectional hysteretic response for Hybrid frames and walls (Test 7) a) Hysteresis 
in EW direction b) Hysteresis in NS direction c) Area-based damping in EW direction d) Area-

based damping in NS direction 
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Figure 5.14. Connection moment-rotation response for bidirectional loading (Test 7): a) Level 2  

b) Level 3  
 

5.6.4. Tabulated summary 

Below a tabulated summary of experimental results is given. The peak experimental 

OTM and hysteretic damping for each test, and corresponding predicted values, are 

given. The error of the predictions is shown as a percentage, where a positive 

percentage is corresponds to under-prediction. 
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Table 5.2. Predicted and peak experimental OTM at 2% Drift and the hysteretic damping 
Achieved 

OTM 
(kN.m) 

Achieved 
ξhyst,ab  
(%) 

Structural system
/Test Name 

Predicted 
OTM 

(kN.m) +2% 
Drift 

-2% 
Drift 

Average  
Achieved 

OTM 
(kN.m) 

Error (%) Predicted 
ξhyst,ab  (%) 

Min Max 

Frame – PT-only 
Stage 1, Test 1 
 

1240 1496 1413 1455 17 12 2.8 4.8 

Frame – Hybrid:  
Stage 1, Test 2 
 

1440 1853 1779 1816 36 14 3.1 4.5 

Frame – PT-only  
With floor  
Stage 2, Test 1 

1240 1806 1817 1812 46 12 4.0 5.7 

Frame – Hybrid  
With floor  
Stage 2, Test 2 

1440 2134 2139 2137 59 14 3.1 5.7 

Wall – PT-only  
With EBS* 
Stage 2, Test 3 

660 1389 1279 1334 102 0 2.4 3.6 

Wall – Hybrid  
With EBS 
Stage 2, Test 4 

1010 1793 1639 1716 70 17 3.6 6.4 

Wall – Hybrid  
Without EBS  
Stage 2, Test 5 

1010 1652 1548 1600 58 17 3.7 6.0 

Wall – PT-only  
Without EBS  
Stage 2, Test 6 

660 1292 1178 1235 87 0 2.0 4.6 

BD** – Hybrid 
EW direction  
Stage 2, Test 7 

1340 2228 2338 2283 70 14 2.9 5.3 

BD – Hybrid 
NS direction 
Stage 2, Test 7 

1010 1850 1803 1827 81 17 3.3 6.6 

BD – PT-only  
EW direction 
Stage 2, Test 8 

1240 1656 1780 1718 39 12 4.7 (at 3% 
Drift) 

BD – PT-only  
NS direction 
Stage 2, Test 8 

660 1217 1214 1216 84 0 7.0 (at 3% 
Drift) 

* EBS = edge beam support. 
** BD = bidirectional test. 
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5.7. COMPARISON OF EXPERIMENTAL RESULTS 

Comparisons are made between each of the experimental tests, considering the 

influence of the floor diaphragm, the effectiveness of addition (non-stressed) 

reinforcement, the effect of edge beam supports and bidirectional loading.   

5.7.1. The effect of the floor on frame response 

The influence of the floor on the global hysteretic response of the building in the frame 

direction is illustrated in Figure 5.15, for both the PT-only and Hybrid connections. The 

floor diaphragm appears to have little effect on the strength or the hysteretic energy 

dissipation of the frame system.  

In Figure 5.15a, a comparison is made between the PT-only tests with (Stage 2, Test 1) 

and without (Stage 1, Test 1) a floor diaphragm. At 2% drift, the peak strength with the 

floor was 25% higher than without. However, the failure of some external 

reinforcement anchorages at the base of the columns during Stage 1-Test 1 (see 

Appendix C) would have reduced the strength of the frame system.  

In Figure 5.15b, the hysteretic results of the Hybrid tests with (Stage 2, Test 2) and 

without (Stage 1, Test 2) floors are compared. For both tests, the response of the 

column-base connections was similar. Considering the area-based damping (in Figure 

5.15d), most of the inelastic timber deformation had occurred in previous tests. 

Therefore, this comparison provides the most robust quantification of the influence of 

the floor diaphragm. The frame was 18% stronger with a floor system at 2% drift.  

There are three feasible mechanisms in which the floor system may cause an increase in 

the strength of the system; bending of the floor, slab induced axial forces that increase 

the strength of the beam-column connections, and resistance provide by out-of-plane 

walls. The last two of the three mechanisms can be investigated using experimental data 

and analytical models.  
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Using strain gauges placed on the beam and columns, the bending moments throughout 

the frame with and without a slab were approximated (see Appendix B). Experimental 

data shows that the bending moment in the beam-column connections did not 

significantly increase when the floor system was present. This point is illustrated in 

Figure 5.16 for internal beam-column connections on Level 2 and 3. Because the 

connection moment depends on the axial force within the beam-column connections, it 

can be inferred that additional axial forces due to restraint from the slab were minimal. 

This provides further support to the findings of section 5.6.1, which suggest that frame 

elongation was minimal.  

The OTM moment provided by the walls acting out-of-plane can be quantified using 

section analysis and, to an extent, experimental data. Assuming the minimum possible 

neutral axis depth, an upper bound OTM moment contribution from the walls is 

calculated to be 130kN.m. From Appendix B, experimental data (potentiometers at the 

base of the walls) indicates that the out-of-plane moment provided by the walls was 

approximately 80kN.m (at 2% drift). Subtracting the moment contribution from the 

walls, the frame was between 10% and 13% stronger with the floor diaphragm. By 

elimination, the coupling action between the floor system and walls acting out-of-plane 

appears to contribute most significantly to difference in systems strength with and 

without a floor diaphragm. Taking the OTM capacity of the building at 2% drift (with 

floor), subtracting the base moment capacity of the walls (80kN.m) leaves 

approximately 240kN.m due to floor-wall coupling. This equates to coupling induced 

axial forces in walls of only 29kN. This could easy be provided by bending of the floor 

system and is indicated by crack patterns in the floor slab (see Appendix C). Therefore, 

the coupling of the non-compatible frame and wall systems results in minor levels of 

damage to the floor system and can increase (or decrease) the axial forces within the 

frame or wall system. Notably, frame-floor-wall coupling could significantly increase 

the tension forces on column-base connections.       



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

100  

 

-2 -1.5 -1 -0.5 0 0.5 1 1.5 2
Drift (%)

-2400

-2000

-1600

-1200

-800

-400

0

400

800

1200

1600

2000

2400

O
T

M
 (k

N
.m

)

Without floor
With floor

-80 -40 0 40 80
Top floor Displacement (mm)

a) 

-2 -1.5 -1 -0.5 0 0.5 1 1.5 2
Drift (%)

-2400

-2000

-1600

-1200

-800

-400

0

400

800

1200

1600

2000

2400

O
T

M
 (k

N
.m

)

Without floor
With floor

-80 -40 0 40 80
Top floor Displacement (mm)

 
b) 

0 0.5 1 1.5 2
Drift (%)

2.5

3

3.5

4

4.5

5

5.5

6

A
re

a-
ba

se
d 

D
am

pi
ng

 (%
)

Without floor
With floor

0 20 40 60 80
Top floor Displacement (mm)

Cycle 1

Cycle 2

Cycle 3

c) 

0 0.5 1 1.5 2
Drift (%)

2.5

3

3.5

4

4.5

5

5.5

6

A
re

a-
ba

se
d 

da
m

pi
ng

 (%
)

Without floor
With floor

0 20 40 60 80
Top floor Displacement (mm)

 
d) 

Figure 5.15. The effect of the floor diaphragm on the global hysteretic response: a) PT-only 
hysteresis b) Hybrid hysteresis c) PT-only area-based damping d) Hybrid area-based damping 
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Figure 5.16. The effect of the floor diaphragm on the beam-column connection response: a) PT-
only, Level 3 b) Hybrid, Level 3 c) PT-only, Level 2 d) Hybrid, Level 2  

 

 

 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

102  

5.7.2. The effect of the floor on wall response 

The influence of the floor diaphragm on the strength of the building wall system cannot 

be accurately quantified from experimental data because, due to the loading 

arrangement, a test without the floor could not be performed.  

However, the capacity of the wall system, excluding floor, can be approximately 

quantified using potentiometers placed on the west walls (see Appendix B for further 

details). The moment at the base of the north-west (NW) wall, calculated from 

experimental data is shown in Figure 5.18. Figure 5.18 illustrates that the prediction of 

the wall-base moment (from Appendix A) appears to be relatively accurate. Again, it is 

noted that the experimental response is based on an assumed timber elastic modulus. 

Comparing the experimental OTM moment in the NS direction and predictions for 

Stage 2 Test 3 to 6 (see Table 5.2), it is evident that the effect of the floor was 

significant. The predictions ignored any effects from the floor and consequently under-

predict the strength of the building by up to 100%. There are several mechanisms in 

which the building strength can increase in the NS direction, above that provided by the 

base moment of the walls. The floor couples the wall system with the out-of-plane 

response of the frame. Hence, the out-of-plane column-base moment capacity and 

coupling between the wall system and the frame, via the floor system, will contribute to 

the total OTM.  

The out-of-plane column-base moment capacity of the frame, approximated from 

experimental data (see Appendix B), was 60kN.m at 2% drift. Hence, the contribution 

of the column-base connections was relatively minor. For example, the column-base 

connections only provided 4% to the strength of the building with PT-only walls. 

Therefore, the coupling action between the wall and frame system, via the floor appears 

to most significantly increase building strength. The coupling between the frame and 

the wall was provided via the edge beams supports and the floor slab. For Test 3 and 4, 

each end of the edge beams were supported by corbels attached to the external columns 
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(see Chapter 4). Under lateral loading the edge beams, which were connected to the 

walls, reacted against the corbel on the columns (see Appendix B and C for more 

detail). Comparing Test 4 and 5 (see Table 5.2) the contribution of edge beam supports 

was approximately 120kN.m. For example, the edge beam supports provided 9% to the 

strength of the building with PT-only walls.  

Therefore, the OTM from the coupling provided via the floor slab was most significant. 

This mechanism is derived from the displacement incompatibility that exists between 

the wall system and the frames. As the walls and edge beams rotate, the corner of the 

slab is forced to uplift or depress (see Appendix C). The diaphragm connections from 

the slab to the frames force the adjacent slab to remain in-line with the top of the beams. 

This displacement incompatibility results in bending and cracking of the slab and 

generates coupling forces within the wall and the frame system. A hypothesized shear 

force and bending moment diagram generated by this coupling in wall direction is given 

in Figure 5.17. Interestingly, the axial forces induced in the wall elements from floor 

slab coupling are opposed to the axial forces induced by UFP coupling. Assuming that 

the prediction of the wall base moment was accurate, by elimination, approximately 

500kNm of OTM moment was provided via floor slab coupling (or 37% of the strength 

of the building with PT-only walls). This equates to axial forces in the columns (due to 

coupling) of approximately 100kN.  

The short span between the walls and columns caused high curvature in the slab, 

amplifying this coupling action. It is expected that in more realistic building plans (that 

are not constrained by the testing facilities) that the spans would be proportionally 

larger and hence the coupling provided by the slab would be less significant. 

As noted for frames, the coupling of the non-compatible frame and wall systems results 

in minor levels of damage to the floor system and can increase (or decrease) the axial 

forces within the frame or wall system. 
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a) 

 
b) 

Figure 5.17. Interaction of the floor system with the PT only walls and out-of-plane frames: a) 
Shear force diagram b) Bending moment diagram 
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Figure 5.18. NW Wall connection moments versus Drift: a) Test 3 b) Test 4 
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5.7.3. The effectiveness of external beam-column reinforcement  

The effect of the external beam-column reinforcement on the response of the building is 

shown in Figure 5.19. Again, it is noted that the strength of building during Test 1 of 

Stage 1 was reduced due to the failure of some column-base reinforcement anchorages. 

Therefore, to determine the effect of the external reinforcement the most robust 

comparison is made between Test 1 and 2 from Stage 2 (shown in Figure 5.19b and d).  

From Table 5.2, comparing Test 1 and 2 (of Stage 2) the external beam-column 

reinforcement increased the OTM by 325kN.m (or 18%) at 2% drift. In fact, this 

contribution to OTM was larger than the predicted value of 200kN.m. The discrepancy 

in the actual and predicted contribution can be partially attributed to a pre-load that was 

applied to the external reinforcement (after the frame was post-tensioned), which 

prevented initial connection slop when the reinforcement is in tension. This was not 

considered in the predictions. Taking into account the effect of the pre-load on 

connection slop the predicted OTM contribution for the external reinforcement is 

approximately 320kN.m (see Appendix A), which is similar to experimental data. The 

predicted total OTM moment considering the pre-load is therefore 1560kNm. Taking 

into account the pre-load improves the accuracy of the prediction so that it is within 

16% of the experimentally achieved OTM.     

Hence, the external beam-column reinforcement provided the expected strength to the 

frame, but provided no or reduced damping potential to the frame, as shown in Figure 

5.19c and d. The observed reduction in area-based damping can be partially attributed 

to the higher OTM achieved by the hybrid frame, which according to Equation 5-1 

results in reduced area-based damping values. The effectiveness of the external 

reinforcement can be further investigated by considering the moment-rotation response 

of the beam-column connections. Examples of the beam-column connection response 

(for connection L2-1 and L3-4 from Appendix B) with and without external 

reinforcement are provided in Figure 5.20.  
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Figure 5.20 shows that while the strength of the connection increased due to the 

additional reinforcement, the connection rotation significantly reduced. This limited 

activation and ductility from the external reinforcement, resulting in little hysteretic 

damping. Higher connection strength increased the elastic deformation of the structural 

elements resulting in a lower proportion of connection rotation. The significance of this 

reduction in connection rotation was not accounted for in predictions because the pre-

load on the external reinforcement was not taken into account. Notably, lower 

connection rotations for the hybrid frame may have reduced compressive deformation 

of the timber and limited the hysteretic damping of the frame.  

Figure 5.20 also shows that the external reinforcement did not significantly increase the 

initial stiffness of the connections and indicates that the use of an inelastic bi-linear 

hysteresis to model the moment contribution from additional reinforcement (as assumed 

in Appendix A) is inappropriate.  

It is clear that the connection details for the external reinforcement could be altered to 

increase the activation of these devices. Firstly, the design strain in the external 

reinforcement at 2% drift was limited to ensure that numerous experimental tests could 

be performed without fracture due to low cycle fatigue (see Appendix A). This resulted 

in a larger yield displacement for the devices than would be considered for normal 

design (NZCS, 2010), increasing the drift at which yielding would occur. Secondly, the 

anchorage detail for the external reinforcement, whilst working well for precast 

concrete (Cattanach and Pampanin, 2008), resulted in significant anchorage 

deformation for timber. Again, this would have increased the drift at which activation 

would occur. Finally, the proportion of the OTM provided by the post-tensioning and 

the external reinforcement could have been reduced. For the hybrid frame the design re-

centering ratio was 1.6 (see Appendix A), which complies with recommended 

minimum of 1.5 taken from current design approaches for precast concrete (NZCS, 

2010). However, due to the high post-yield stiffness, and consequent dynamic re-

centering capability of the system, a lower re-centering ratio could potentially be 

applied.        
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d) 

Figure 5.19. The effect of the external beam-column reinforcement on the global hysteretic 
response: a) Hysteresis without floor (Stage 1) b) Hysteresis with floor (Stage 2) c) Area-based 

damping without floor (Stage 1) d) Area-based damping with floor (Stage 2) 
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Figure 5.20. The effect of the external reinforcement on the beam-column connection response: a) 
Stage 1, Level 3 b) Stage 2, Level 3 c) Stage 1, Level 2 d) Stage 2, Level 2  
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5.7.4. The effectiveness of UFP couplers  

Figure 5.21 illustrates the effect of the UFP couplers on the global response of the 

building when loaded in the NS direction. From Table 5.2, the UFP couplers provided 

approximately 380kN.m of OTM at 2% drift. This equates to 22% of the building 

strength for Test 4 (with edge beam support). From the prediction (see Appendix A), it 

was expected that UFP couplers would provide approximately 320kN.m of OTM or 

32% of the building strength. The increase in building strength, due to the interaction of 

the floor system (discussed in section 5.7.2), reduced the proportion of energy-

dissipative OTM from the UFP couplers. This was mitigated slightly because the actual 

strength of the UFP couplers was higher than expected. The experimental data indicates 

that the ultimate strength of the steel used for the UFP couplers was approximately 

460MPa, rather than 410MPa, as assumed in the prediction.     

While the strength of the UFP couplers at 2% drift was similar to the predicted value, 

the area-based damping was much less than expected (as discussed in section 5.6.2). 

The higher than predicted non-dissipative strength, provided from the interaction of the 

floor system, reduced the area-based damping. Another significant effect appears to 

have been the elastic deformation of the UFP couplers and the wall elements. For 

predictions, while the elastic deformation of the wall elements was taken into account, 

the UFP were assumed to yield instantaneously when a gap opening occurred at the 

base of the walls. The one-sided method of attachment and the low stiffness of 

surrounding timber, allowed elastic deformation of the UFP couplers (see Appendix C 

for further detail). Hence, full yielding did not appear to occur until approximately 1% 

drift, significantly reducing the energy dissipating potential of the couplers. 

Furthermore, unlike the external beam-column reinforcement, the couplers increased 

the initial stiffness of the wall system.  
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Figure 5.21. The effect of the external reinforcement on the global hysteretic response of the wall 
system: a) Hysteresis with edge beam support b) Hysteresis without edge beam support c) Area-

based damping with edge beam support d) Area-based damping without edge beam support 
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5.7.5. The effect of bidirectional loading 

The effect of bidirectional loading on the global response of the building can be 

examined by comparing unidirectional and bidirectional OTM for the building in each 

orthogonal direction up to 2% drift. For an appropriate comparison with bidirectional 

response, the unidirectional tests with floors, hybrid walls, hybrid frames and no edge 

beam support are considered. Hence, Test 2 and Test 5 (from Stage 2) are compared 

with Test 7, as shown in Figure 5.22.    

From Figure 5.22, it is obvious that bidirectional loading had no significant effect on 

strength or damping potential of the building in either orthogonal direction. Therefore, 

the lateral response of frame and wall systems can be effectively decoupled in each 

orthogonal direction for future design and analysis. This is further verified by 

considering the moment-rotation response of the beam-column connections (see Figure 

5.23). While the connection response at the wall-base could not be accurately defined 

(see section 5.6.3), Figure 5.22b provides sufficient evidence that the capacity of the 

wall system was not significantly affected by bidirectional loading.       

Although bidirectional loading does not affect the strength of the system in each 

direction, the column and wall elements should be check for combined bending and 

shear demands.  
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Figure 5.22. The effect of bidirectional loading on the global hysteretic response of the building:      
a) Hysteresis in EW direction b) Hysteresis in NS direction c) Area-based damping in EW 

direction d) Area-based damping in NS direction 
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Figure 5.23. The effect of the bidirectional loading on the beam-column connection response:  

a) Level 2 b) Level 3 
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5.8. STRUCTURAL DAMAGE 

In this section, a summary of the building damage that occurred during seismic testing 

is provided. Observations are categorized into damage associated with the frames, 

walls, gravity system and floor slab. More detail is given in Appendix C.  

5.8.1. Frame system 

Up to 2% drift there was no significant damage to the frame. The timber surrounding all 

beam-column connections remained essentially elastic, as shown in Figure 5.24. During 

Stage 1 testing, minor timber crushing occurred at the west-exterior beam-column 

connections on Level 3 (see Figure 5.25), due to the additional axial loads from the 

adjacent testing apparatus. During the first unidirectional frame test (Stage 1, Test 1), 

some of the anchorage plates for column-base external reinforcement failed, as shown 

in Figure 5.26. A mentioned in section 5.6.1, this affected the strength of the building. 

The anchorage plates were repaired for subsequent tests.  

Minor crushing occurred around the external reinforcement anchorage pins, as depicted 

in Figure 5.27. This reduced the stiffness of the column-base connections (as noted in 

section 5.6.1). The design axial capacity of the pin connections was much larger than 

required (see Appendix A) but uneven tensile forces in the exterior reinforcement 

resulted in exceedence of the bearing strength at the each edge of the pin holes, 

progressively increasing the slop in the connection. Under bi-direction loading this 

mechanism was exacerbated further increasing slop of the base connections.    

At 3% drift an internal column fractured at Level 3 (see Figure 5.28). This occurred 

when the moment demand on the column was approximately 100kN.m, less than half 

the design flexural capacity (240kN.m). It is likely that the failure was induced by high 

stress concentrations due to the anchorage pins for the external steel reinforcement, 

combined with bending stresses. It was not possible to meet the code-minimum edge 

distances for the anchorage pins (NZS3603, 1999), so screws were used to reinforce the 
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timber adjacent to the pins (see Chapter 4). The screw reinforcement may also have 

contributed to the fracture. The column fractured at displacements only 50% higher 

than the design level, and forces only 30% above that achieved at the design level 

displacement. This is not satisfactory according to current performance-based criteria 

(FEMA, 2003) that require a structure to avoid collapse under maximum credible 

earthquake (MCE) events, which may be well in excess of the design-basis event 

(DBE). Many researchers, including Pang and Rosowsky (2007b), suggest MCE design 

drifts which are approximately 75% higher than the DBE. Hence, the introduction of 

local stress concentrations within column elements, especially adjacent to beam-column 

connections, is not recommended and is likely to result in a violation of performance-

based seismic criteria.  

During the 3% drift cycle of the final bi-directional test (Stage 2, Test 8) the column-

base external reinforcement on the SE column failed (see Figure 5.29). Two external 

rods failed from low cycle fatigue after eleven tests up to or above 2% drift. For all of 

these tests the strain within the steel did not exceed 5%.  

a) b) 

c) d) 
Figure 5.24. Beam-column connection deformation at 2% drift during Stage 1: a) Level 3, Test 1  

b) Level 3, Test 2 c) Level 2, Test 1 d) Level 2, Test 2  
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a) b) 
Figure 5.25. Damage to west columns on L3 at 2% drift due to loading apparatus a) NW column  

b) SW column  
 

a) b) 
Figure 5.26. Failure of column-base reinforcement anchorages: a) SE column b) S column  

 

 
a) 

 
b) 

Figure 5.27. Two views of the SE column-base external reinforcement anchorage pin deformation 
at 3% drift  
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b) 

a) c) 
Figure 5.28. S column failure at 3% drift: a) & b) Looking north c) Looking south 

 

a) b) 
Figure 5.29. Column-base external reinforcement failure on SE column: a) SE Column  

b) Fracture in fuse length  
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5.8.2. Wall system 

There was little damage to the wall systems during the unidirectional tests of up to 2% 

drift. A small amount of perpendicular-to-grain crushing occurred due to shear restraint 

at the base of the walls (see Figure 5.30), which appeared to allow some lateral slip at 

the base of the walls. The edge beam supports (present during Test 3 and 4) were 

subjected to high compressive loads or uplifted, depending on the direction of lateral 

load (see Figure 5.31).  

Minor inelastic deformation of up to 2mm occurred at the wall-bases during the 3% 

drift cycles of the bidirectional tests. This resulted in slight rounding of the wall bases, 

as shown in Figure 5.32 (after deconstruction), and accounts for the slight loss in 

stiffness observed in Figure 5.13b.   

a) b) 
Figure 5.30. Two views of damage to wall-bases during unidirectional tests  

 

a) 
 

b) 
Figure 5.31. Damage to edge-beams during unidirectional tests: a) Uplifted edge beam support  

b) Compressed edge beam support  
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a) b) 
Figure 5.32. Rounding at the wall bases: a) Inelastic deformation highlighting concrete dust  

b) Wall-base adjacent to straight edge 
 

5.8.3. Gravity system 

Considering both Test 1 and 2 of Stage 2, the gravity system (joists and primary beam) 

performed excellently up to 2% Drift, with no apparent damage. The top-hung support 

detail incorporated a gap between the supporting elements and the joist. This allowed 

rotation between the joist and the supporting elements, avoided contact and ensured 

purely pinned supports (which did not contribute to the lateral strength of the building). 

For out-of-plane loading, the joists and primary beam remained fixed to the floor slab, 

remaining essentially flat as the columns rotated.     

a) b) 
Figure 5.33. Floor joist supports at 2% drift: a) West edge b) East edge  
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5.8.4. Floor slab 

Up to 2% drift in the EW direction, only minor cracking occurred in the concrete slab 

(see Figure 5.34), none of which was due to frame elongation. Localized cracking was 

observed adjacent to the walls due to displacement incompatibility as the floor 

remained flat and the walls rotated out-of-plane. Other cracks were induced in the slab 

when subjected to tension by the testing apparatus for negative drifts. The total 

elongation of the slab at 2% drift was 1.3mm with a residual elongation of 0.2mm, most 

of which was concentrated around the walls. The maximum crack width was 0.8mm at 

2% drift, with a residual crack width of 0.2mm. Hence, according to the immediate 

occupancy structural performance level in FEMA-356 (2000) and ASCE-41 (2006), the 

slab would not require any repair.  

More cracking occurred under unidirectional testing in the wall direction. Because of 

the scaling criterion followed (see Chapter 4), the span of the edge beam between 

columns and walls was unrealistically short. The short span intensified the displacement 

incompatibility between the frame, floor and wall systems increasing cracking. 

Normally a more flexible beam could be used, which would accommodate more 

deformation and minimize damage to the slab. The maximum crack width was still 

governed by the frame loading, at 0.8mm for 2% drift with 0.2mm residual.   

Under bidirectional loading up to 3% drift, the crack patterns were similar to those for 

unidirectional loading but the number and size of the cracks increased. The maximum 

residual crack width was 1.0mm. Hence, repair would not be required according to 

FEMA-356 (2000) or ASCE-41 (2006). Notably, it is highly unlikely that the 

reinforcing mesh would have fractures as such small crack widths. Further detail on the 

slab elongation and crack pattern is provided in Appendix B and C respectively.  
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a) b) 

Figure 5.34. Crack on Level 2 during Test 1: a) Crack pattern b) Cracks at SW corner 
 

5.9. SUMMARY 

In this chapter a description of the uni-directional and bi-directional quasi-static testing 

on a two-storey post-tensioned timber frame and wall building was given. Key points 

drawn for the experimentation are: 

• Both the wall and frame elements responded essentially within the elastic range, 

with stable hysteretic response and only slight timber crushing up to a design 

drift of 2%.  

• Frame elongation was minimal when the building was loaded in the frame 

direction. Consequently, in-plane restraint provided by the diaphragm had little 

effect of the strength of the frame and can be ignored in design. The increase in 

strength due to frame-floor interaction was approximately 20%. It is likely that 

this is due to localized bending of the slab around the out-of-plane wall 

elements.  

• Interaction of the floor, gravity beams, out-of-plane frames and the wall system 

appeared to have significant effect of the strength of building when loaded in the 

wall direction. The significance of these interactions is likely to be exacerbated 

by the relatively short span between the walls and the out-of-plane frames.     
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• The additional reinforcement for the frame system was found to be essentially 

ineffective at increasing the stiffness and energy dissipation of the frame 

system. This was due to significant elastic deformation of the column and beam 

elements. For different frame geometries, where the elastic deformation of the 

members is less, additional reinforcement may be more effective. Furthermore, 

alternative design details for additional reinforcement may be more effective. 

• The U-shaped flexural plate (UFP) couplers provided additional strength, 

stiffness and energy dissipation potential to the building in the wall direction. 

However, due to elastic deformation of the U-plates and the surrounding timber, 

the activation of the UFP couplers was delayed.  

• Bi-directional loading did not significantly affect the response of the frame or 

wall system. Hence, it is appropriate to de-couple the orthogonal response, 

based on the experimental evidence. 

• Structural damage to the frames, walls and floor systems was minimal up to the 

design drift (2%). Cracking to the floor slab, was minimal and would not require 

repair according to FEMA-356 (2000) or ASCE-41 (2006).  

• For bi-directional loading up to 3% drift, the structural damage was more 

significant. There was noticeable crushing in some beam-column connections. 

A central column fractured due to stresses induced by external reinforcement 

anchorages. Column-base connections failed after a higher number of cycles. 

For future design, the use of large steel pins to provide anchorage to additional 

energy-dissipating reinforcement should be avoided.      

Overall the structural system performed well, undergoing ten uni-directional tests up to 

2% drift and two bi-direction tests up to 3% drift.  
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6. FRAME MODELLING 

In this chapter the displacement response of post-tensioned timber frames to lateral 

loading is characterized. Analytical models are presented which define the frame 

strength and account for the significant deformation mechanisms of the frames. 

Predictions made by the analytical models are compared with results from elastic finite 

element models and experimental testing. 

6.1. INTRODUCTION 

As introduced in Chapter 2, the concept of post-tensioned (PT) timber frames, 

originally conceived by Palermo et al (2005a), was an adaptation of similar pre-cast 

concrete systems (Priestley et al., 1999; Pampanin, 2005) as shown in Figure 6.1. A 

material substitution was made from precast reinforced concrete to solid timber sections 

consisting of engineer wood product, such as Laminated Veneer Lumber (LVL), glue-

laminated timber (GluLam) or cross-laminated timber (CLT or X-Lam).   

 

Figure 6.1. Development of post-tensioned timber frames 
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The strength of frame system is dictated by the moment-resistance of the post-tensioned 

beam-column connections (see Figure 6.2), which is dependent on the imposed 

connection rotation. Hence, as the gap-opening between the beam and column 

increases, the moment-resistance increases. In some situations additional (non-stressed) 

mild steel reinforcement may be added to the beam-column connections (see Figure 

6.1) creating a ‘Hybrid’ connection (Stanton et al., 1997; NZS3101, 2006b). This 

reinforcement can improve the stiffness and strength of the connections and the energy 

dissipation capability of the frame, as depicted in Figure 6.2. If the moment contribution 

from the post-tensioning is larger than that from the reinforcement, the connection will 

re-center avoiding residual displacements (Pampanin et al., 2002). Refer to Chapter 2 

for more detail. 

 

Figure 6.2. Moment rotation response of post-tensioning, energy dissipation and resulting Hybrid 
or ‘flag-shaped’ hysteresis (modified after fib, 2003)  

 

The connection and member deformations for PT timber frames are vastly different 

from precast concrete. Hence, existing design approaches from precast concrete must be 

modified to account for the specific material properties of timber. Analytical models 

proposed to predict the moment-rotation response of precast concrete beam-column 

connections (Pampanin et al., 2001) have already been adapted to timber (Pampanin et 

al., 2006; Newcombe et al., 2008a) but require further validation and improvement as 

further experimental data is obtained.  
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In addition, the seismic lateral force design methodologies for PT timber, which are 

discussed in Chapter 9, require the prescription of an allowable frame deformation at a 

given design level (serviceability or ultimate limit state). Hence, all significant 

deformation components need to be quantified. Subtracting the member deformations 

from the allowable deformation, the allowable connection rotation can be determined, 

which defines the strength of the frame.  

6.2. BACKROUND 

Several researchers have proposed analytical and empirical models to define the 

deformation of frame systems in either timber or concrete. These models can be divided 

into considerations of the frame deformations and the connection response.  

6.2.1. Frame deformations  

The deformation of a frame, constructed of concrete or steel is most commonly checked 

at the end of the design process using elastic finite element analysis packages, once the 

strength demands have been satisfied. However, for timber the frame flexibility, rather 

than strength requirements, usually dictate the beam and column dimensions in design. 

This can lead to multiple modifications of the finite element models, which in turn 

requires iteration of the seismic lateral force design (because the natural period of the 

frame changes). To enable a more direct design procedure, allowable displacements 

should be targeted during the lateral force design (Priestley et al., 2007), which define 

the natural period and hence the strength demand for the frame. Analytical or empirical 

expressions can be used to estimate elastic deformation of the frame more readily, 

avoiding iteration of the design process.  

For capacity designed reinforced concrete (RC) frames (Paulay and Priestley, 1992), the 

member deformations are often determined considering only flexural deformation, 

while shear deformations are considered insignificant. For ductile RC frames, Priestly et 

al (2007) proposes empirical expressions for the frame deformation at the yield point 
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that are independent of the frame strength. The interstorey drift due to elastic 

deformation of the members and the beam-column connections is: 

b

b
yy h

L
εθ 5.0=   (6-1) 

Where: bL  = the bay length from column centerlines; 
 bh  = the height of the beam; 
 yε  = the yield strain of the reinforcement.  
 
Similarly for PT precast concrete hybrid systems, Priestley et al (2007) proposes an 

empirical expression, which takes into account reductions in flexural and shear member 

deformations due axial stresses applied to the concrete by the post-tensioning: 

b

b
y h

L0005.0=θ   (6-2) 

As noted in Chapter 2, recent publications indicate that the yield drift may also be 

dependent on other parameters associated with the connection detailing (NZCS, 2010).  

For timber frames, the elastic deformation is strongly dependent on strength of the 

frame (Newcombe et al., 2008a) and both flexural and shear deformations are 

significant.  

As shown in Figure 6.3, Fairweather (1992) characterized the frame deformation for 

internal GluLam frames with epoxied rod connections. Fairweather found that the most 

significant deformation components were the flexural and shear deformation of the 

beams and columns, the shear deformation of the column between the beams (termed 

the joint panel) and the beam-column connection (or hinge) rotation. It is likely that 

similar conclusions will be reached for PT frames. However, the beam-column 

connection rotation is variable and difficult to predict, since standard beam theory 

(Bernoulli) does not apply at a rocking connection. However, Fairweather did not 

provide a methodology for prediction of the joint panel shear deformation.  
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a) b) 
Figure 6.3. Deformation of GluLam Frames with epoxied rod connections (Fairweather, 1992) a) 

Test specimen b) Deformation contributions at different lateral loads  
 

Little research has been performed on modelling the joint panel shear deformation. For 

well designed reinforced concrete, joint panel deformation can generally be ignored as 

it is insignificant. Rotational spring models (with hysteretic rules based on empirical 

and mechanical concrete relationships) have been proposed by Pampanin et al (2003) 

for poorly detailed RC beam-column joints, as illustrated in Figure 6.4. The derivation 

of hysteretic parameters for these models are based on theory proposed by Paulay and 

Priestley (1992) and Pantazopoulou and Bonacci (1992). Similar models have been 

proposed for steel moment resisting frames (Castro et al., 2005). Such a rotational 

spring model may also be appropriate for representing shear deformation of timber joint 

panel region. However, the empirical and mechanical relationships used to predict the 

hysteretic response of the joint panel region for concrete and steel may not be 

applicable for timber.  

 
Figure 6.4. Joint panel deformation model for poorly detailed concrete beam-column joints 

(Pampanin et al., 2003) 
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6.2.2. Connection response 

As discussed in Chapter 2, procedures have been proposed to determine the moment-

rotation response of PT precast concrete connections (Pampanin et al., 2006), repeated 

here as Figure 6.5.  

        

Figure 6.5. Connection moment-rotation design procedure (NZS3101, 2006b)  
 

Because strain compatibility (Bernoulli) assumptions do not apply at the connection 

interface, these procedures rely on a monolithic beam analogy (MBA) (Pampanin et al., 

2001; Palermo, 2004) to determine the strain, and hence, stress applied by the timber 

within the neutral axis, as a function of the imposed rotation within the connection (see 

Chapter 2 for more detail).  

Applying the MBA for precast concrete the following expressions were derived. Before 

yielding of the mild steel reinforcement: 

c
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And after yield: 
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Where: cε  = the concrete compressive strain at the extreme fiber; 
 impθ  = the imposed rotation in the connection; 
 cantL  = ( ) 2cb hL −  = the shear span of the beam; 
 c  = the depth of the compression region (neutral axis depth); 
 decφ  = the decompression curvature; 
 yφ  = the yield curvature; 
 pL  = the length of the equivalent plastic hinge zone.  
 

These expressions were adapted for PT timber by Newcombe et al (2008). For PT 

connections, only the elastic portion of the MBA is considered and hence: 
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Where: tε  = the timber compressive strain at the extreme fiber; 

 
bpara

bipt
paradec IE

hT
6

,
, =φ  = the decompression curvature of parallel-to-grain timber; 

 iptT ,  = the initial applied force from the post-tensioning; 
 paraE  = the parallel to grain elastic modulus; 
 bI  = the second moment of inertia of the beam. 
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To determine the stress in the timber at the extreme compressive fiber, ft, an effective 

connection modulus, Econ, was proposed: 

tcont Ef ε=   (6-6) 

Where: paracon EE 1.0=  for unarmoured connections (see Figure 6.6a) or; 
 paracon EE 55.0=  for armoured connections (see Figure 6.6b). 
 

a) 
 

b) 
Figure 6.6. Beam-column connection arrangements (Newcombe, 2008) a) Unarmoured 

connection b) Armoured connection 
 

Once the stress at the extreme fibre is defined, a timber stress distribution within the 

neutral axis depth is assumed. The stress distribution is integrated to give the force in 

the timber. Force equilibrium constraints are applied, and the neutral axis depth is 

iterated until compression force in the timber matches the force in the post-tensioning. 

When equilibrium is satisfied the connection moment is calculated.      

Using the above MBA approach, the connection response of a PT precast concrete and 

an unarmoured PT timber frame that is geometrically identical and has the same post-

tensioning force is compared in Figure 6.7. This comparison illustrates some of the key 

differences between the response of PT timber and concrete connections. 
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Considering the moment-rotation response of the connections (Figure 6.7a), the PT 

precast concrete frames achieves over double the strength of the PT timber frame (for a 

set initial post-tensioning force). The initial stiffness of the precast concrete frame is 

effectively infinite, until the decompression point. For the timber connection, there in an 

interaction of the perpendicular and parallel-to-grain timber, this results in connection 

rotation before decompression. Hence, the initial stiffness is relatively low.     

Due to the softer connections, PT timber has a relatively large neutral axis depth 

compared to precast concrete (see Figure 6.7b). This can result in no or limited 

elongation of the timber frame, and hence, the force in the PT tendons can remain 

constant, as shown in Figure 6.7c. For this reason, as rotation increases the increase in 

the peak compressive strain is more gradual for timber (see Figure 6.7d). While the 

initial stain is closer to yield for the timber connections, the concrete connection yields 

first at approximately 1.2% rotation.     

The strength of a PT precast concrete frame is generally dictated by ultimate limit state 

(ULS) loading. According to New Zealand Standards (NZS1170.5, 2004), the allowable 

drift limit is 2.5% for ULS. The elastic deformation of PT precast concrete frames at 

ULS is approximately 20%, which results in connection rotations of over 2.0%. At this 

rotation, the neutral axis depth has stabilized at a relatively constant value (see Figure 

6.7b), which enables accurate prediction of the connection moment using the MBA. For 

PT timber frames, the strength can be dictated by either serviceability limit state (SLS) 

or ULS loading (see Chapter 9). For ULS governed frames, the connection rotation can 

contribute to as low as 50% of the allowable drift. Therefore, the connection rotations 

are relatively small in comparison to precast concrete and are often below 1.2%. In this 

region, the neutral axis depth and hence the moment in the PT timber connections is 

highly variable, which may lead to inaccuracies in predicting the moment in the 

connection.  
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While the MBA is appropriate for concrete or steel, it may be inaccurate for softer 

timber connections. The following points are raised which question the accuracy of the 

current MBA procedure: 

• Because the neutral axis depth, and hence the moment for the PT timber 

connections is highly variable within the range of expected connection rotations, 

the assumptions made by the MBA may not be sufficiently accurate.   

• The calibrated effective connection moduli may lead to inaccurate estimation of 

the peak compressive stress in the timber. The effective connection modulus 

was calibrated to match experimental results, but if the MBA strain equation is 

inaccurate so are the timber stresses.  

• Because PT only connection can remain completely elastic, the elastic portion 

of the MBA has been applied (see Equation 6-3). However, it is intuitively 

unreasonable that the strain in the timber is related to the shear span, Lcant. By 

using complex models to capture the response of rocking connections, a more 

accurate representation of the strain in the timber can be obtained.  

• The MBA implies that the strain within the interface varies linearly from the 

neutral axis depth to the extreme fiber, and that there is no timber strain outside 

the neutral axis depth. This is unlikely to be the case for unarmoured timber 

connections. Furthermore, the strain in the parallel and perpendicular-to-grain 

timber on either side of the connection will vary significantly. The MBA does 

not take this into account. 
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Figure 6.7. Connection response for an equivalent post-tensioned precast concrete and timber 
frame: a) Moment-rotation b) Neutral axis depth c) Tendon force d) Peak compressive strain 

divided by yield strain for the timber 
 

Therefore, refinement of the existing analytical models for the post-tension timber 

connections may be required. Research by Tanahashi et al (2006; 2008) on traditional 

ladder-type frames in Japan provides some further insight on the moment-rotation 

response of timber-to-timber connections. Tanahashi applies the Pasternak Model 

(Pasternak, 1954), usually applied for modelling foundations of a semi-infinite soil 

continuum, to timber connections, as shown in Figure 6.8. The Pasternak Model is an 
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extension of the Winkler axial-spring model, and mechanically consists of axial springs 

and a shear transfer layer, which constrains the surface displacements to a certain 

profile. Hence, the perpendicular-to-grain stiffness of the timber is represented by axial 

springs, while the shear stiffness of the timber is represented using constrained 

displacement profile. For timber loaded perpendicular-to-grain, the shear stiffness at the 

edges of a bearing area contributes significantly to the overall strength and stiffness of 

the connections (EC5, 1994; NZS3603, 1999). The parallel-to-grain timber, which for 

post-tensioned timber frames would correspond to the beam, is assumed to be 

effectively rigid, compared to the perpendicular-to-grain timber.  

By applying the Pasternak Model, Tanahashi was able formulate expressions for the 

moment-rotation response of timber connections within both the elastic and inelastic 

range for Yellow Cedar, as shown in Equation 6-7 and illustrated in Figure 6.8.  

( ) ( )[ ] impimpFFfimpRRcon KKM θθςμθς 00 +=  (6-7) 

Where: 0RK  & 0FK  are the rotational and frictional stiffness of the net contact area; 
 ( )impR θς  & ( )impF θς  are the rotational and frictional stiffness distribution 

functions;  
 fμ  is the friction coefficient of the timber.  
 

The above relationship inherently assumes that the neutral axis depth and the applied 

axial load are constant. For PT connections both the axial load (applied by the tendons) 

and the neutral axis depth may vary as the connection rotation increases. Hence, to 

apply the Pasternak Model to PT connections, extensions to existing theory is required.   

 



Chapter 6 – Frame modelling 

135 

 
b) 

a) c) d) 

e) 
 

f) 
Figure 6.8. The Pasternak Model for timber frames (Tanahashi et al., 2006; Tanahashi et al., 
2008): a) Japanese ladder-type construction seismic testing b) Perp.-to-grain deformation c) 
Elastic (blue) and inelastic (red) displacement profile d) Elastic and inelastic strain profile e) 

Equilibrium conditions for connection f) Experimental-analytical model comparison 
 

Furthermore, the connection response should account for the possibility of inelastic 

deformation of the timber by considering a timber stress-strain law. Many researchers 

(Tanahashi et al., 2006; Newcombe et al., 2008a) have proposed a bi-linear stress-strain 

law with slight post-yield stiffness when the perpendicular-to-grain compressive stress 

is exceeded. Newcombe et al (2008a) suggests that the post-yield stiffness of LVL 

loaded perpendicular-to-grain is approximately 10% of the initial stiffness, as shown 

Figure 6.9a. Tanahashi et al (2006), shows that Yellow Cedar has a similar post-yield 
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stiffness, but also a ramping stiffness at about 50% strain, as shown in Figure 6.9b. The 

ramping stiffness is likely to be the result of reactions by the loading arrangement (see 

Figure 6.8b), which may not be present in PT connections. In any case, it is unlikely 

that for the timber strains in PT connections will approach 50%. Hence, a simple bi-

linear, or an elasto-plastic, stress-strain law may be appropriate for modelling PT 

connections.  
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Figure 6.9. Inelastic stress-strain curves for timber loaded perpendicular-to-grain: a) Newcombe 
et al (2008a) b) Tanahashi et al (2006) 

 

6.3.  MEMBER DEFORMATION 

The deformation of a frame system is often quantified by considering an internal beam-

column sub-assemblage, that is representative for the frame system on a given floor 

(Buchanan and Fairweather, 1993; Priestley et al., 2007). The subassemblage is 

assumed to have points of contra-flexure at the half span beams and the half-height of 

the columns. This approximation is appropriate for several reasons: 

• Displacement-based design methodologies (Priestley et al., 2007) are proposed 

for seismic lateral force design of the frames (see Chapter 9). Using these 

approaches uniform inter-storey drift with height is expected. This results in 

fairly consistent moment and shear demand throughout the frame.   
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• The axial force provided by the post-tensioning tendons is constant throughout a 

floor. Hence, provided each beam-column connection on a floor is subject to 

similar rotations, the moments will be similar. Hence, only one connection 

needs to be considered to quantify the member deformation on a given floor.   

• For most frames it is likely that there are significantly more internal beam-

column joints than external. While the deformation of an external subassembly 

may be slightly less, the deformation predicted from an internal subassembly 

will be more accurate and conservatively slightly overestimate deformation.  

The main contributions to the interstorey drift (θD) are rotations due to the flexure and 

shear deformation of the beam (θb) and column (θc), the joint panel shear deformation 

(θj) and connection rotation at the face of the column (θcon), as expressed in Equation 6-

8 and illustrated in Figure 6.10.  

conjcbD θθθθθ +++=  (6-8) 

Within this section, the beam, column and joint deformation is considered. Due to the 

column width, the actual imposed connection rotation, θimp, is larger than the interstorey 

rotation due to the connection (see Figure 6.11):  

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−

=

b

c

con
imp

L
h

1

θ
θ  (6-9) 
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Figure 6.10. Representation of frame deformation using internal beam-column subassemblage  

 

 

Figure 6.11. The relationship between the imposed and interstorey rotation of the connection 
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6.3.1. Beam and column deformation 

Using simple beam theory the deformation of the beams and columns can be 

determined accurately. Here it is assumed that the beam deformation is not significantly 

affected by the floor slab, as indicated by experimental evidence (see Chapter 5). 

Notably, this may not be the case for all floor diaphragm connection details. The 

following formulations include flexural and shear deformation, and assume the joint 

panel region is rigid.  

( )
⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
+

−
=

46

22
btcb

b

b
b

h
G
EhL

L
φ

θ  (6-10) 

( )
⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
+

−
=

46

22
ctbc

c
h

G
EhH

H
φ

θ  (6-11) 

Where: Et and G are the bending and shear elastic modulus respectively; 
 Lb is the length of the bay;  
 H is interstorey height; 
 hb and hc is the depth of the beam and column respectively. 
 
The curvature in the beam and column is a function of the applied moment at the 

connection (Mcon) and the frame geometry: 

bt

con
b IE

M
=φ  (6-12) 

( )
( )cb

bb

ct

con
c hLH

hHL
IE

M
−
−

=φ  (6-13) 

Where: Ib and Ic are the section moments of area of the beam and column respectively. 
 

6.3.2. Joint panel deformation 

Due to the low shear modulus of timber, the joint panel deformation can significantly 

contribute to the flexibility of a timber frame. This deformation is predominately caused 
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by shear forces, induced by the applied stresses at the rocking interface. Hence the joint 

panel and connection response are implicitly related. In addition, the low shear modulus 

and low aspect ratio of the joint allow flexural deformations within the joint to be 

neglected, as assumed for reinforced concrete (Pantazopoulou and Bonacci, 1992; 

Paulay and Priestley, 1992). The deformation of the column due to joint distortion, γ, is: 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−−=

H
h

L
h b

b

c
j 1γθ  (6-14) 

Where: vh γγγ += ; 
 hγ  and vγ are the shear distortions due to horizontal and vertical shear stresses 

respectively which are applied to the joint panel (see Figure 6.12).  
 

The shear distortion throughout the joint is complex. The applied stresses (from the 

beams) vary as the connection rotates and the interaction of localized stresses results in 

a disturbed (non-Bernoulli) stress state within the joint. However, it is proposed that 

standard beam shear theory, applied to the centreline of the column, can be employed to 

estimate the overall deformation. The shear forces within the joint (Vjh and Vjv) are the 

integral of applied stresses less the member shear forces, as expressed below and 

illustrated in Figure 6.12a, b and c. 

( ) col

y

hacjh VdyfbyV −= ∫
0

,  (6-15) 

( ) beam

x

vacjv VdxfbxV −= ∫
0

,  (6-16) 

Where: cb  is the width of the column; 
 haf ,  and vaf ,  are the resultant horizontal and vertical applied stresses; 
 colV  is the shear in the column (outside of the joint panel region);  
 beamV  is the shear in the beam (outside of the joint panel region).  
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According to standard beam theory, the total shear deformation of the joint at the 

centreline of the column is: 

sh

jh
h

jh
bsh

h GA
V

dyyV
hGA

b

== ∫
0

)(1γ  (6-17) 

sv

jv
h

jv
csv

v GA
V

dxxV
hGA

c

== ∫
0

)(1γ  (6-18) 

Where: shA  and svA  are the horizontal and vertical shear areas within the joint panel 
respectively; 

 jhV  and jvV  are defined as the average horizontal and vertical shear force 
within the joint panel respectively.  

 

The average horizontal and vertical shear forces are derived terms used to avoid 

integration of the applied stresses. The shear distortion and shear force within the joint 

are linearly proportional. Hence, the average shear force also defines the average shear 

deformation, as shown in Figure 6.12d. Because the applied stresses must satisfy force 

equilibrium, the average shear distortion multiplied by the height of the joint panel 

gives the total shear deformation.  
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a) 

 
b) 

 
c) 

 
d) 

Figure 6.12. Joint panel shear deformation: a) Applied forces and moments b) Applied stresses           
c) Resultant shear force diagrams d) The actual and average shear distortion 

 

The average shear force can be derived in terms of the applied connection moment, 

Mcon. Firstly, the horizontal shear force is considered:  

( ) ( )
col

b

h

hac

b

h

jh

jh V
h

dydyyfb

h

dyyV
V

bb

−==
∫ ∫∫
0

,
0  (6-19) 

The connection moment is: 

⎟
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⎠
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The applied stress is the derivative of the shear: 

( )yV
dy
dbf jhcha =,  (6-21) 

Substituting Equation 6-19 and 6-20: 

( ) ⎟
⎟
⎠

⎞
⎜
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⎝

⎛
+= ∫ bcol

h

jhjhcon hVdVVyM
b

02
1

 (6-22) 

If equilibrium in the joint is maintained, applying integration by parts: 

( ) bcol

h

conjhjh

h

jh hVMdVVydyyV
bb

−== ∫∫
00

2)(  (6-23) 

Substituting Equation 6-19 and 6-23: 

col
b

con
jh V

h
M

V −=
2

 (6-24) 

Similarly for the average vertical shear force: 

( )
( ) beam

cb

bb

c

con
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c
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jv V

hLH
hHL

h
M

V
h
M

V −
−
−

=−=
22

 (6-25) 

The above expression is general and applies for any stress distribution, for irregular 

column sections and with additional steel reinforcement. Provided that force 

equilibrium in the joint is maintained, the average shear force is proportion to the 

connection moment, as shown in Equation 6-24 and 6-25. In Table 6.1, this is 

demonstrated by considering several different applied stress distributions, and 

calculating via integration the average horizontal shear force and comparing it to the 

connection moment. For simplicity the column shear, Vcol, is ignored.   

Although the horizontal and vertical joint shear forces may be similar in magnitude, the 

respective shear distortion varies significantly. This is because the horizontal shear area 
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is restricted to the cross-sectional area of the column, while the vertical shear area 

effectively continues up the entire length of the column. Hence, the vertical shear 

deformation is minimal and can be ignored for modelling.  

In summary, the joint deformation can be expressed as: 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−−=

H
h

L
h

GA
V b

b

c

sh

jh
j 1θ  (6-26) 

Where: col
b

con
jh V

h
M

V −=
2

; 

 ccsh hbA = .  
 

The above expression is verified using two-dimensional finite element modelling and 

experimental data in Appendix D.  
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Table 6.1. Average shear force and connection moments for variable applied stress distributions 

Applied stresses  c/hb Vjh,max* Vjh,avg** Mcon Vj,avg /Mcon

 
Linear 

1 3/4Ct 1/3Ct 1/6Cthb 2/hb 

 
Linear 

0.4 Ct 11/15Ct 11/30Cthb 2/hb 

 
Uniform 

0.4 Ct 3/5Ct 3/10Cthb 2/hb 

 
Parabolic 

0.5 Ct 3/4Ct 3/8Cthb 2/hb 

 
Rotationally asymmetric 

0.4 & 0.2 Ct 23/30Ct 23/60Cthb*** 2/hb 

*Vj,max is the maximum shear force within the joint 
**Vj,avg is the average shear force within the joint 

*** Mcon in this case is the average of the left and right connection moment 
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6.4.  CONNECTION RESPONSE 

The connection response dictates the strength of the overall frame system, similar to 

plastic hinge zones in reinforced concrete design (NZS3101, 2006a). But unlike 

concrete, the moment provided by rocking connections are highly dependent on the 

connection rotation, as well as the level of post-tensioning, the presence of additional 

connection reinforcement and connection armouring. While the strength demand for the 

frame is defined during the lateral force design (see Chapter 9), this can only be used to 

define the member deformations, while the connection must be designed to achieve the 

required moment demand. Furthermore, to achieve the design drift limitations for the 

frame, the moment demand must be satisfied within the allowable connection rotation. 

Hence, the allowable interstorey rotation due to the connection, θcon, is: 

( )jcbDcon θθθθθ ++−≤  (6-27) 

And therefore, according to Equation 6-9, the allowable imposed connection rotation, 

θimp, is:  

( )

⎟⎟
⎠

⎞
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⎝

⎛
−

++−
≤

b

c

jcbD
imp

L
h

1

θθθθ
θ  (6-28) 

As introduced, defining the connection moment in a rocking timber beam-column 

connections, for a given imposed rotation, frame geometry and level of reinforcement, 

is not straight forward because strain compatibility does not apply. While the 

Monolithic Beam Analogy (see section 6.2.2) has been shown to be appropriate for 

precast concrete (Pampanin et al., 2001; Marriott, 2009) and steel (Christopoulos et al., 

2002), a more robust approach is required for timber, especially when compression is 

applied to perpendicular-to-grain timber. It is suggested that the Pasternak Model, 

applied to timber by Tanahashi et al (2008), may be a sound basis for defining the 

connection moment for post-tensioned timber frames.  
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6.4.1. Relating the neutral axis and imposed rotation for elastic response 

Firstly, a relationship between the neutral axis depth, c, and the imposed rotation, θimp, 

is required to define the connection moment. Within this section, a θimp-c relationship is 

proposed for elastic response of the timber within post-tensioned beam-column 

connections (without armouring). This θimp-c relationship is compared with the results 

of finite element analysis, described in Appendix D.  

As introduced, the Pasternak Model constrains the surface displacements of the column 

to a displacement profile, δ, as shown in Figure 6.13. Assuming that the beam is 

effectively rigid and imposed connection rotation in the connection results in an equal 

rotation of the column face within the neutral axis depth, the elastic displacement 

profile can be expressed as: 

( ) ( ) ∞→=
→=

= −− cyce
cyy

y cy
imp

imp
αθ

θ
δ

0
 (6-29) 

Where: y is the axis defined in Figure 6.13. 
 

The parameter, α, controls the shape of the displacement profile on the column face 

below the peak compressive stress applied by the beam (see Figure 6.13). In Appendix 

D, a small sensitivity study is performed to determine α for radiate pine material 

properties. It is proposed that the following empirical relation is appropriate: 

ch
0.2

=α  (6-30) 

The sensitivity of α is further examined in section 6.4.8. 
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Figure 6.13. Equilibrium condition and Pasternak Model representation for a (Type 1) post-

tensioned timber beam-column connection 
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Because the perpendicular-to-grain timber is represented by axial springs with constant 

stiffness, the transverse stress in the column, ft,t, within the elastic range is: 

( )
( ) ∞→=

→=
=

−− cye
L

cE

cyy
L
E

yf
cy

e

perpimp

e

perpimp

tt
αθ

θ
0

,  (6-31) 

Where: 
2
c

e
h

L ≈  is the effective length of an equivalent Winkler spring. 

 

The perpendicular-to-grain stiffness of the column is much lower than the parallel-to-

grain stiffness of the beam. Therefore, the effective length is likely to be directly related 

to the column depth. Observing the transverse stress flow from finite element modelling 

(see Appendix D), it evident that the effective length is approximately equal to half the 

column depth.  

The compression applied by the timber, Ct, must be in equilibrium with the applied 

axial force from the post-tensioning, Tpt. Hence: 

( ) ⎟⎟
⎠
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 (6-32) 

The force applied by the post-tensioning increases for large connection rotations, due to 

gap opening at the connection interface, as discussed in section 6.4.3. Therefore, 

iteration of the above force-equilibrium equation may be required to determine the 

neutral axis depth. Similarly, iteration is also required if additional reinforcement is 

present in the connection, as discussed in section 6.4.4. Rearrange the above expression, 

in terms of imposed rotation: 

⎟
⎠
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⎛ +
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imp 22

 (6-33) 
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Solving the above expression for the neutral axis depth, c, gives: 
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 (6-34) 

Hence, the above expression relates the imposed connection rotation and the neutral 

axis depth for elastic response. The accuracy of the Pasternak Model is evaluated, by 

comparing the predicted imposed rotation (Equation 6-33) with the results of finite 

element model (FEM) analysis for an internal beam-column subassembly, devised in 

Appendix D. A comparison of the predicted and FEM imposed rotation, is given in 

Figure 6.16.  

Alternate expressions are proposed for armoured beam-column connections. Two 

potential armouring arrangements are considered; one using parallel-to-grain timber 

running transversely through the column (Type 2) and the other using thick steel plates 

on the column face (Type 3), as shown in Figure 6.14. In Appendix D, these 

expressions are compared with FEM results.  

a) 
 

b) 
Figure 6.14. Exploded view of beam-column armouring arrangements: a) Parallel-to-grain 

timber (Type 2) b) Steel plate (Type 3) 
 

For type 2 connections, with parallel-to-grain timber aligned transversely, the edge-

effect outside of the compression region (illustrated in Figure 6.13) can be ignored. 

However, the stiffness of the beam must be considered. The beam stiffness, calibrated 
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from the FEM results in Appendix D, is approximately three times the transverse 

stiffness of the column. The resulting θimp-c relationship is: 

22
3

cbE
hT

bperp

cpt
imp =θ  (6-35) 

Where: bb in this case is the width of the transverse parallel-to-grain timber in the 
column. 

 

And therefore: 
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For columns with steel armouring plates, the bearing area outside the compression 

region is enhanced, which effectively stiffens the connection (see Appendix D). To 

adequately account for steel plate armoring using the Pasternak Model, the 

displacement profile at the surface of the column needs to be defined. This will depend 

on the thickness of the steel plate and the distance that the plate extends above and 

below the beam. Any example of how the displacement profile may look is given in 

Figure 6.15. A conservative design approach is to ignore the presence of the steel plate, 

for the calculation of the θimp-c relationship. However, if the plate is designed to be 

effectively rigid, the displacement profile in the column can be readily defined (see 

Figure 6.15). Using this approach, the θimp-c relationship is defined as: 

( ) ⎟
⎠
⎞

⎜
⎝
⎛ +++
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θ
2

ppbperp

cpt
imp

ececbE

hT
 (6-37) 

Where: ep is distance the steel plate extrudes above and below the beam. 
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And therefore: 
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Figure 6.15. Displacement profile of column face with steel armouring 
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The three proposed analytical relationships for Type 1, 2 and 3 connections are 

compared with the results of the FEM sensitivity study (from Appendix D) in Figure 

6.16. For a given neutral axis depth, the imposed connection rotation inferred from the 

FEM analysis, θimp,FEM, is compared with the predicted imposed rotation, θimp,Eqn., from 

Equations 6-33, 6-35 and 6-37. The predicted θimp-c values are in good agreement with 

the FEM sensitivity study. Furthermore, the predicted rotation is generally larger than 

that obtained from FEM analysis. Hence, for a given imposed rotation the neutral axis 

will be slightly over-predicted, which is conservative for design. Note, in section 6.4.8 

the analytical model is compared with experimental data.     
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Figure 6.16. Sensitivity study of predicted versus FEM connection rotation 

 

6.4.2. Timber stresses 

The Pasternak Model uses a shear layer which defines the displacement profile of the 

column. In reality, higher stresses are applied to column face before it is distributed by 

the shear layer into the column giving the transverse stresses, as described in Figure 

6.17. As shown in Figure 6.17, the applied stress distribution is assumed to be linear, 

based on investigation of FEM analyses in Appendix D.  
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Hence, the peak applied compressive stress, fc, can be approximated as: 

cb
T

f
b

pt
c

2
=  (6-39) 

 
Figure 6.17. Applied and transverse stresses within an external beam-column connection   

 

To use the θimp-c relationships, given by Equations 6-33, 6-35 and 6-37, the connections 

must remain elastic. Hence, the applied stress must be less than the compressive 

strength of the column and beam. If the compressive strength (or yield strain) of the 

timber is exceeded an inelastic stress-strain model must be considered, as discussed in 

section 6.4.5. Furthermore, if there is additional reinforcement in the connection, the net 

force from the reinforcement must be added to the tension force from the post-

tensioning.  

For connections with steel plate armouring (Type 3), the applied stresses to the column 

face are significantly reduced. This is because the steel plate acts as a shear layer 

(similar to the Pasternak Model) and transfers stress above and below the neutral axis. If 

a sufficiently thick steel plate is used, the compressive strength of the beam, which is 

aligned parallel-to-grain, will dictate the response of the connection rather than the 

compressive strength of the column.  

6.4.3. Tendon forces 

The tendon force increases with increased imposed connection rotation. This is due to 

elongation of tendon, induced by gap openings at the beam-column connections. The 



Chapter 6 – Frame modelling 

155 

elongation of each tendon, Δpt,i, can be quantified using simple geometry, given the 

neutral axis depth and imposed connection rotation, as shown in Figure 6.18 and 

Equation 6-40. Only elongation (or positive deformations) should be considered, as 

indicated by experimental test results from Appendix B. 

 
Figure 6.18. Elongation of post-tensioning tendons 

 

For an internal beam-column connection, the gap opening at the position of the tendon 

is added on both sides of the column (Δpt,1 and Δpt,2). As shown in Figure 6.13, it is 

assumed that the beam remains rigid. For multiple tendons positioned at different 

heights in the beam, the elongation of each tendon is effectively equal. Therefore, the 

elongation of each tendon per bay length is:  

( ) 022,1, ≥−=Δ+Δ=Δ chbimpptptpt θ  (6-40) 

Therefore, the strain in each tendon due to tendon elongation is simply:    

ub

ptbay
pt l

n Δ
=δε  (6-41) 

Where: bayn  is the number of bays;  
 ubl  is the unbonded length of the tendons in the frame. 
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To ensure the tendons remain elastic, the maximum stress in the tendon, fpt, under the 

maximum credible lateral displacement of the structure, should not exceed 90% of yield 

stress, fy,pt, as described below: 

( ) ptyptptiptpt fEf ,9.0≤+= δεε  (6-42) 

Where: ptptptipti EAT=ε  is the strain of the ith tendon from the initial tendon force; 
 ptiT  is initial post-tensioning force applied by the tendons; 
 ptA  is the cross sectional area of the tendons; 
 ptE  is the elastic modulus of the tendons. 
 

The total tendon force, Tpt, is the sum of the individual tendons forces, Tpt,i: 

ptptptpti

n

i
iptpt AETTT δε+== ∑

=1
,  (6-43) 

For unarmoured beam-column connections, it is likely that the strain in the tendons will 

be significantly less than predicted at peak lateral displacement, due to increased axial 

deformation of the perpendicular-to-grain timber in the column. For the test building, 

the increase in tendon force due to frame elongation of unarmoured beam-column 

connections (Level 3) is less than 5% at 2% drift (see Appendix B). Hence, the effect on 

the neutral axis depth due to increased tendon forces can, in some cases, be ignored. 

Otherwise, the axial stiffness of the tendons can be corrected to account for the 

deformation of the timber, as shown below.  

ptcolbeam

cpt

KKK

K 111
1

,

++
=  (6-44) 

Where: beambparabeam LAEK =  is the axial stiffness of the beams; 
 paraE  is the parallel-to-grain elastic modulus of the timber; 
 colK  is the axial stiffness of the beams; 
 ubptptpt lAEK =  is the axial stiffness of the beams. 
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It is assumed that the axial stiffness of the column remains constant, as the neutral axis 

depth changes and any edge effects can be ignored. Hence: 

c

bperp
col h

AE
K ≈  (6-45) 

For design, the flexibility of the timber can be accounted for by increasing the apparent 

unbonded length of the tendons. Therefore: 

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
++≈

ptcolbeam
ptptcpt KKK

AEl 111
,  (6-46) 

Generally, the axial stiffness of beams is significantly larger than the axial stiffness of 

both the column and the post-tensioning and therefore can be ignored in the above 

equation. Furthermore, the above expression is only appropriate for elastic response. If 

the connection is in the inelastic range the axial deformation of the timber will increase, 

further reducing the strain in the tendons. Hence, for design it may be desirable to 

simply ignore any increase in post-tensioning force due to gap opening. 

Notably, the initial post-tensioning force should be limited to 40% of the compressive 

strength of the timber evaluated at service conditions, based on recommendations by 

Davies and Fragiacomo (2008), to minimize creep deformation. 

6.4.4. Additional reinforcement 

In some cases, additional reinforcement may be added to beam-column connections, as 

shown in Figure 6.19, to increase strength and/or energy dissipation potential. The 

additional reinforcement alters the equilibrium conditions within the connection, and 

will affect the height of the neutral axis depth, as described below. 
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dyyfbCTTC
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bperpimp
tbssptt 2

2 2

0

 (6-47) 

Where: sT  and sC  is the tension and compression force from the additional 
reinforcement respectively.  

 

 

Figure 6.19. Elongation of additional reinforcement 
 

Similar to the tendons, the elongation of each layer of reinforcement, Δr,i, can be 

determined by simple geometry: 

)( ,, cy isimpir −=Δ θ  (6-48) 

Where: isy ,  is the distance from the extreme compression fibre to the ith layer of 
reinforcement. 

 

The strain in the reinforcement is: 

ub

air
is l '

2,
,

Δ−Δ
=ε  (6-49) 

Where: ubl '  is the unbonded (or fuse) length over which strain will occur. 
 aΔ  is the deformation of the reinforcement anchorages.  
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The reinforcement may be internally or externally anchored in the beam and column 

sections. For both systems, there is anchorage deformation. Newcombe et al (2008a), 

provides empirical expressions for the anchorage deformation of internally epoxied 

reinforcing bar, as shown below. 

yspa l ε2=Δ  (6-50) 

Where: bysp dfl 032.0=  is the strain penetration length; 
 yε  is the yield strain of the reinforcement; 
 yf  is the yield stress of the reinforcement; 
 bd  is the diameter of the reinforcing.  
 

For external reinforcement the anchorage deformation must be quantified for the 

specific connection details. If multi-screw or nail connections are used, a conservative 

upper bound anchorage deformation of 1mm can be applied to nail or screw group 

based on NZS 3603 (1999). 

The strain within the steel elements should be limited to avoid low cycle fatigue. After 

extensive research on post-tensioned precast concrete systems, Marriott (2009) suggests 

that the strain in the steel should be limited to approximately 5% for mild steel, 

provided adequate compression buckling restraint has been provided. Hence: 

%5≤sε  (6-51) 

To determine the force applied by the reinforcement, a steel stress-strain law should be 

considered. Newcombe et al (2008a) suggests that a bi-linear stress-strain law provides 

sufficient accuracy for PT timber connections. If a more accurate representation of the 

stress-strain curve is sought, Marriott (2009) suggests that the model from Dodd and 

Restrepo-Posada (1995) is used, when steel material test data is available. Otherwise, 

the steel model from King et al (1986) is appropriate.  
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When modelling the steel stress-strain relationship, it is important to recognize whether 

a monotonic or a cyclic connection response is desired. This is because the cyclic and 

the monotonic stress-strain curves for steel are different due to Bauschinger effect 

(1887). For near field earthquakes, where there is often one main pulse, the monotonic 

response may be appropriate. For earthquakes with many cycles, the cyclic curves are 

more appropriate.  

 
Figure 6.20. Monotonic and cyclic steel stress-strain relationship (Marriott, 2009) 

 

Due to this variability in steel properties, it is suggested that a bi-linear relationship is 

appropriate for design, as suggested by Newcombe et al (2008a). Therefore: 

( ) ysyissy

ysissis
is rEf

AE
T

εεεε
εεε

>−+
≤

=
,

,,
,  (6-52) 

Where: isT ,  is tension provided by a layer of reinforcement; 
 isA ,  is area of the reinforcement for a layer; 
 sE  is the elastic modulus of the steel; 
 r  is the post-yield stiffness ratio; 
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If Ts,i is less than zero, then it can be written as Cs,i. From Newcombe (2008), a post-

yield stiffness ratio, r, of approximately 0.3% is appropriate for grade 300 mild steel. It 

was indicated from experimental data, given in Appendix B, that for external 

reinforcement with a pre-load is applied, the compressive contribution, Cs,i, should be 

ignored. Also, for the tensile contribution, Ts,i, any initial anchorage deformation can be 

ignored.  

6.4.5. Relating the neutral axis and imposed rotation for inelastic response 

For many beam-column connections the applied stresses may exceed the compressive 

strength of the timber. Therefore, to accurately predict the connection response timber 

inelasticity must adequately accounted for. It is proposed that the displacement profile 

of the column, as shown in Figure 6.13, for elastic and inelastic response is similar. This 

is reasonable because the displacement profile is constrained by the beam ends within 

the neutral axis, and deforms in a similar fashion outside the neutral axis, as shown in 

Figure 6.21. Due to inelasticity at the column face, the neutral depth will increase to 

balance the applied compression force from the tendons. Therefore, iteration of the 

neutral axis depth will be required to achieve force equilibrium within the connection. 

 

 
Figure 6.21. Displacement profile for elastic and inelastic response 
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Given the assumed displacement profile and an estimated neutral axis depth, the strain 

at the surface of the column can be defined. Firstly, rearranging Equation 6-33, the peak 

transverse strain in the column, according to the Pasternak Model is: 

⎟
⎠
⎞

⎜
⎝
⎛ +

=

α

ε
2

2
,

cbE

T

bperp

pt
tc  (6-53) 

Assuming, a linear strain profile at the surface of the column, the peak surface strain is: 

cbE
T

bperp

pt
c

2
=ε  (6-54) 

Therefore, the ratio between the peak transverse and surface strain, χ, is: 

c

c

tc

c
⎟
⎠
⎞

⎜
⎝
⎛ +

== α
ε
ε

χ

2

,

 (6-55) 

If it is assumed that the effective length, which determines the axial stiffness of the 

column, if unaffected by the inelastic deformations at the column surface, then the peak 

transverse strain can also be written as:  

c

imp
tc h

cθ
ε

2
, =  (6-56) 

Therefore, the peak strain at the surface of the column is: 

c

imp

tcc h

c ⎟
⎠
⎞

⎜
⎝
⎛ +

== α
θ

χεε

22
,  (6-57) 

Similarly, for Type 2 connections: 

3
2

=χ  (6-58) 
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And for Type 3 connections: 

( )
2

2

c

ecec pp ⎟
⎠
⎞

⎜
⎝
⎛ +++

= αχ  (6-59) 

As introduced in section 6.2.2, a bi-linear stress-strain law is appropriate for 

compression applied to perpendicular-to-grain timber. Newcombe (2008), suggests that 

a post-yield stiffness of approximately 10% of the initial stiffness is appropriate, based 

on material testing. An elasto-perfectly-plastic (EPP) stress-strain law can be applied, 

which simplifies the connection analysis.  

For an EPP applied stress distribution at the column face, ft, is illustrated in Figure 6.22 

and defined below. 

( )
tycty

tycperpc
t

f

E
c
y

yf
,,

,

εε

εεε

>

≤=  (6-60) 

Where: 
perp

ty
ty E

f ,
, =ε  is yield strain of the timber; 

 tyf ,  is yield stress of the timber. 
 

 
Figure 6.22. Inelastic applied and transverse stresses within an external beam-column connection   
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The applied stresses within the neutral axis depth are integrated, giving the compression 

within the timber: 

( )∫=
c

tbt dyyfbC
0

 (6-61) 

The compression applied by the timber is compared with the force applied by the 

tendons and additional reinforcement, if present. The neutral axis depth is altered until 

the force equilibrium is satisfied. Further detail on the effect of inelasticity is provided 

in section 6.4.8.  

For serviceability limit state design, it is suggested that the timber should remain elastic, 

to avoid loss of strength and stiffness throughout the frame. For ultimate limit state, the 

strain in the timber should be limited to avoid excessive crushing of the timber, which 

would require repair. It is tentatively suggested, based on experimental results in 

Appendix C, that the timber strain should be limit to two times the yield strain.  

tyc ,2εε ≤  (6-62) 

6.4.6. Connection moment 

The nominal connection moment, Mn, is calculated by taking moments from the 

compression centroid of the applied stress distribution, cc, to the tendon position. For 

frames, because the elongation of each tendon is effectively equal, the centre of action 

of the tendon forces is at the centre of gravity of the section. Hence: 

( ) ⎟
⎠

⎞
⎜
⎝

⎛ −=−= ∑
=

c
b

pt

n

i
ciptiptn c

h
TcyTM

21
,,  (6-63) 

Where: ipty ,  is the distance to the ith tendon. 
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With two layers of additional reinforcement, one in tension and one in compression, the 

connection moment is: 

( ) ( ) ( )csscss

n

i
ciptiptsptn cyCcyTcyTMMM −+−+−=+= ∑

=
2,1,1,1,

1
,,  (6-64) 

Where: ptM  is the moment provided by the post-tensioning; 
 sM  is the moment provided by the additional reinforcement; 
 isy ,  is the distance to the ith row of additional reinforcement. 
 

For elastic response, the centroid of the applied stress distribution is approximately one-

third the height of the neutral axis. If the timber has gone inelastic, the compression 

centroid can be evaluated by numerical integration, as shown below: 

( )

t

c

tb

c C

ydyyfb
c

∫
= 0  (6-65) 

To ensure that the frame system has full re-centering capability, the ratio of the moment 

from the post-tensioning and the additional reinforcement, λ, must be evaluated. 

0αλ ≥=
S

PT

M
M

 (6-66) 

Where: 0α  is the limit on the re-centering ratio. 
 

Current precast concrete design recommendations for the design of hybrid connections 

(NZCS, 2010) suggest a limit on the re-centering ratio of 1.5, which takes into account 

strain hardening of reinforcement. However, for timber systems there is only a gradual 

increase in the post-tensioning moment contribution due to significant elastic 

deformation of the members and connections, which reduces the ability of the 

connection to statically re-center. However, the elastic deformation of the members and 

connections also results in a hysteretic response with high post-yield stiffness, which 
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increases tendency for dynamic re-centering (MacRae and Kawashima, 1997). While 

Newcombe et al (2008a) suggests that a minimum re-centering ratio of 1.15, evaluated 

at the yield point of the connection, is appropriate it may be overly conservative for 

design. Further research is required to define an appropriate minimum re-centering ratio 

for post-tensioned timber frames.  

6.4.7. Prediction procedures 

Two approaches are considered for predicting the moment-rotation response of the 

post-tensioned beam-column connections. The first approach does not require iteration 

of the neutral axis depth, but is only appropriate for elastic response of post-tensioned 

only frame systems. The second approach requires iteration, can be used for elastic or 

inelastic response, and with additional reinforcement.  

Before predicting the connection response, the frame geometry and the allowable 

connection rotation must be estimated, based on design actions from lateral (or gravity) 

loading. The frame geometry will often be decided based on deflection limitations 

and/or optimal dimensions for timber fabrication. Furthermore, an initial level of post-

tensioning must be chosen.  

The proposed connection design procedure is only appropriate after the decompression 

point of the connection. A linear projection is suggested between the origin (zero 

moment and rotation) and the decompression rotation and moment. The decompression 

rotation, θimp,dec, can be defined as by substituting the height of the beam for the neutral 

axis depth in Equations 6-33, 6-35 and 6-37.  
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Modelling Approach 1 

The steps required for Approach 1 are described below and illustrated in Figure 6.23.   

1. Determine neutral axis depth 

The neutral axis is determined using either Equation 6-34, 6-36 or 6-38. It is 

assumed that the imposed connection rotation does not increase the force in the 

tendons. Hence, the effect on the neutral axis depth due to increased tendon 

forces can also be ignored. 

2. Check stresses 

 The peak stresses in the timber and post-tensioning tendons are checked using 

Equations 6-39 and 6-42. If the stress in timber exceeds the compressive 

strength of the timber, fy,t, in the beam or column, this procedure cannot be 

applied. When checking stresses, total strain in the tendons, including any 

elongation, should be evaluated.  

3. Evaluate the connection moment  

 The connection moment is determined according to Equation 6-63, using the 

initial post-tensioning force, Tpti. Because any increase in tendon forces was 

ignored when calculating the neutral axis depth, the neutral axis depth will be 

slightly underestimated. Using the initial post-tensioning force will counter-

balance this error when calculating the connection moment.  
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Figure 6.23. Connection response procedure: Approach 1  

 

Modelling Approach 2 

Due to timber inelasticity and variations in forces from the post-tensioning and in some 

cases additional reinforcement, the neutral axis depth cannot be predicted in a closed-

form solution. Hence, an initial estimate of the neutral axis depth is made and then 

altered until force equilibrium with the connection is satisfied. The procedure for 

Approach 2 is described below and illustrated in Figure 6.24.   

1. Guess neutral axis depth 

An appropriate initial estimate of the neutral axis depth is obtained by using 

either Equation 6-34, 6-36 or 6-38 from Approach 1. 

2. Calculate the timber strain  

The strain in the timber, at the connection interface, is determined using 

Equation 6-57. For type 2 and 3, connections χ is defined using either Equations 

6-58 or 6-59. 
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3. Determine the forces in the connection 

The force in the timber, the post-tensioning tendons and, if present, the 

additional reinforcement must be determined, according to Equations 6-61, 6-43 

and 6-52 respectively. The force applied by the timber depends on the assumed 

neutral axis depth and the calculated strain in the timber. If the strain in the 

timber is beyond the inelastic limit a timber stress-strain relationship should be 

considered.  

4. Apply force equilibrium 

According to force equilibrium conditions, shown in Equation 6-32 and 6-47, 

the compression force from the timber is compared with the sum of the forces in 

the post-tensioning and, if present, the additional reinforcement. If equilibrium 

within the connection is not satisfied, the neutral axis depth is revised and steps 

1 to 4 are repeated until convergence is achieved.  

5. Check stresses and strains 

The maximums stress in the post-tensioning tendons is checked using Equation 

6-42. The timber strain should also be limited to avoid excessive crushing 

according to Equation 6-62. If additional mild steel reinforcement is present, the 

strain should be checked using Equation 6-51.    

6. Evaluate the connection moment 

The connection moment is evaluated using Equations 6-63 or 6-64. If the timber 

is in the inelastic range, the compression centroid is determined according to 

Equation 6-65. If additional reinforcement is present, the re-centering ratio is 

determined (according to Equation 6-66) to ensure the system has minimal 

residual deformations. 
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Figure 6.24. Connection response procedure: Approach 2  
 

6.4.8. Verification of the prediction procedure 

The accuracy of the modelling procedures for connection response is verified 

considering both complex finite element models and experimental data (see Appendix 

D). It was already shown in section 6.4.1 that the prediction procedure accurately 

estimates the connection rotation, for a given neutral axis depth, connection moment 

and post-tensioning force of an elastic finite element model.   

However, there is limited experimental data available to validate the models. While the 

connection moments for test building were approximated (see Chapter 5), this required 



Chapter 6 – Frame modelling 

171 

the estimation of the elastic modulus of the timber and therefore does not provide a 

robust comparison. Instead smaller subassembly tests are considered, which enable 

accurate calculation of the connection moment. Yet, appropriate data are currently not 

available to validate the accuracy of the connection design procedure for Type 2 and 3 

connections. While Iqbal et al (2010) tested beam-column connections with steel 

armouring, the displacement profile of the column face could not be accurately defined 

in two-dimensions for the cruciform beam end.   

As an example the experimental data for a two-thirds scale subassembly test (described 

in Appendix D) is compared with predictions in Figure 6.25. Key findings from the 

experimental-analytical comparisons are provided below and in Appendix D. 

• The analytical model matches well with the available experimental data, but 

further verification is necessary.  

• The perpendicular-to-grain yield stress of the timber is exceeded at much 

smaller rotations than predicted by the Monolithic Beam Analogy, as proposed 

by Palermo (2004) and modified by Newcombe et al (2008a). This is discussed 

further in section 6.4.9. 

• The model assumes a bi-linear stress-strain law with a bi-linear factor of 0.1 and 

a yield stress of 6MPa for the perpendicular-to-grain timber in compression. The 

choice of both the bi-linear factor and the yield stress significantly impact the 

predictions. Further refinement of the inelastic stress-strain law for 

perpendicular-to-grain timber may be required.  

• The inelastic deformation of the timber results in a loss of post-tensioning force 

and initial stiffness of the connection. Hence, the prediction procedure is only 

appropriate for the first inelastic cycle to given drift amplitude. After the first 

cycle, crushing of the column-face occurs, which reduces the strength and 

stiffness of the connection.  



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

172  

The model appears to more accurately estimate the stresses applied to the timber, which 

is an improvement over existing procedures. In summary, the Paskernak Model gives a 

sound basis for understanding the response of rocking timber connections but further 

refinement is necessary.  
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Figure 6.25. Experimental – analytical comparison for subassembly 1: a) Connection moment  

b) Tendon forces c) Neutral axis depth d) Neutral axis depth at 4% rotation 
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6.4.9. Sensitivities of the connection response procedure  

Modelling procedures have been proposed for predicting the connection response of 

post-tensioned beam-column connections. Here the relevant sensitivities of the 

procedures are highlighted using a case study internal beam-column connection (see the 

benchmark model from Appendix D).  

Firstly, the elastic connection response predicted by modelling Approach 2 is compared 

with the existing approach proposed by Newcombe et al (2008a) in Figure 6.26. It is 

clear that there are significant discrepancies between the existing and the proposed 

procedures. Using the proposed procedure (Approach 2), the connection is significantly 

stiffer. Therefore, the connection moment is higher, the neutral axis depth is smaller and 

the tendon force (and elongation) is higher. The discrepancy between the procedures 

centers on the estimation of the timber strain (and stress) within the connection. Notably 

the timber strain estimated by the existing procedure is approximately 25% of that 

estimated by the proposed procedure. Therefore, using the existing procedure to design 

post-tensioned timber connection may seriously under estimate timber strains and the 

strength of the connection.  
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Figure 6.26. Connection response for the existing and proposed procedures: a) Moment-rotation 

b) Neutral axis depth c) Tendon force d) Peak strain divided by yield strain for timber  
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The elastic connection response predicted by modelling Approach 1 and 2 are compared 

in Figure 6.27. The connection moment predicted by Approach 1 and 2 begins to 

deviate when the tendon force increases, at approximately 1% connection rotation (see 

Figure 6.27a). Therefore, for small connection rotations, required under serviceability 

limit state design, Approach 1 and 2 are identical. For large connection rotations, 

required under ultimate limit state, Approach 1 is conservative in terms of connection 

strength. Due to the increase in tendon force beyond 1% rotation, the neutral axis depth 

is slightly larger for Approach 2 (see Figure 6.27b). The difference in connection 

moment between Approach 1 and 2 is because the change in tendon force is 

conservatively ignored when calculating the connection moment for Approach 1. The 

tendon force and timber strain are similar for Approach 1 and 2 (see Figure 6.27c and 

d). This is because Approach 1 requires that the increase in tendon force due to 

elongation is calculated when checking the stress in the tendon and the timber. Both 

approaches exceed the elastic strain limit of the timber (although the inelasticity is not 

modelled).  

 

 

 

 

 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

176  

0 0.01 0.02 0.03
Connection rotation (rad)

0

100

200

300

M
om

en
t (

kN
.m

)

Approach 1
Approach 2

a) 

0 0.01 0.02 0.03
Connection rotation (rad)

0

0.2

0.4

0.6

0.8

1

N
or

m
al

iz
ed

 N
eu

tr
al

 A
xi

s D
ep

th
 (c

/h
b)

 
b) 

0 0.01 0.02 0.03
Connection rotation (rad)

1000

1100

1200

1300

T
en

do
n 

Fo
rc

e 
(k

N
)

c) 

0 0.01 0.02 0.03
Connection rotation (rad)

0

1

2

3

4

5

St
ra

in
 r

at
io

 (ε
c/ε

y)

 
d) 

Figure 6.27. Connection response for different prediction approaches: a) Moment-rotation b) 
Neutral axis depth c) Tendon force d) Peak strain divided by yield strain for timber  

 

The impact of changing in the shape factor, α, for the displacement profile used in the 

Pasternak Model is considered in Figure 6.28. Prediction Approach 2 and elastic 

connection response is considered. An upper and lower bound value of 1.7 and 2.6 

divided by the column height is considered, based on finite element analysis in 

Appendix D. The choice of α, within the range considered, makes little impact on the 

predicted connection response. A higher α-value suggests that the non-linear 

displacement profile outside the neutral axis depth is longer and vice-versa. Hence, a 

higher α-value is conservative in terms of connection stiffness.   
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Figure 6.28. Connection response for different Pasternak Shape Factors: a) Moment-rotation b) 

Neutral axis depth c) Tendon force d) Peak strain divided by yield strain for timber  
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The effect of the connection type is illustrated in Figure 6.29, using Approach 2 and 

assuming elastic response of the timber. For the Type 2 connection, that entire width of 

the column is assumed to be parallel-to-grain timber. For the Type 3 connection, the 

steel plate is assumed to extrude 100mm above and below the beam. Furthermore, the 

plate is assumed to be sufficiently thick so that deforms rigidly and avoids crushing of 

the perpendicular-to-grain timber in the column. For unarmoured connections (Type 1), 

the stiffness and strength is less than Type 2 and 3 connections (see Figure 6.29a). Type 

2 connections have the highest initial stiffness. Type 1 and 3 connections have a similar 

initial stiffness, but as higher rotations Type 3 connections provided significantly higher 

connection moment. This is due to a smaller neutral axis depth for Type 3 connections 

(see Figure 6.29b). At high rotations, most of the compressive stiffness is provided 

outside the neutral axis depth, within the plate extrusions. Due to the small neutral axis 

depths for Type 2 and 3 connections, the tendon elongation, and therefore, tendon force 

is higher (see Figure 6.29c). The peak compressive strain ratio is larger for the Type 1 

connection than for the Type 2 and 3 connections (see Figure 6.29d). This is because 

the parallel-to-grain yield stress is used for Type 2 and 3 connections, while Type 1 is 

limited to the perpendicular-to-grain yield stress.  
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Figure 6.29. Connection response for different connection types: a) Moment-rotation b) Neutral 

axis depth c) Tendon force d) Peak strain divided by yield strain for timber  
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Using modelling Approach 2, the effect of timber inelasticity is examined for the Type 

1 connection, as shown in Figure 6.30. As expected, timber inelasticity significantly 

reduces the connection moment, increases the neutral axis depth, reduces the force in 

tendons and increases the timber strain beyond the yield point of the timber. These 

affects are all due to the increased neutral axis depth, which is required to balance the 

post-tensioning force. 
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Figure 6.30. Elastic and inelastic connection response: a) Moment-rotation b) Neutral axis depth 

c) Tendon force d) Peak strain divided by yield strain for timber  
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The effect of additional connection reinforcement is illustrated in Figure 6.31, for 

modelling approach 2 (with elastic timber). The moment from the hybrid connection is 

larger than for the PT-only connection (see Figure 6.31a) Although only monotonic 

response is shown, under cyclic loading, the reinforcement will provide significant 

hysteretic damping to the system, as shown in previous research by Newcombe et al 

(2008a) and Iqbal et al (2010). The initial stiffness of the connection is not significantly 

affected by the presence of reinforcement, which is modeled with a pre-load and hence 

will only activate in tension. To balance the force from the post-tensioning and 

reinforcement, the neutral axis depth is larger for the hybrid connection (see Figure 

6.31b). The larger neutral axis depth reduces the tendon elongation and force (see 

Figure 6.31c). The strain in the timber does not vary significantly for the PT-only and 

Hybrid connections (see Figure 6.31d).  
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Figure 6.31. PT-only and Hybrid connection response: a) Moment-rotation b) Neutral axis depth 

c) Tendon force d) Peak strain divided by yield strain for timber  
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6.5. FRAME DESIGN PROCEDURE 

Within this section a summary of a proposed frame design procedure is provided. 

Subsequently the procedure is applied to a case study frame, and sensitivities of the 

procedure are highlighted. The procedure for post-tensioned (and hybrid) timber frames 

is illustrated in Figure 6.32 and summarized below. 

1. Perform the lateral force design 

At this point it is assumed that the overall building geometry has been set and 

hence, the number of floors, number of bays and the floor mass is known. The 

lateral force design is performed considering a lateral displacement or Drift 

limitation, θD, according to a specific limit state or performance level. The 

lateral forces are distributed throughout the frame, giving the shear and moment 

demand at each level. Refer to Chapter 9 for further detail.  

2. Estimate frame geometry 

Generally, the frame geometry is chosen to match with standard widths of 

engineered wood product. For example, LVL is produced in standard widths of 

1220mm. For a cost effective solution, members should be designed to 

minimize the number of cuts and material wastage where possible. For example, 

beam and column depths of 600mm are an efficient solution.  

3. Evaluate member deformation 

Once the shear and moment demands on frame are determined, the member 

sizes can be calculated. Alternatively, the member sizes may be governed by 

gravity loading deflection limitations. Generally, strength does not govern the 

frame geometry. However, the section strength must be checked as part of the 

detailed design (Step 7).  
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4. Determine the allowable connection rotation 

The allowable imposed connection rotation is determined using Equation 6-28. 

Generally, the member sizes are chosen so that a significant portion (say over 

50%) of the total drift, θD, is provided by connection deformation, θcon. If the 

estimated frame geometry is too flexible and results in little allowable 

connection rotation, the designer must alter the frame geometry (and return to 

Step 2).   

5. Evaluate the connection moment capacity 

The connection moment at the imposed rotation is determined using Approach 1 

or 2, from section 6.4.7. 

6. Check the moment capacity versus demand 

The nominal moment capacity is compared with moment demand from the 

lateral force design. A strength reduction of 0.85 is tentatively proposed, based 

on post-tensioned precast concrete design (NZS3101, 2006b). If the connection 

moment capacity is not greater than the demand, the initial force applied by the 

post-tensioning is increased (and the designer returns to Step 5). However, there 

are upper limits on the moment provided by the connection. The neutral axis 

depth can become so large that the connection moment begins to reduce with 

increased tendon force. As noted, the compression stress due to the initial post-

tensioning should not exceed 40% of yield calculated under service conditions, 

to avoid excessive creep (Davies and Fragiacomo, 2008).  

7. Detailed design  

The flexural and shear capacity of the beam and column must be checked for 

ultimate limit state loading. For column design, the inclusion of overstrength 

and dynamic amplification factors is necessary (see Chapter 10). In addition, a 



Chapter 6 – Frame modelling 

185 

shear key must provide support to the beams when subjected to gravity loading 

as specified in NZS3101 (2006b) for precast concrete. Further detail is provided 

in Chapter 10.  

 
Figure 6.32. Proposed frame design procedure 

 

The above procedure is applied to a case study frame subassembly (see the benchmark 

model in Appendix D), and the results are illustrated in Figure 6.33. Connection 

deformation is the most significant contribution to the total drift of the frame. 

Observing Figure 6.33b, percentage of frame drift due to connection deformation varies 

between 40 to 70% and increases as the stiffness connection rotation increases. Initially 

there is a slight increase in the stiffness of the connection, which results in a reduction 
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of the proportion of deformation from 0 to 1% drift. In this case, the contribution of the 

beam, column and joint deformation to the total drift of the frame is comparable. Hence, 

all three components are significant and neither can be ignored.  
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d) 

Figure 6.33. Case study frame response: a) Connection moment vs. drift contribution b) 
Connection moment vs. summed drift contribution c) Percentage contribution to total drift vs. 

drift d) Drift contribution vs. total drift 
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6.6. NUMERICAL MODELLING OF THE FRAME RESPONSE 

The frame response can be modelled using simple finite elements models. This is 

essential for inelastic time-history analysis (ITHA), which is required under NZS 

1170.5 (2004) for non-regular structural systems. Within this thesis RUAUMOKO 

(Carr, 2008), a finite element, non-linear and dynamic computer package is used. As for 

reinforced concrete and steel, the member deformations can be captured by using 

simple elastic one component Giberson frame elements. The joint panel region, column 

base connections and beam-column connections are modelled using lumped spring 

models. As introduced, the joint panel deformation can be modelled using a rotational 

spring (Pampanin et al., 2003) with an appropriate hysteretic rule. For the beam-column 

and column-base connection response, previous researchers (Newcombe et al., 2008a) 

have considered either a rotation spring or multi-axial-spring elements, as used for 

precast concrete (Pampanin et al., 2001; Pampanin, 2005). In some cases, two lumped 

spring models are used in parallel to represent the respective contributions from the 

post-tensioning and additional reinforcement.  

6.6.1. Beam-column connection model 

The connection response can be captured using a rotational spring (RS) or a multi-axial-

spring (MS) model, as shown in Figure 6.34. Provided that the axial stiffness of the 

springs are defined accurately, the MS model can be more accurate (Marriott, 2009) as 

it captures frame elongation, which can significantly increase the strength of the 

connections, the shear and moment demands on columns, and can result in damage to 

the floor system (see Chapter 5 for more detail). However, as described in Chapter 5 

and Appendix B, the frame elongation for post-tensioned timber frames can be 

negligible up to 2% drift. Therefore, it is feasible that a simpler RS model may be 

sufficient in some situations. 

The RS model (see Figure 6.34a) is used to represent the hysteretic moment-rotation 

response of rocking beam-column connections. The connection hysteresis is generated 
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using the analytical procedures from earlier in this chapter. Inherently, the hysteresis 

takes into account the axial load variation due to the elongation of the post-tensioning 

tendons caused by a gap opening at the connections. A tri-linear elastic hysteresis is 

used to represent the hysteretic response of the connections due to the post-tensioning. 

The MS model uses a multi-axial-spring with constant compressive stiffness to model 

the timber within the connection, combined with springs to represent the post-

tensioning tendons (see Figure 6.34b). An inelastic bi-linear hysteresis with no tensile 

strength is used to simulate the timber. As discussed within this chapter, the axial 

stiffness of the connection interface is not constant and therefore the axial stiffness of 

the MS element must be calibrated. To do this the moment-rotation response of a 

connection, with a known axial load, is matched to analytical predictions (from earlier 

in this chapter) by changing the axial stiffness of the MS element. The MS element also 

captures inelastic deformation of the timber within the connections, if it occurs. The 

yield axial force, Fy, for the MS element is simply: 

byty AfF ,=  (6-67) 

Where: ytf ,  is the yield stress of the timber in the connection; 
 bA  is the area of the beam. 
 

Multiple linear elastic springs (termed a compound spring element) are used to 

represent the post-tensioning tendons. Horizontal point loads are applied at the tendon 

anchorage locations to simulate the initial post-tensioning force. Combining these 

elements, the MS model can take into account axial load variations cause by the frame 

boundary conditions (diaphragms and columns) and can accurately account for inelastic 

deformations of the timber. From analysis of the connection response in section 6.4, it 

was shown that the column face follows a constrained displacement profile. Therefore, 

the required axial stiffness distribution for the MS model should not be constant. This 

requires that the axial spring stiffness used in the MS model must be calibrated so that it 

matches (approximately) with analytical predictions (from section 6.4). Additional axial 
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springs with an inelastic Bi-Linear or Dodd-Restrepo hysteresis rule (Dodd and 

Restrepo-Posada, 1995) are added to model mild steel reinforcement when present. 

a) b) 
Figure 6.34. Numerical models for the beam-column connections: a) Rotational spring (RS) 

model b) Multi-axial-spring (MS) model 
 

6.6.2. Joint panel model 

The joint panel deformation can be captured using a rotational spring, as illustrated in 

Figure 6.35. As shown below, the rotation stiffness of the spring is defined based on the 

analytical predictions from section 6.3.2. Three node rigid links are used inside the joint 

panel, one horizontally and one vertically. The central nodes are joined with the 

rotational spring element, and constrained against differential vertical and horizontal 

deformation.   

 
Figure 6.35. Rotational spring model for joint panel region (modified after Pampanin et al, 2003) 
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The rotational stiffness of the joint panel spring is the applied moment, MA, divided by 

the joint panel rotation, γ:  

γ
A

R
M

K =  (6-68) 

The applied moment can be written as: 
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From section 6.3.2, the joint panel deformation is: 
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Substituting Equations 6-68, 6-69 and 6-70 gives: 
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Alternatively, the flexibility of the joint panel region could be included within the 

beam-column connection model. This is easily done if the beam-column connection 

model is a rotational spring. The stiffness of the beam-column model is simply reduced 

to account joint panel deformation, as shown in Figure 6.36. A multi-linear elastic 

hysteresis rule is fitted to the adjusted beam-column connection response.   
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Figure 6.36. Adjusted beam-column response to take into account joint panel deformation 

 

6.6.3. Column-base model 

Similar to beam-column connections, the column-base connections are represented 

using rotational springs (see Figure 6.37). For exterior columns, where there is 

significant axial load variation, moment-axial load interaction relationships (available in 

RUAUMOKO) are applied. This requires that spring model is fitted to several 

analytical predictions of the connection response, which consider different applied axial 

loads. For a well detailed column-base connection with non-tensioned reinforcement a 

simple bi-linear hysteresis can be applied.  

 
Figure 6.37. Rotational spring model for column-base connection 
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6.6.4. Floor diaphragm model 

For the MS model, the frame can elongate and shorten. This deformation will be 

restrained by the diaphragm, which may affect the lateral response. The floor 

diaphragm can be modeled using a spring at the height of the diaphragm (concrete slab) 

with an axial stiffness equal to that of the uncracked slab. However, it was not possible 

to model the correct construction sequence in RUAUMOKO; first the frame is stressed 

then the concrete slab is cast. Therefore, the post-tensioning force should be reacted by 

the beams. If the post-tensioning is applied after the slab is present (as inherently 

assumed by RUAUMOKO), the post-tensioning force would be reacted almost entirely 

by the floor slab. This can significantly affect the strength of the connections. To 

circumvent this issue the slab can be modeled with no compressive strength, which 

allows the frame to shorten and resist the post-tensioning forces. Any subsequent 

reduction in the axial forces in the beam due to shortening of the frame cannot be 

modeled using this approach. 

6.7. VERIFICATION OF THE NUMERICAL MODELS 

To evaluate the accuracy of the numerical modelling methods a numerical model was 

generated that emulates the frames from the test building (see Chapter 4 and 5). The 

numerical model is subject to the same quasi-static loading protocol and compared with 

experimental results. Both the rotational spring (RS) and the multi-axial-spring (MS) 

model are considered.   

6.7.1. Calibration of the spring models 

The joint panel, beam-column and column-base connection response was predicted 

using analytical procedures (see section 6.4). These analytical predictions were 

compared with experimental data from Stage 1, Test 1 (see Appendix B), and modified 

slightly to give good agreement with the experimental connection response. The aim 

was to validate the numerical model, rather than the analytical predictions. It is noted, 
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the accuracy of the experimental connection moment relies on estimates of the elastic 

modulus of the timber and Bernoulli strain assumptions (see Appendix B for further 

detail).  

The connection response for a joint panel, beam-column and column-base connection, 

are shown in Figure 6.38. For the beam-column connections on Level 2 (L2), there 

were significant variations in the experimental connection moments (see Figure 6.38a). 

In Appendix B, it is considered that this variation is due to complex axial force 

distributions within the frame, variable connection flexibility or errors in the 

experimental data. The hypothesized axial force variation does not appear to be 

captured by the numerical model; therefore, it is likely that the L2 connection stiffness 

varies significantly due different manufacturing techniques (see Appendix B) or errors 

in experimental data. Hence, for some connections according to the experimental data 

the connection moment appears to be underestimated by both the RS and MS models. 

The MS model shows a slight increase in moment and reduction in connection rotation 

at the west column connection (L2-2 from Appendix B) for positive rotations. This is 

due to increased axial forces due to applied lateral loads, from the loading apparatus 

(see Chapter 5), which is not captured by the RS model.  

For the beam-column connections on Level 3 (L3), the experimental data compares 

relatively well with the calibrated analytical predictions (Figure 6.38b). However, the 

differences between the RS and MS model are more significant compared to the L2 

connections. The MS model captures the variation in connection moment and rotation 

due to axial force variation from the applied lateral loads (due to the loading apparatus). 

The MS model also captures the losses of strength and stiffness due to timber 

inelasticity.  

The joint panel deformation spring model appears to match well with the experimental 

data (see Figure 6.38c). The analytical procedure, presented in section 6.3.2, compared 

well with the experimental results, if a calibrated shear modulus was used. On L3, a 

shear modulus of 500MPa was appropriate. This indicates that the chosen joint panel 
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reinforcement (see Chapter 5) provided no significant increase in stiffness. For L2 

joints, 900 MPa was appropriate, which indicates that the internal steel plate 

reinforcement increased the shear stiffness by approximately 50%. It is noted, that the 

accuracy of the experimental data was affected by compressive strains perpendicular-to-

grain, as discussed in Appendix D. Based on experimental data, the joint panel 

deformation contributed to approximately 20% of the frame deformation at 2% drift. 

Hence, the utmost modelling precision was not necessary.     

For the column-base connections, a bi-linear hysteresis was not appropriate due to 

anchorage deformation, which created a pinched response. Instead, a bi-linear gap 

hysteresis (Carr, 2008) was applied. The hysteresis allowed the initial connection slop 

to be modelled. While the stiffness degradation was not modelled (see Figure 6.38d), a 

perfect match was not necessary because the base-connections only contribute to 

approximately 20% of the strength of the frame.  
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Figure 6.38. Numerical versus experimental connection response for Stage 1, Test 1: a) L2 beam-
column connection (L3-2 and 4) b) L3 beam-column connection (L3-4) c) Joint panel connection 

(L3-4) d) Column-base connection (N column) 
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6.7.2. Results of the numerical modelling  

The predicted over turning moment (OTM) for the rotational spring (RS) model and the 

multi-spring (MS) model are compared to the experimental results for Stage 1 and 2 

(without and with a concrete slab respectively), as shown in Figure 6.39.  

For Stage 1, both models capture the OTM relatively accurately. The OTM at 

approximately 2% drift is under represented. This could be due to modelling 

inaccuracies in moment provided by the L2 connections. The hysteretic energy 

dissipation (defined by the area enclosed within a cycle) is under represented. It is 

expected that this is due to friction and slow creep recovery of the timber, which was 

not accounted for in either model.  

For Stage 2, the flexural coupling of the floor system with out-of-plane elements (see 

Chapter 5) was not adequately accounted for in either model. This appeared to result in 

an under-prediction of the OTM at 2% drift by approximately 25%. This agrees well 

with experimental interpretations from Chapter 5, which indicate that the OTM due to 

interaction of the floor system was 18%. Notably, the yield moment of the column-base 

connections was increased by 30% to account for remediation work (see Appendix B).  

The MS model was modified to include external mild steel reinforcement (see Chapter 

4) and compared with Test 2 from Stage 1 (see Figure 6.39c). The predicted and 

experimental response matches well. This verifies that the addition of mild steel 

reinforcement provides limited strength increase up to 2% drift for the test structure (see 

Chapter 5). Although, the connection strength increases, this results in increased elastic 

deformation, providing minimal strength increase for the frame. Alternative reinforcing 

arrangements or joint panel stiffening is required to improve the performance of these 

devices. 

For both Stage 1 and 2, there is little variation in the predicted response from the RS 

and MS model. The largest discrepancy occurred during Stage 1 testing where lateral 

loads were applied to the exterior columns (see Chapter 5). The application of lateral 
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loads resulted in significant axial load variations in the beam-column connections, 

which were not accounted for in the RS model. Because the MS model can accurately 

account for variations in beam axial load due to applied lateral loads, the peak strength 

is higher and initial stiffness is lower when compressive forces are applied by the rams. 

Hence, the strength of frame is not equal for positive and negative drifts. This matches 

well with experimental results (see Figure 6.39a). 

The elongation/shortening of the frame in the horizontal direction predicted by the 

complex model at Level 2 and 3 matches the experimental results accurately, as shown 

in Figure 6.39d. Also, due to the connection detailing (see Chapter 4) the shortening 

frame on Level 3 was much greater than on Level 2. This exacerbated the differences 

between the RS and MS models, since the RS model assumes axial forces in the beams 

solely due to the post-tensioning.  

The restraint provided by the slab has little effect on the predicted response. According 

to the MS model, restraint provided by the slab provides an increase in strength of only 

2%. However, the construction sequence of the building had a significant effect on 

lateral resistance of the frames. When the MS model is re-run assuming the post-

tensioning is performed after the concrete slab is cast, the strength at 2% drift is reduced 

by 12%.  
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d) 
Figure 6.39. Numerical versus experimental results: OTM response a) Stage 1, Test 1 (no 

concrete slab) b) Stage 2, Test 1 (with concrete slab) c) Stage 1, Test 2 (with additional 
reinforcement) and Frame elongation d) Stage 1, Test 1 

 

 

 

 

 

 

-2 -1 0 1 2
Drift (%)

-4

0

4

8

12

Sh
or

te
ni

ng
/E

lo
ng

at
io

n 
(m

m
)

Experimental
MS Model

Level 3 

Level 2 



Chapter 6 – Frame modelling 

199 

Key points from this study are given below: 

• The RS model could not account for variations in axial load within the beams 

caused by interactions of the frame with the concrete slab and/or columns. 

However, because the frames exhibit minimal beam elongation, the predicted 

response of the RS model was similar to that of the MS model. This indicates 

that the simpler RS model is sufficient to capture the response of the test frame.   

• The MS model can account for variations in axial load caused by the concrete 

slab and/or columns and can accurately predict the elongation or shortening of 

post-tensioned timber frames. The MS model demonstrated that the construction 

sequence of a frame building significantly affects its response.  

• Investigations using the MS model verified that the addition of mild steel 

reinforcement had little effect on the energy dissipation capability and the 

strength of frames, as shown by experimental data.  

For the test frames, there was significant variation in the beam axial forces caused by 

applied lateral forces and variable frame shortening at each level. For real buildings, it 

is likely that the variation in beam axial forces will be less. Therefore, it is proposed for 

future modelling of post-tensioned timber frames that the simpler rotational spring 

model will be sufficient.  

6.8. SUMMARY 

This chapter describes analytical and numerical modelling approaches for the lateral 

response of post-tensioned timber frames. Key points from this Chapter are: 

• Simple methods were presented to estimate the elastic member deformation of 

the column, beams and joint panel. Because the frame is designed to meet an 

allowable drift limit, the member deformation is subtracted to give the allowable 

connection rotation, which dictates the strength of the frame.  
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• Improvements were made to existing procedures to determine the connection 

moment at the allowable connection rotation. The elastic and inelastic response 

of connections with perpendicular-to-grain column timber, steel plate amouring 

and parallel-to-grain column armouring were considered.   

• Proposed connection design procedures were verified using complex elastic 

finite element models and experimental data.   

• A simple design procedure for post-tensioned timber frames subjected to lateral 

loads was presented.   

• Numerical models for time-history analysis were considered and compared with 

experimental results from the test building (from Chapter 4 and 5).     
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7. WALL MODELLING 

Modelling approaches for uncoupled and coupled post-tensioned walls are considered 

in this chapter. Analytical models are presented to define the lateral strength and 

deformation of walls. Predictions are compared with the results of finite element 

modelling and experimental data.  

7.1. INTRODUCTION 

Similar to frames, the concept of post-tensioned (PT) timber walls was proposed 

Palermo et al (2005a). Again, the system was a direct adaptation of similar pre-cast 

concrete systems (Kurama et al., 1999; Priestley et al., 1999; Rahman and Restrepo, 

2000; Pampanin, 2005), as shown in Figure 6.1. A material substitution was made from 

precast reinforced concrete to solid timber sections constructed of engineer wood 

product, such as Laminated Veneer Lumber (LVL) or glue-laminated timber (GluLam). 

Like European solid timber construction (see Chapter 2), cross-laminated timber (CLT 

or X-Lam) is well suited for wall elements.  

 
Figure 7.1. Development of post-tensioned timber walls 
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The strength of the wall system is dictated by the moment-resistance of the rocking 

connections at the base of the walls and coupling between the walls. A self-centering 

and dissipative (Hybrid) system (Stanton et al., 1997; NZS3101, 2006b) can be created 

by allocating strength in the correct proportion to energy dissipating reinforcement and 

self-centering actions from post-tensioning and/or axial load (Pampanin et al., 2002). 

The lateral response of the post-tensioned and hybrid wall systems is analogous to 

frames, as described in Chapter 6.    

For precast concrete walls, energy dissipation has been provided by mild steel 

reinforcement at the base of the walls (Rahman and Restrepo, 2000; Holden, 2001) or 

couplers between the walls (Priestley et al., 1999; Kurama, 2002). During the PRESSS-

Program (Priestley et al., 1999), U-shaped flexural plates or UFPs (Kelly et al., 1972) 

were found to be provide particularly stable hysteretic damping to the wall system (see 

Figure 7.2). Previous research on the emulative timber systems have focussed on the 

response of (purely) post-tensioned and hybrid walls (Newcombe, 2005; Palermo et al., 

2006a; Iqbal et al., 2007; Smith et al., 2007). To provide energy dissipation to the wall 

system epoxied or external mild steel bars, UFPs and nailed plywood panels have been 

used, as illustrated in Figure 7.3. The test building (described in Chapter 5) used UFP 

couplers.  

 
Figure 7.2. Working mechanism for UFP-couplers  
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a) b) 

c) d) 
Figure 7.3. Post-tensioned timber walls (Iqbal et al., 2007; Smith et al., 2007): a) Post-tensioned 

(uncoupled) b) UFP couplers c) External mild steel axial reinforcement d) Nailed plywood 
reinforcement 

 

There has been extensive work on the lateral force and detailed design of coupled 

reinforced and precast concrete wall systems (Kurama, 2002; Sullivan et al., 2006; 

Priestley et al., 2007; Jiang and Kurama, 2010). Furthermore, for precast concrete 
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comprehensive design information has been provided in the NZCS PRESSS Handbook 

(NZCS, 2010). However, these design approaches require modification so that they can 

be applicable to the design timber walls, which possess unique material properties. As 

found for frames, the increased flexibility of the wall elements and the reduced seismic 

mass of post-tensioned timber buildings means that either serviceability or ultimate 

limit state may govern the design (see Chapter 9). Hence, the deformation of the wall, 

as well as the lateral strength of the wall system is critical.  

7.2. BACKGROUND 

Extensive research has been performed on analytical and empirical models to define the 

deformation of post-tensioned wall systems in concrete. A brief summary of appropriate 

modelling approaches is given here.   

7.2.1. Wall deformations  

For reinforced concrete walls the elastic (or yield) deformation of the wall elements is 

determined by simple empirical expressions (Paulay and Priestley, 1992; Priestley et 

al., 2007). The yield deformation is considered to be purely a function of the curvature 

at the base of the wall and hence considers only flexural deformations, as shown in 

Figure 7.4. Furthermore, the yield curvature is simply a function of yield strain of the 

reinforcement, εy, and the length of the wall, lw.  

From Priestley et al (2007) the elastic deformation up the height of a cantilever wall 

assuming a linear curvature profile is: 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−=Δ

n

i
i

w

y
iy H

HH
l 3

12
,

ε
  (7-1) 

Where: iH  = the height at the ith floor. 
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Figure 7.4. The elastic deformation of reinforcement concrete walls 
 

For coupled reinforced concrete walls, the elastic deformation of the system is 

dependent on proportion base moment provided by wall elements and the coupling 

elements, as described in Figure 7.5. Again, Priestley et al (2007) suggests an empirical 

expression for the yield displacement of the system, Δy,e, at the effective height (or 

lateral force centroid), He, given below as Equation 7-2. This expression assumes that 

the yield deformation of the coupling elements is significantly less than the yield 

displacement of the wall base. It is noted that the deformation at the effective height is 

required for single degree of freedom lateral force design (see Chapter 9).  

 
Figure 7.5. Moment profiles for coupled walls (based on a diagram by Priestley et al, 2007) 
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Where: 
OTM
M BCE

CE
.=β  is the proportion of the OTM from the coupling elements; 

 
w

y
Wy l

ε
φ 2≈  is the yield curvature of the wall elements; 

 n  is the number of floors. 
 

For precast rocking concrete walls the yield deformation is calculated in the same way 

(Priestley et al., 2007; NZCS, 2010) when internal mild steel reinforcement at the base 

of the walls is used. This ignores the fact that the mild steel is unbonded at the base of 

the wall, which may effectively increase the yield deformation. For coupled precast 

concrete walls, due to the base rotation it is generally assumed that total displacement 

profile up the height of the wall is linear. Notably, Pennucci et al (2009) has proposed a 

iterative procedure to determine a more appropriate design displacement profile for 

precast post-tensioned concrete walls. However, the usually the yield displacement at 

the effective height is calculated using the same (non-linear) displacement profile given 

in Equation 7-1.  

For timber walls, the modelling assumptions used for precast reinforced concrete walls 

may not be appropriate. Further research is required to characterize and quantify the 

elastic deformation of the wall elements.    

7.2.2. Connection response 

As introduced in Chapter 6 for frames, procedures have been proposed to determine the 

moment-rotation response of PT precast concrete connections (Pampanin et al., 2006). 

Because strain compatibility (Bernoulli) assumptions do not apply at the connection 

interface, these procedures rely on a monolithic beam analogy (MBA) (Pampanin et al., 

2001; Palermo, 2004) to determine the strain, and hence, stress applied by the timber 

within the neutral axis, as a function of the imposed rotation within the connection. The 
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MBA was applied to PT timber by Newcombe et al (2008), where the following 

expression was proposed for both post-tensioned and hybrid wall systems. 

c
L paradec

cant

imp
c ⎟⎟

⎠

⎞
⎜⎜
⎝

⎛
+= ,

3
φ

θ
ε   (7-3) 

Where: cε  = the timber compressive strain at the extreme fiber; 
 ecant HL =  is the shear span or effective height of the wall; 

 
wpara

wipt
paradec IE

lT
6

,
, =φ  is the decompression curvature; 

 iptT ,  is the initial applied force from the post-tensioning; 
 paraE  is the parallel to grain elastic modulus; 
 wI  is the second moment of inertia of the wall element. 
 

To determine the stress in the timber at the extreme fiber, fc, an effective connection 

modulus, Econ, was proposed. It is suggested by Newcombe (2008) and Marriott (2009), 

that the effective connection modulus is not equal to the parallel-to-grain elastic 

modulus. It was proposed (Newcombe, 2008) that due to end effects of parallel-to-grain 

timber in compression, a reduced elastic modulus is required when modelling the 

connection response termed Econ. The end effect is illustrated in Figure 7.6, for parallel-

to-grain compression tests of Laminated Veneer Lumber (LVL). If the compressive 

strain is determined using potentiometers over the entire length of the specimen, rather 

than a central portion, a significantly lower elastic modulus is calculated.   
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Figure 7.6. End effect for parallel-to-grain compression (Newcombe et al., 2008a) 

 

Therefore:  

cconc Ef ε=   (7-4) 

Where: paracon EE 55.0= . 
 

It is proposed that the strain distribution within the neutral axis depth is linear, based on 

experimental evidence (Newcombe, 2008). If the elastic limit of the timber is exceeded, 

a bi-linear or Popovics (1973) stress-strain relationship is proposed for parallel-to-grain 

timber, as shown in Figure 7.7. 
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b) 

Figure 7.7. Curve fitting of stress-strain models to parallel-to-grain crushing tests: a) Bi-linear  
b) Popovics 
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As noted for frames, questions are raised regarding the accuracy of the MBA 

approximation when applied to post-tensioned timber walls. In addition to the points 

listed in Chapter 6, the following considerations are particularly appropriate for walls: 

• Intuitively it is unreasonable to assume that the strain in the timber at the 

connection interface is related to the shear span, Lcant, and hence the height of 

the wall, as indicated by Equation 7-3. As the height of the wall increases the 

connection response should not be significantly affected (as indicated by finite 

element analyses in Appendix E). It may be more appropriate to consider the 

MBA approximation within its inelastic range (see Chapter 2), as the strain in 

the neutral axis depth is dependent of a calibrated equivalent plastic hinge 

length, which is unaffected by wall height.   

• The calibrated effective connection modulus, Econ, and the shear span, Lcant, may 

result in a significant underestimation of the strain in the timber. Hence, for a 

given design level, there may be significantly more damage to the wall elements 

than expected.   

Hence, a new procedure is proposed to relate the neutral axis depth, the strain in the 

timber and connection rotation in section 7.4.  

7.2.3. Coupled walls 

For coupled walls, the moment from the base connections and the coupling elements are 

summed (see Figure 7.5). The coupling elements impart shear forces, which create 

longitudinal tension and compression forces in the wall elements, as shown in Figure 

7.8. The coupling induced axial forces cause the connection moment to increase or 

decrease for compression and tension respectively. Therefore, when calculating the 

moment provided by the base connections, the axial load from the post-tensioning, 

gravity load and coupler induced shear force should be summed. The wall with 

maximum compression will have a larger base moment than the wall will minimum 
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compression (or tension). Hence, for capacity design checks of the wall element 

strength the wall with maximum compression should be considered. However, for 

lateral force design the axial force from the couplers can be ignored. This gives the 

approximate average wall-base moment of the two walls, which can be used in the 

calculation the total overturning moment capacity of the wall system.  

 
Figure 7.8. Equilibrium condition of coupled rocking walls 

 

From the connection analysis, the wall subject to maximum compression will have the 

largest neutral axis depth. Therefore, the lever arm to determine the moment 

contribution from the couplers is not simply the distance between centreline of each 

wall but the distance from the compression centroid at the base of each wall. For elastic 

response, the compression centroid is simply one-third of the neutral depth from the 

extreme compression fibre. Considering the equilibrium condition of the coupled wall 

system, the total over turning moment (OTM) of the wall system is: 

⎟
⎠
⎞

⎜
⎝
⎛ −

−++=
3

21
,2,1

cclVMMOTM clCEBwBw   (7-5) 

Where: BwM ,1  and BwM ,2  is the moment provided wall-base connections; 
 CEV  is the sum of the shears provided by the couplers; 
 1c  and 2c  is the neutral axis depth for each wall; 
 cll  is the distance between the centerline of each wall. 
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The wall-base moments are determined using the connection design procedures shown 

in section 7.4. 

7.3. WALL DEFORMATION 

Compared to frame systems, the deformation of a wall system is relatively easy to 

define. Potentially, there are three significant deformation components that should be 

considered; the connection deformation at the base of the wall, and the flexural and 

shear deformation of the wall elements. This assumes that adequate restraint is provided 

to avoid lateral slip at the base of walls. 

 

Figure 7.9. Significant deformation components of solid timber wall element 
 

Therefore, the roof displacement, Δroof, can be written as the sum of the flexural 

deformation, Δf, the shear deformation, Δs, and the connection deformation, Δcon: 

consfroof Δ+Δ+Δ=Δ  (7-6) 

According to standard beam theory the flexural deformation at the ith floor is: 

dhdh
IE

hMiH

wt

w
f ∫ ∫=Δ

0

)(
 (7-7) 

Where: wt IE  is the flexural stiffness of the wall. 
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And the shear deformation is: 

dh
GA

hViH

sw

w
s ∫=Δ

0

)(
 (7-8) 

Where: wV  is the shear forces applied to the wall; 
 swGA  is the shear stiffness of the wall. 
 

The flexural deformation of the wall element is partially dependent on the proportion of 

moment provided by the coupling elements; CEβ . As CEβ  increases the point of 

contraflexure moves down the wall (see Figure 7.5), reducing the deformation at the top 

of the wall. However, a realistic lower and upper bound for CEβ  is 0 and 0.5 

respectively. If CEβ  is greater than 0.5, the wall system will not re-center and therefore, 

is not considered to be a feasible design solution. Within this range, the contraflexure 

point is a minimum of approximately 60% of the total height, Hn. Therefore it is 

reasonable, and conservative, to approximate the flexural deformation by using a linear 

moment distribution from the base to the effective height, He, as shown in Figure 7.5. 

The effective height is defined during the seismic lateral force design (see Chapter 9) 

and is generally 70% of the total wall height. Furthermore, because the displacement 

profile of the wall is generally linear (see Chapter 9), the rotation of the base of the wall 

due to flexural deformation can be approximated as the displacement at the effective 

height divided by the effective height. Therefore: 

( )
wt

eb
CE

e

f
f IE

HV
H 6

1
2

βθ −=
Δ

=  (7-9) 

The shear deformation at the effective height is simply a sum of the shear deformation 

at each story below. Therefore, an average shear force between the base and the 

effective height can be assumed. For a linear displacement profile the average wall 

shear is approximately 85% of the base shear. Again it is assumed that the displacement 

profile is effectively linear.  
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Therefore: 

sw

b

e

s
s GA

VC
H 2

2=
Δ

=θ  (7-10) 

Where: 85.02 ≈C  is a correction factor that accounts for the interstorey shear force 
distribution up the height of the wall. 

 

A sensitivity study is performed in Chapter 9, which demonstrates that all displacement 

components (flexural, shear and connection) should be considered for most wall 

geometries. Furthermore, for most cases the deformation profile and therefore the first 

mode applied force distribution of the walls is approximately linear. This allows the 

deformation to be determined at the effective height of the wall system and readily 

implemented into the seismic lateral force design procedure (see Chapter 9). The 

accuracy of Equations 7-9 and 7-10 is verified in Chapter 11.  

7.4. WALL-BASE CONNECTION RESPONSE 

The strength demand for the walls is defined during the lateral force design (see 

Chapter 9), which can be used to define the member deformations. The connection must 

be designed to achieve the required moment demand. Furthermore, to achieve the 

design drift limitations for the wall system, the moment demand must be satisfied 

within the allowable connection rotation. Hence, the allowable imposed connection at 

the base of the walls, θimp, is simply: 

( )fsDimp θθθθ +−≤  (7-11) 

As introduced, defining the moment provided by the base connections is not straight 

forward because strain compatibility (or Bernoulli’s hypothesis) does not apply. While 

the Monolithic Beam Analogy (see section 7.2.2) has been shown to be appropriate for 

precast concrete (Marriott, 2009) and steel (Christopoulos et al., 2002), a more robust 

approach for timber is suggested here. 
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7.4.1. Relating the neutral axis and imposed rotation for elastic response 

Within this section, a relationship between the neutral axis depth and the imposed 

connection rotation (termed the θimp-c relationship) is proposed for elastic post-

tensioned wall-base connections. The θimp-c relationship is compared with the results of 

finite element analysis, which are described in Appendix E.  

Based on experimental evidence (Newcombe, 2008), the surface displacement varies 

linearly within the neutral axis depth. If it is assumed that the wall foundation is 

effectively rigid the displacement profile can be written as: 

( ) cyyy imp →== 0θδ  (7-12) 

Where: y is the distance from the neutral axis depth within the neutral axis. 
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Figure 7.10. Equilibrium condition and displacement profile for a rocking wall-base connection 
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If it is assumed that the axial stiffness of the timber is constant with y (as indicated by 

finite element analysis in Appendix E), then the stress in the timber, ft, can be defined 

as: 

( ) cyy
L
E

yf
e

paraimp
t →== 0

θ
 (7-13) 

Where: eL  is the effective length of an equivalent Winkler spring. 
 paraE  is parallel-to-grain elastic modulus (usually equal to Et). 
 

The compression applied by the timber, Ct, must be in equilibrium with the applied 

axial force from the post-tensioning, Tpt, the gravity induced axial loads, NG, and the 

shear from the coupling elements, VCE. Hence: 

( ) 2

0 2
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dyyfbNC
e

wparaimp
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=== ∫∑

∞

 (7-14) 

Where: CEGpt VNTN ±+=∑  
 

The force applied by the post-tensioning depends on the neutral axis depth. Therefore, 

iteration of the above force-equilibrium equation may be required to determine the 

neutral axis depth. Similarly, iteration is also required if additional reinforcement is 

present or inelasticity occurs in the connection (see section 6.4.5). Rearranging the 

above expression in terms of the neutral axis depth: 

5.0
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e
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 (7-15) 

While for frames it was reasonable to relate the effective length, Le, to the depth of the 

column (see Chapter 6), there is no obvious physical parameter that will define the 

effective length for walls. Analysing several finite element models (FEM), it was 

determined, that the apparent effective length is not constant and varies with geometry, 
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the neutral axis depth, and to a lesser extent the orthotropic properties of the timber (see 

Appendix E). The parameter that caused the most significant variation in the effective 

length was the ratio of the wall length and neutral axis depth (lw/c). As shown in Figure 

7.11, as the lw/c ratio increases the stresses at the toe of the wall become more disturbed 

(and less Bernoulli), which tends to reduce the axial stiffness and increase the effective 

length. In Figure 7.11, red corresponds to the peak compressive stress and dark blue is 

zero stress.  

a) 
 

b) 
Figure 7.11. Longitudinal stresses at the toe of the wall: a) c/lw = 0.75 b) c/ lw = 0.41 

 

Based on results of FEM an empirical relationship is proposed to define the effective 

length for walls: 

)(165 mm
c
l

L w
e ⎟

⎠

⎞
⎜
⎝

⎛ −=  (7-16) 

Because both the effective length and the imposed rotation depend on the neutral axis 

depth, iteration is required to determine the neutral axis depth. The predicted neutral 

axis depth from Equations 7-15 and 7-16 is compared with the FEM results (from 

Appendix E), for a given imposed rotation in Figure 7.12. The predicted neutral axis 

depth is in good agreement with the FEM results.  

Zero Stress 

Peak Stress 
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The most significant discrepancies occur with numerical models that vary the elastic 

shear modulus. Furthermore, removing shear deformation from the FEM model 

improved the accuracy of the predicted neutral axis depth. This is due to inaccuracies in 

determining shear deformation for the wall using standard beam theory, which was 

applied to when calculating the resultant connection rotation (see Appendix E).  
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Figure 7.12. Correlation between the predicted and FEM neutral axis depth 

 

7.4.2. Timber stresses 

Once the neutral axis depth is know the peak stress in the timber can be determined. 

From finite element analysis (see Appendix E), it was determined that the applied stress 

distribution for the wall-base connections is essentially linear. Hence: 

ct
N

f
w

c
∑=

2
 (7-17) 

Notably, this assumes that the foundation at the base of the wall is effectively rigid.   
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7.4.3. Tendon forces 

The tendon forces for post-tensioned timber walls are determined in a similar manner to 

frames (see Chapter 6), except there generally is only one gap opening at the base of the 

wall. The displacement of each tendon, Δpt,i, is: 

( ) 0,, ≥−=Δ cy iptimpipt θ  (7-18) 

Where: ipty ,  is the distance from the extreme compression fibre to the ith tendon. 
Therefore, the strain in the tendon is: 

ub

ipt
ipt l

,
,

Δ
=δε  (7-19) 

Where: ubl  is the unbonded length of the tendons. 
 

To ensure the tendons remain elastic, the maximum stress in the tendon, fpt, under the 

maximum credible loading should not exceed 90% of yield, as described below: 

( ) ptyiptiptptpt fEf ,,, 9.0≤+= δεε  (7-20) 

Where: ptiptiptiipt EAT ,,, =ε  is the strain of the ith tendon from the initial tendon force; 
 iptiT ,  is initial post-tensioning force of the ith tendon; 
 iptA ,  is the cross sectional area of the ith tendon; 
 ptE  is the elastic modulus of the tendons; 
 ptyf ,  is the yield stress of the tendon. 
 

The total tendon force, Tpt, is the sum of the individual tendons forces, Tpt,i: 
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As for frames, the tendon force should be limited to provide a maximum timber stress 

of 40% of the compressive strength of the timber (Davies and Fragiacomo, 2008) under 
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service conditions. However, due to the high parallel-to-grain compressive strength of 

LVL, this is not a significant limitation. Also, out-of-plane buckling of the wall 

elements must be avoided. NZS3603 (1999) provides sufficient guidelines to calculate 

the nominal axial capacity of the wall element including the potential for out-of-plane 

buckling. The axial capacity must be larger than the peak axial forces applied by the 

tendons, gravity load and shear from couplers.  

7.4.4. Additional wall-base reinforcement 

In some situations it may be desirable to use additional axial reinforcement, rather than 

UFP couplers, at the wall-base connections to enhance the strength and energy 

dissipation capability of the system. Furthermore, in areas where near-field earthquake 

events may occur, viscous dampers or a combination of viscous and hysteretic dampers 

may be desirable (Tanahashi et al., 2008; Marriott, 2009; NZCS, 2010).  

For axial reinforcement, designed to yield in tension and compression, the forces in the 

reinforcement can be determined using theory that is outlined in Chapter 6 for frames. 

Some key considerations for wall systems are given here. Firstly, the additional 

reinforcement alters the force equilibrium condition within the connection: 

( ) 2

0 2
c

L
tE

dyyfbCTNC
e

wparaimp
c

tbsst

θ
==++= ∫∑  (7-22) 

Where: sT  and sC  is the tension and compression force from the additional 
reinforcement respectively.  

 

The elongation of a layer of reinforcement, Δs,i, can be determined by geometry: 

)( ,, cy isimpir −=Δ θ  (7-23) 

Where: isy ,  is the distance from the extreme compression fibre to the ith layer of 
reinforcement. 
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The strain in the reinforcement is: 

ub

air
is l '

2,
,

Δ−Δ
=ε  (7-24) 

Where: ubl '  is the unbonded (or fuse) length over which strain will occur; 
 aΔ  is the deformation of the reinforcement anchorages.  
For internally epoxied bars Newcombe et al (2008a) suggests that the anchorage 

deformation of internally epoxied reinforcing bar in parallel-to-grain timber is:   

yspa l ε=Δ  (7-25) 

Where: bysp dfl 024.0=  is the strain penetration length for parallel-to-grain timber; 
 yε  is the yield strain of the reinforcement; 
 yf  is the yield stress of the reinforcement in MPa; 
 bd  is the diameter of the reinforcing in mm.  
 

If the base reinforcement is cast into the concrete footing, the strain penetration within 

the concrete should also be taken into account (NZS3101, 2006a). Combining the strain 

penetration length within the parallel-to-grain timber and the concrete footing gives the 

following expression. 

bysp dfl 046.0=  (7-26) 

For external reinforcement the anchorage deformation must be quantified for the 

specific connection details. If multi-screw or nail connections are used, a conservative 

upper bound anchorage deformation of 1mm per anchorage can be applied to the nail or 

screw group based on NZS 3603 (1999).  

For wall-base connections, careful consideration of strain within the steel elements is 

required to avoid steel fracture due to low cycle fatigue. This is because the elongation 

of the reinforcement is higher when compared to frames. Therefore, a significant 

unbonded length is required to ensure the peak strain does not exceed 5%, as suggested 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

222  

by Marriott (2009). Furthermore, adequate compression buckling restraint must be 

provided.  

Newcombe et al (2008a) suggests that a bi-linear relationship is appropriate for design: 

( ) yisyissy

yisssis
is rEf

AE
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εεεε
εεε

>−+
≤

=
,,

,,
,  (7-27) 

Where: sT  is the tension force provided by a layer of reinforcement; 
 sE  is the elastic modulus of the steel; 
 r  is the post-yield stiffness ratio; 
 

Again if Ts,i is less than zero, it can be written as Cs,i. For description of more complex 

steel stress-strain models, refer to Chapter 6.  

7.4.5. Relating the neutral axis and imposed rotation for inelastic response 

Within the wall-base connections, it is possible that the compressive strength of the 

timber is exceeded. If this occurs, the inelasticity of the timber must be modeled to 

accurately predict the connection response. It is proposed that the displacement profile 

at the base of the wall and effective length for inelastic response is similar to elastic 

response. However, because the stress within the timber is limited (by the compressive 

stress-strain law), the neutral axis depth must increase to balance the applied force from 

the post-tensioning, gravity loading and coupler shear. Therefore, the strain at the 

extreme fiber is: 

e

imp
c L

cθ
ε =  (7-28) 

As introduced, a bi-linear or Popovics stress-strain law is appropriate for compression 

applied to parallel-to-grain timber. Here an elasto-perfectly-plastic (EPP) stress-strain 

law is shown, which simplifies the connection analysis. The EPP applied stress 

distribution at the base of the wall, ft, is defined below. 
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Where: 
para

ty
ty E

f ,
, =ε  is yield strain of the timber; 

 tyf ,  is yield stress of the timber. 
 

The applied stresses within the neutral axis depth are integrated, giving the compression 

within the timber: 

( )∫=
c

tbt dyyfbC
0

 (7-30) 

The compression applied by the timber is compared with the force applied by the 

tendons, gravity load and additional reinforcement (if present). The neutral axis depth is 

altered until the force equilibrium is satisfied. For serviceability limit state design, it is 

suggested that the timber should remain elastic to avoid loss of strength and stiffness of 

the building. For ultimate limit stage, the strain in the timber should be limited to avoid 

excessive crushing of the timber, which would require repair. It is tentatively suggested, 

based on experimental results in Appendix C, that the timber strain should be limit to 

two times the yield strain. Furthermore, if a bi-linear stress-strain law is applied, the 

predicted response will become less accurate as the inelasticity of the timber increases 

(see Figure 7.7). Hence:  

tyc ,2εε ≤  (7-31) 

7.4.6. Connection moment 

The nominal connection moment, Mn, is calculated by taking moments from the 

compression centroid of the applied stress distribution, cc, to the position of the tendons 

and the centre of action of the gravity and coupler induced axial forces. Depending on 
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which wall is being analyzed the shear from the couplers, VCE, may be positive or 

negative. Hence: 

( ) ( ) ⎟
⎠
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Where: ipty ,  is the distance to the ith tendon. 
 

With two layers of additional reinforcement the connection moment is: 
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 (7-33) 

Where: isy ,  is the distance to the ith row of additional reinforcement. 
 
For elastic response, the centroid of the applied stress distribution is approximately one-

third the height of the neutral axis. If the timber is inelastic, the compression centroid 

can be evaluated by numerical integration, as shown below. 
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ydyyfb
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∫
= 0  (7-34) 

To ensure that the wall system has full re-centering capability, the ratio of the re-

centering moment, from the post-tensioning and axial load, and the dissipative 

reinforcement, λ, must be greater than unity. For coupled wall systems the dissipative 

moment contribution usually comes from coupling elements. Therefore, the re-

centering capability of coupled walls is determined by considering the complete 

structural system, rather than just the wall-base connection response. Further detail is 

provided in Chapter 9. Also, if the coupled wall system has both coupling elements and 

additional wall-base reinforcement, the respective moment contributions must be added. 

However, if the wall system is not coupled but has additional wall-base reinforcement, 
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the re-centering capability of the wall system can be evaluated during the connection 

modeling process, as shown below. 

0αλ ≥
+

=
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M
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 (7-35) 

Where: 0α  is the limit on the re-centering ratio; 
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As noted in Chapter 2, Newcombe et al (2008a) suggests a minimum re-centering ratio 

of 1.15 evaluated at the yield displacement of the connection, while current design 

provisions for precast concrete (NZCS, 2010) recommend a minimum re-centering ratio 

of 1.5 evaluated at the design displacement of the wall.  

7.4.7. Prediction procedure 

For walls, an iterative approach is required to determine the neutral axis depth, and 

evaluate the connection moment. This is because, unlike frames, the tendon forces vary 

significantly with connection rotations. Furthermore, it is likely that additional 

reinforcement will be used in a wall system, which alters the equilibrium condition at 

the base of wall. 

As for frames, the connection modelling procedure for walls is only appropriate after 

the decompression point of the connection. The decompression rotation, θimp,dec, can be 

defined as: 

2,

2

wwpara

e
decimp ltE

LN∑=θ  (7-36) 

A linear projection is suggested between the origin (zero moment and rotation) and the 

decompression rotation and moment.  
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Before predicting the connection response, the wall geometry and the allowable 

connection rotation must be estimated, based on design actions from lateral and gravity 

loading. The wall geometry will often be established based on deflection limitations 

and/or optimal dimensions for timber fabrication. Furthermore, an initial level of post-

tensioning must be made, which avoids excessive creep deformation and out-of-plane 

buckling of the wall element.  

For coupled wall systems, there will be significantly different axial forces in each wall 

element. While the axial forces due to couplers increases and decreases the base 

moment for each respective wall, the sum of the base moments will be relatively 

unaffected. Hence, for connection design it is suggested (NZCS, 2010) that the coupler 

induced axial forces are initially ignored and the wall-base connections are designed for 

the average moment demand, Mwall,avg:  

2
,

,
BCE

avgwall

MOTM
M

−
=  (7-37) 

The steps required to determine the connection moment for a given imposed rotation 

are similar to Approach 2 for frames (see Chapter 6). Again, the steps are described 

below and illustrated in Figure 7.13.     

1. Guess neutral axis depth 

A good initial estimate of the neutral axis depth can be made with Equation 7-

15. The effective length can be determined from Equation 7-16, by assuming the 

neutral axis depth 20% the length of the wall.  

2. Calculate the timber strain  

The peak timber strain at the base of the wall is determined using Equation 7-28.  
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3. Determine the forces in the connection 

The force in the timber, post-tensioning and additional reinforcement (if 

present) must be determined, according to Equations 7-30, 7-21 and 7-27 

respectively. The force applied by the timber depends on the assumed neutral 

axis depth and the calculated strain in the timber. The strain in the timber is 

beyond the inelastic limit a timber stress-strain relationship should be 

considered. In Figure 7.13, a bi-linear stress-strain law is assumed. 

4. Apply force equilibrium 

According to force equilibrium conditions, shown in Equation 7-14 and 7-22, 

the compression force from the timber is compared with the sum of the forces in 

the post-tensioning and, if present, the additional reinforcement. If equilibrium 

within the connection is not satisfied, the neutral axis depth is revised and steps 

1 to 4 are repeated.  

5. Check stresses and strains 

The maximums stress in the post-tensioning tendons is checked to ensure that 

they are within 90% of the elastic limit. The timber strain should also be limited 

to double the yield strain, to avoid excessive crushing. If additional mild steel 

reinforcement is present, the strain should be less than 5%.  

6. Evaluate the connection moment 

The connection moment is evaluated using either Equation 7-32 or 7-33. If the 

timber is in the inelastic range, the compression centroid must be determined 

(see Equation 7-34). If the wall system is not coupled, but has additional 

reinforcement the re-centering ratio is calculated (see Equation 7-35).  
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7. Re-check stresses and strains 

The maximums stress in the post-tensioning tendons and timber should be re-

checked considering the axial forces induced by the coupling elements. Hence, 

Steps 1 to 5 must be repeated.  

 
Figure 7.13. Connection response procedure  

 

7.4.8. Verification of the prediction procedure 

The accuracy of the prediction procedure has been evaluated by comparing data from 

both complex finite element models and experimental data from Iqbal et al (2007) and 

Smith et al (2007) (see Appendix E). In section 6.4.1, it was shown that the prediction 

procedure accurately models the neutral axis depth for a given connection rotation, 

connection moment and post-tensioning force of an elastic finite element model.   
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Similar to frames, reduced-scale subassembly tests are considered to verify the accuracy 

of the prediction procedure. The experimental data for a two-thirds scale subassembly 

test (described in Appendix E) is compared with predictions in Figure 7.14.  

Considering the experimental-analytical comparison (shown here and in Appendix E), 

the analytical predictions match well with experimental data. However, further 

verification of the procedure is necessary. The peak strain in the timber is an order of 

magnitude higher than that predicted by the Monolithic Beam Analogy, as proposed by 

Newcombe et al (2008a), for a given connection rotation. Due to the high parallel-to-

grain compressive strength and (relatively) low elastic modulus of laminated veneer 

lumber, the timber at the base of the wall remains within the elastic range.  
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Figure 7.14. Experimental – analytical comparison for Subassembly 1: a) Connection moment b) 

Tendon forces c) Neutral axis depth d) Neutral axis depth at 2.5% drift 
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7.5. WALL DESIGN PROCEDURE 

In this section a proposed design procedure for uncoupled and coupled post-tensioned 

timber walls is provided. The procedure is then applied to a case study wall system, to 

highlight sensitivities of the procedure. The design procedure, which is analogous to 

that for frames, is described in Figure 6.32 and summarized below:   

1. Perform the lateral force design 

The lateral force design is performed considering a design lateral displacement 

or drift limitation, θD, according to a specific design limit state or performance 

level. The lateral forces are distributed up the wall system, giving the interstorey 

shear and moment demand at each level. For coupled wall systems the ratio of 

the overturning moment provided by the coupling elements, βCE, must decided. 

This enables the computation of the yield displacement of the system. Refer to 

Chapter 9 for further detail.  

2. Estimate the wall geometry 

The wall geometry is often chosen to match with standard widths of engineered 

wood product and architectural requirements. 

3. Evaluate the member deformation 

Once the shear and moment demands on walls are determined, the member sizes 

can be calculated. For coupled walls, the effects of axial load variation from the 

coupling elements can be ignored and it can be assumed that each wall takes 

equal moment and shear when determining the elastic deformation of the wall 

elements.  
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4. Determine the allowable connection rotation 

The allowable imposed connection rotation is determined using Equation 7-11. 

The wall size should be chosen so that a significant portion (over 50%) of the 

total drift, θD, is provided by connection deformation, θcon. This ensures that 

sufficient connection moment capacity can be achieved and any additional 

reinforcement may activate, providing ductility and hysteretic damping to the 

system. If the estimated wall geometry is too flexible, resulting in little 

allowable connection rotation, the designer must increase the section size of the 

wall (and return to Step 2).   

5. Evaluate the connection moment capacity 

The connection moment, for the imposed rotation, is determined using 

connection modelling procedure from section 7.4.7. 

6. Check the moment capacity versus demand 

The nominal moment capacity is compared with moment demand from the 

lateral force design. A strength reduction of 0.85 is tentatively proposed, based 

on post-tensioned precast concrete design (NZS3101, 2006b).  

If the connection moment capacity is not greater than the demand, the force 

applied by the post-tensioning is increased (and the designer returns to Step 5). 

For Hybrid systems, the strength of the additional reinforcement can also be 

increased, provided that ability of the system to re-centering is maintained. 

7. Detailed design  

The flexural and shear capacity of the wall should be checked for ultimate limit 

state loading, including overstrength and dynamic amplification factors (see 

Chapter 11). A shear key should be provided at the base of the walls, to prevent 

lateral or rocking-induced movements. For coupled walls, the peak moment and 
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shear demand should be calculated for the wall with maximum compression, 

which includes the coupler-induced compressive axial forces. 

 
Figure 7.15. Proposed wall design procedure 

 

The above procedure is applied to a case study three storey cantilever and coupled wall 

system (see Wall 1 and 1c from Chapter 11), and the results are illustrated in Figure 

7.16 and Figure 7.17 respectively. In terms of deformation the only difference between 

the cantilever and coupled wall systems is the proportion of flexural and shear 

deformation. For a given section size, the proportion of flexural deformation of the 

coupled wall system is reduced by coupling action, resulting in a larger proportion of 

shear deformation. However, by comparing Figure 7.16 and Figure 7.17 it is apparent 
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that the flexural deformation of the coupled wall system is more significant. This is 

because the efficiency of the structural system allows a more slender wall element to be 

used. For ultimate limit state design (at say 2% drift), the elastic deformation of the 

walls is between 20 to 30%. For serviceability limit state (say 1% drift), the elastic 

deformation of the walls is between 40 to 60%. Hence, elastic deformation is 

significant, and neither shear nor flexural deformation can be ignored.  
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Figure 7.16. Case study cantilever wall response: a) Connection moment vs. drift contribution b) 
a) Connection moment vs. summed drift contributions c) Percentage contribution to total drift 

vs. drift d) Drift contribution vs. total drift 
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Figure 7.17. Case study coupled wall response: a) Connection moment vs. drift contribution b) a) 
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7.6. NUMERICAL MODELLING OF THE WALL SYSTEM 

The wall systems can be modelled using simple finite elements, for inelastic time-

history analysis (ITHA). The deformation of the wall element can be captured using 

elastic one component Giberson frame elements. The rocking wall-base connection 

(and splice connections) can be modelled using lumped multi-axial-spring models, as 

used for precast concrete (Palermo et al., 2005b; Pampanin, 2005; Marriott, 2009; 

Pennucci et al., 2009) and illustrated in Figure 7.18. In some cases, additional lumped 

spring models are used in parallel to represent additional connection reinforcement.  

 
Figure 7.18. Finite element model for to a cantilever wall 

 

7.6.1. Modelling the wall-base connections  

In Chapter 6, it was shown that there is little difference between a rotational spring (RS) 

and a multi-axial-spring (MS) model for modelling the beam-column connections in 

frames. However, for walls this is unlikely to be the case. Wall coupling may result in 

significant axial load variations, which can not easily be accounted for in the RS model. 

Merely the coupling provided by the floor system can result in significant variations in 

strength, as shown in Chapter 5 for the test building. The influence of floor system on 

the lateral strength of the building may be strongly dependent on the vertical uplift of 

the wall that occurs during lateral loading. This can only be accounted for using a MS 

model. Therefore, a RS model is not recommended for modelling PT walls.  
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While the MS model can capture wall uplift and moment-axial interactions, it is 

difficult to calibrate. The multi-axial-spring model available in RUAUMOKO (Carr, 

2008) assumes the axial springs have a constant stiffness. Yet, it was shown in section 

6.4.1 that the axial stiffness of the connection changes as the neutral axis depth changes. 

Hence, using a constant axial stiffness will never accurately describe the complete 

moment-rotation response of a wall-base connection. However, for most designs the 

neutral axis depth reaches an asymptote between 10 to 20% of the wall length. The 

axial stiffness of the MS model, KA, can be computed based on the axial stiffness of the 

analytical model, along this asymptote. Hence: 

e

wpara
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K =  (7-38) 

Where: wA  is the cross-sectional area of the wall; 
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As an example, the axial stiffness of a MS element is computed for a case study 3-

storey cantilever wall (see Chapter 11 for further detail). The predicted response of the 

wall-base connection, from the analytical model (from section 7.4.7) is shown in Figure 

7.19. At the design drift of 2%, the connection rotation is 0.0162 rad and the neutral 

axis depth is 11% of the length of the wall. This gives an effective length of 495mm 

according to Equation 7-16. Using Equation 7-38, the axial stiffness of the MS element 

is 9.16×106 kN/m.  

The connection moment, neutral axis depth, post-tensioning force and centreline uplift 

from the MS model is compared with the analytical predictions in Figure 7.19. There is 

good agreement between the analytical and MS models around the design rotation of 

the connection (1 to 2.5% rotation). The MS model slightly under-represents the 

connection moment at small rotations (less than 1%). This is because the MS model 

cannot account for the increase in axial stiffness when the neutral axis depth is large, 
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which is captured in the analytical model. Hence, in its current form the MS model is 

sufficiently accurate and conservative to use for time-history analysis. A topic of future 

research could be to introduce a variable stiffness multi-axial-spring.  

The MS model in RUAUMOKO can also be used to capture the inelastic deformation 

of the wall elements, if it occurs. The yield axial force, Fy, for the MS element, which is 

input into RUAUMOKO is simply: 

wyty AfF ,=  (7-39) 
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Figure 7.19. Analytical – Numerical comparison for Wall 1 (see Chapter 11): a) Connection 
moment b) Tendon forces c) Neutral axis depth d) Uplift at wall centreline 
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Axial springs are also required to model the post-tensioning tendons. For multiple 

tendons, a linear compound spring element (from RUAUMOKO) is used, between the 

nodal points which correspond to the anchorage locations. The initial post-tensioning 

force is applied as a point load at the same nodes. The initial compressive deformation 

of the MS element results in compressive forces in the post-tensioning spring element. 

To account for this the initial post-tensioning force is adjusted to give the correct net 

axial force in the MS element. The axial stiffness of the springs used to represent the 

post-tensioning tendons is: 

ub

ptpt
A l

AE
K =  (7-40) 

7.6.2. Modelling coupling elements 

For the coupled wall systems, a uni-axial spring can be used to represent coupling 

elements between each wall, as shown in Figure 7.20. Rigid links are used to connect 

the coupler spring to the wall elements. If the coupling elements are U-shaped flexural 

plates, their hysteresis can be described using Bi-linear Elatstic-Perfectly-Plastic (EPP), 

Ramberg-Osgood or Dodd-Restrepo hysteresis rule from RUAUMOKO (Carr, 2008). 

Depending on anchorage details for the UFP couplers, it may be necessary to model slip 

or reduce the initial stiffness of the UFP springs to account for anchorage deformation.  

 
Figure 7.20. Finite element model for a coupled wall 
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For a EPP hysteresis, the ultimate axial force, Fu,ufp, was defined by Kelly et al (1972) 

as: 

R
MF u

ufpu =,  (7-41) 

Where: SfM uu =  is the plastic moment of the plate; 

 
4

2
pptb

S =  is the plastic section modulus of the plate; 

 uf  is the ultimate stress of the steel; 
 R  is the radius of the bend (to the centreline); 
 pb  is the width of the plate; 
 pt  is the thickness of the plate. 
 

7.6.3. Modelling the influence of the floor 

Unlike frames, wall systems do not tend to elongate laterally under seismic loading. 

Hence, in-plane restraint provided by the floor diaphragm should not significantly affect 

the strength of the wall system. Therefore it is reasonable that the diaphragm is assumed 

to be effectively rigid in-plane. 

However, it was shown in Chapter 5 that coupling of the wall and floor system 

significantly increases the lateral strength of a building. Presuming that the contribution 

of the floor could be quantified, it could easily be modeled using rotational springs, as 

shown in Figure 7.21. One end of the rotational spring is connected to the wall element, 

while the other is fixed in terms of rotation. To determine the total overturning moment 

of the building, the moment at the base of the walls and the moment in each of the 

rotational floor springs must be added. Furthermore, it is possible that vertical uplift of 

the wall will result in increased axial forces within the wall element, which will increase 

the connection moment at the base of the walls. Again, assuming this effect could be 

quantified, it could be modeled using axial springs (see Figure 7.21). 
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Potentially, the stiffness of the rotational and vertical-axial springs could be calculated 

by idealizing the floor plate as an equivalent beam. This would require the specification 

of an effective contributing floor width. Expected wall deformations could be applied to 

this beam to determine its equivalent rotational and vertical stiffness.   

 
Figure 7.21. Finite element model for cantilever wall including the interaction of the floor system 
 

7.7. VERIFICATION OF THE NUMERICAL MODELS 

To verify the accuracy of the modelling approaches, introduced in the previous section, 

a model for the wall (and floor) system is created for the test building (see Chapter 4 

and 5) and compared with experimental data. 

7.7.1. Spring model calibration 

The wall-base connection response was predicted using analytical procedures (see 

section 7.4.7), which was then emulated using a MS model, following the procedure 

described in section 7.6.1. Hence, the axial stiffness and yield strength of the multi-

axial-spring was is 2.83×106 kN/m and 3950kN respectively. The axial stiffness of the 

spring corresponds to an effective length of 416mm. The post-tensioning was 

represented using a compound spring element with five springs, one for each post-

tensioning tendon. The axial stiffness of each tendon-spring was 5.7×103 kN/m. The 
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analytical prediction is compared with the MS model in Figure 7.22. As discussed in 

Chapter 5, it is difficult to accurately interpret the moment-rotation response from the 

experimental response. Hence, the analytical predictions of the connection response 

have herein not been compared with experimental data.  
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Figure 7.22. Analytical prediction and Fitted MS model  

 

The U-shaped flexural plate (UFP) couplers were used in some tests. The force 

displacement response of the UFP couplers was modelled using an axial spring with a 

bi-linear elastic-perfectly-plastic (EPP) hysteresis rule. The ultimate strength of each 

UFPs was determined by assuming an ultimate stress of 460MPa, which gave an 

ultimate strength per double UFP of 59kN. Four double UFP couplers were positioned 

up the height of the walls.   

7.7.2. Results of the numerical modelling 

The over turning moment (OTM) from the model is compared to the experimental 

results for Test 5 and 6 (from Stage 2). Test 5 and 6 do not include edge-beam supports, 

which contributed approximately 8% OTM to the wall system (see Chapter 5). Test 6 

has post-tensioned walls, while Test 5 has both post-tensioned walls and UFP couplers.  
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The OTM moment from the experimental data is computed by multiplying the lateral 

force applied by the ram by the height of the ram. To enable direct comparison between 

the experimental data and numerical results, the recorded lateral displacements at each 

floor are applied to the numerical model. However, subtle differences arise when 

computing the OTM from the numerical model. The lateral displacements from the 

experimental data include the interactive effects of the floor system and the out-of-plane 

frames, as illustrated by the qualitative shear force and bending moment diagram in 

Figure 7.23 (see Chapter 5). The lateral response of the walls alone, would not give the 

displacements obtained during the experimental testing. As a result, the OTM computed 

by multiplying the base shear (from the numerical model) by the height of the ram is 

significantly higher than the sum of the wall-base moments.  

 
a) 

 
b) 

Figure 7.23. Interaction of the floor system, PT only wall system and out-of-plane frames:  
a) Shear force diagram b) Bending moment diagram 

 

Considering Test 6, the sum of the wall-base moments from the numerical model are 

significantly less than the OTM from the experimental data, as shown in Figure 7.24a. 

This is due to the interaction of the floor, frame and wall system, as described above 

(and in Chapter 5). The initial stiffness of the numerical model is higher than the 

experimental results. This may be due to slip deformation at the base of the wall (see 

Appendix C). Furthermore, during experimental testing the lateral forces were applied 

to the floor diaphragm until a target displacement was achieved at the corner columns. 

It is possible that there was differential movement between the walls and the out-of-
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plane frames, due to deformation in the diaphragm. The model captures small amounts 

of inelastic deformation at the base of the walls, which was also observed after 

experimental testing (see Appendix C). The post-tensioning forces from the numerical 

model match relatively well with experimental data (see Figure 7.24b).  
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Figure 7.24. Numerical versus experimental results for Test 6 a) OTM versus drift b) Forces in 

tendons 1 and 5  
 

As discussed in Chapter 5, the influence of the floor diaphragm on the lateral response 

appears to be significant. An attempt is made to model the influence of the floor using 

the rotational springs, as discussed in section 7.6.3. Each rotational spring uses a linear 

elastic moment-rotation relationship (with a rotational stiffness of 3388 kN/rad). 

Potentially, the stiffness of the rotational spring should increase, as the displacement 

incompatibility between the wall and floor system increases. Further research is 

required to determine appropriate models to capture the interaction of the floor system.  

Comparing the sum of the wall-base moments and the floor spring moments from the 

numerical model and the experimental data gives better agreement, as illustrated in 

Figure 7.25. Still, the initial stiffness is overstated by the numerical model. Again, this 

could simply be due to slip of the wall base or diaphragm connections. The post-

tensioning force is similar to that shown in Figure 7.24b. 
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Figure 7.25. OTM for numerical model with floor interaction versus experimental data for Test 6 
  

For Test 5, the rotation springs for modelling influence of the floor system are 

maintained. Axial springs are added to model the response of UFP couplers between the 

walls. In the model the UFP couplers are lumped together at the mid-height of each 

floor (giving two double-UFP per floor). Due to deformation of the UFP and UFP 

anchorage (see Appendix C), it is assumed that the UFP couplers begin to yield at 5mm 

of axial deformation, which equates to approximately 0.6% drift. The moment 

contribution due to UFP couplers is determined by multiplying half of the differential 

axial force in each wall by the distance from the center compression at the base of each 

wall, as described by Equation 7-5. Similar to Test 6, the peak response at 2% drift is 

relatively accurate, but the initial stiffness of the numerical model is higher, as shown in 

Figure 7.26. The hysteretic area at 2% drift is similar for the numerical and 

experimental results, indicating the UFP couplers have been modeled accurately. The 

yield drift for the wall system occurred at approximately 0.95%. Shear deformation 

contributed 0.33% drift to the yield rotation (see Chapter 9).  

In section 7.5, it was suggested that the axial force from the couplers can be ignored 

when computing sum of the wall-based moments for design. The appropriateness of this 

assumption can be verified by comparing the sum of wall-base moments from the 

numerical models for Test 5 and 6. Figure 7.27 shows that the coupler induced axial 
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forces have little effect on the summed wall-base moments, which indicates the 

proposed design assumption is appropriate. However, the increased compressive axial 

forces in the walls due to coupling increases crushing at the base of the walls, resulting 

in a slight reduction in total wall-base moment after multiple cycles.    
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b) 

Figure 7.26. Numerical versus experimental results for Test 5 a) OTM versus drift b) Forces in 
tendons 1 and 5  
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Figure 7.27. Sum of wall-base moments for coupled (Test 5) and uncoupled (Test 6) walls from 

the numerical model 
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Key points of the study are given below: 

• The OTM from the numerical model is significantly less than that from 

experimental results. This is because the numerical model did not capture the 

complex interactions of the wall, floor and frame systems.  

• A simple calibrated rotational spring model was proposed, which aims to take 

into account the interaction of the wall system, the floor and the out-of-plane 

frame. This improved the accuracy of the numerical models, when compared 

with the experimental results.  

• The initial stiffness of the numerical model was higher than experimental data. 

Potentially, this is due to wall-base slip, which was observed during testing (see 

Appendix C). 

• The UFP couplers appeared to be modeled accurately because similar accuracy 

was achieved by the numerical models with and without couplers. The 

hysteretic area from the numerical model and experimental results was similar. 

• Finally, it was verified that the sum of the wall-base moments for coupled wall 

systems could be determined by ignoring the axial forces induced by the 

coupling elements.   

It is recognized that further research is necessary to quantify the interactive effects of 

floors, frames and gravity systems on the response of wall structures. Furthermore, the 

disparity between the modeled and actual initial stiffness of the wall system warrants 

further investigation. Potentially, further measures may be required to prevent wall-base 

slip.  
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7.8. SUMMARY 

In this chapter, analytical and numerical modelling approaches for the lateral force 

response of post-tensioned timber walls were presented, considering both cantilever and 

coupled wall systems. Key points from this chapter are as follows: 

• Simple methods were presented to estimate the elastic deformation of the timber 

wall elements. For wall systems designed to meet an allowable drift limit, the 

wall deformation can be subtracted, giving the allowable connection rotation.  

• Improvements were made to existing procedures to determine the connection 

moment at the allowable connection rotation. Both elastic and inelastic 

connection response was considered. Furthermore, it was found that the existing 

procedures can significantly under-estimate the compressive strains in the 

timber in some cases.  

• The proposed connection design procedure was verified using complex elastic 

finite element models and experimental data.  

• A simple design procedure for post-tensioned timber walls subjected to lateral 

loads was presented.   

• Numerical models for time-history analysis were considered and compared with 

experimental results from the test building, discussed in Chapter 4 and 5.      
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8. MODELLING THE FLOOR DIAPHRAGMS 

Within this chapter the in-plane response of timber-concrete composite (TCC) floor 

diaphragms are modeled using different approaches, a sensitivity analysis is performed, 

and inferences are made for adequacy of each modelling approach. This chapter builds 

on the conclusions of Chapter 3 with the objective to determine if in-plane diaphragm 

flexibility should be considered in the design of post-tensioned timber buildings and 

establish which type of structural systems, if any, could be susceptible to increased floor 

accelerations and interstorey drift demands. More detailed information can be found in 

van Beerschoten and Newcombe (2010).      

8.1. MODELLING THE FLOOR SYSTEM 

To understand the effects of in-plane floor flexibility on the seismic response of post-

tensioned timber buildings, the deformation of TCC floors must be modeled accurately. 

In this section, different numerical models are used in an attempt to characterize the in-

plane deformation of TCC floors.  

From the experimental testing shown in Chapter 3 it is already apparent that, for an 

aspect ratio of one, the flexibility of the concrete diaphragm can be effectively ignored. 

Within this section the floor aspect ratio and connection strength is varied for three 

proposed numerical models and their accuracy is compared. As discussed in Chapter 3, 

the in-plane deformation of TCC floors consists of diaphragm (flexure and shear) and 

connection deformation (see Figure 3.1). The results of the numerical analysis outline 

which floor deformation components are most significant for different floor geometries 

and how to accurately model those deformations.  
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The three numerical models were created using RUAUMOKO (Carr, 2008) (see Figure 

8.1). The first and most accurate model (MDOF) represents the floor as a multi-degree-

of-freedom system. The diaphragm connections are simulated by two springs with 

linear-elastic stiffness, Kc. The concrete diaphragm is represented by a linear beam 

element with the total mass of the floor, m, divided evenly amongst nine nodes 

(Spooner, 2008). The displacement of the floor is recorded at the central node of the 

beam/diaphragm element. The second model (SDOF 1) is a single-degree-of-freedom 

system which incorporates only the stiffness of the connections. By comparing the 

response of the MDOF and SDOF 1 models, it can be determined if the flexibility of the 

concrete diaphragm can be ignored completely. The third model (SDOF 2) was a 

single-degree-of-freedom system that incorporates both the stiffness of the diaphragm, 

Kdia, and its connections according to Equation 8-1. While this model includes the 

diaphragm stiffness, it does not allow for higher modes of vibration which are cited 

(Fleischman and Farrow, 2001) for significantly influencing the diaphragm forces. 

diac

e

KK

K
11

1

+
=  (8-1) 

 

 
Figure 8.1. Numerical models of TCC floor units (displacement in the x – direction) 
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8.1.1. Design parameters 

The key variables in this sensitivity study are the plan dimensions of the floors and the 

design peak floor acceleration (PFA), which dictates the stiffness and strength of the 

diaphragm connections.  

Five floors with different aspect ratios (λR) were considered (see Figure 8.2) and chosen 

to represent feasible extremes in span (L) and width (W) for post-tensioned timber 

buildings. The seismic mass, m, (according to NZS1170.5) is directly related to the plan 

area of the floor since it was assumed that the gravity load pressures applied to the floor 

were constant (see Table 4.1). 

 

Figure 8.2. Five floor geometries considered for sensitivity study 
 

Different seismic codes (UBC, 1997; FEMA, 2003; IBC, 2003; NZS1170.5, 2004) give 

vastly different values for the design PFA, which is related the site peak ground 

acceleration (PGA). The ratio for PFA and PGA is the floor acceleration magnification 

(FAM) factor. FEMA 2003, IBC 2003 and UBC 1997 have an upper limit of PFA, 

equal to the PGA (FAM = 1). However, this was found to be unconservative by several 

researchers (Fleischman and Farrow, 2001; Lee et al., 2007a; Rivera, 2008; Spooner, 

2008) whom imply an upper bound FAM of 3. Hence, for this investigation minimum 

and maximum FAM factors are considered of 1 and 3. Notably, the upper bound FAM 

of 3 is also used in the “Requirements for parts and components” section of NZS1170.5. 
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The PFA is multiplied by the mass of the floor to determine the required strength for the 

diaphragm connections. It is conservatively assumed that PFA does not decrease from 

the center to the edge of the floor (hence, the total mass, not an effective mass is used). 

This assumption is verified in van Beerschoten and Newcombe (2010).  

Other parameters, listed in Table 4.1, were kept constant throughout this sensitivity 

study. The combined flexural and shear stiffness of each floor, Kdia, is calculated using 

simple beam theory (refer to van Beerschoten and Newcombe, 2010) and are given in 

Table 8.2. A cracked section multiplier of 0.2 is applied to the flexural stiffness, which 

is based off the experimental testing (see Chapter 3). In reality this is an approximation 

and will depend on the reinforcement within the floor system. This is applied for all 

floor geometries as a conservative lower bound of the diaphragm stiffness. The design 

peak ground acceleration is specified under NZS1170.5 (2004) for a site in Wellington 

City, with Soil Class C and for a return period of 1/500 years. A lower bound (elastic) 

percentage of critical damping was considered; 2%.  

Table 8.1. Constant design parameters 

Parameter Symbol Units Value 

Thickness floor slab t mm 70 

Modulus of elasticity of concrete E MPa 28 

Shear modulus of concrete G MPa 11 

Flexural cracked section multiplier  - - 0.2 

Dead load of floor D KPa 2.4 

Live load on floor Q KPa 3.0 

Seismic load (G + 0.3Q) - KPa 3.3 

Design peak ground acceleration PGA g 0.70 

Elastic damping ζel % 2 

Connector yield strength fy MPa 1000 

Connector diameter d mm 10 
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Constant fastener diameter and yield strength were assumed, as shown in Table 4.1. 

Furthermore, it was assumed that the connections were timber-to-timber and aligned at 

either 45 or 90 degrees to the lateral load resisting system (LLRS). EC5 equations 

(CEN, 2001) calculated a shear strength to be 12kN per fastener (see Chapter 3). The 

required number of fasteners is determined by dividing the required strength (which is 

the product of the floor mass and peak floor acceleration) by the strength of each 

fastener.  

The numerical study attempts to encompass all feasible magnitudes of diaphragm 

connection stiffness. As noted, different floor design accelerations were considered 

(FAM = 1 and 3), but as shown in Chapter 3, the orientation of the connectors can also 

influence the connection stiffness. To determine the connection stiffness for each floor, 

dimensional similitude and the experimental results from Chapter 3 are used. Similitude 

demonstrates that the stiffness of each fastener is proportional to its diameter (van 

Beerschoten and Newcombe, 2010). The experimental results from Test 3 (see Chapter 

3) indicate that a 5mm diameter coach screw has a stiffness of 2 kN/m. Similitude gives 

4 kN/m for a 10mm diameter fastener. Experimental results from Chapter 3 indicated 

that inclined fasteners (at 45 degrees) provide approximately four times the stiffness of 

orthogonal fasteners i.e. 16 kN/m for a 10mm diameter fastener. For the numerical 

models (see Figure 8.2) the connection stiffness, Kc, is the product of the number of 

fasteners and the fastener stiffness (4 kN/m to 16 kN/m). The feasible upper and lower 

bound connection stiffness is given in Table 8.2 for each floor design (A to E).  

The dynamic response of the diaphragm connections is a function of the floor mass, mf, 

and the connection stiffness. To interpret the effect of different floor geometries, the 

natural period of the diaphragm connections, Tc, is calculated as shown in below: 

c

f
c K

m
T π2=  (8-2)  
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Table 8.2. Overview of diaphragm connection characteristics 
No. of 

Connectors  
Stiffness, Kc  

(MN/m) 
Period, Tc 

(s) Floor 
Mass, 

mf 
(tonne) 

Stiffness, 
Kdia 

(MN/m) Lower 
Limit 

Upper 
Limit 

Lower 
Limit 

Upper 
Limit 

Lower 
Limit 

Upper 
Limit 

A 36.7 2997 22 62 88 992 0.038 0.127 

B 73.4 1323 42 124 168 1984 0.038 0.130 

C 12.2 738 8 22 32 352 0.037 0.122 

D 31.8 360 20 56 80 896 0.037 0.124 

E 24.5 196 14 42 56 672 0.038 0.130 
 

8.1.2. Interpretation of results  

For each floor geometry (see Figure 8.2), seven connection periods (from 0.02s to 0.2s) 

were chosen that encompassed the upper and lower limits given in Table 8.2. For each 

floor and connection stiffness, three numerical models were created as shown in Figure 

8.1.  

Each model (105 in total), was subjected to 15 different earthquake records (see Set 1 

from Appendix F). The earthquake records were scaled based on recommendations by 

NZS1170.5 (2004) to a 2% damped design spectrum. Hence, the lognormal difference 

between the design spectrum and the records was minimized over a period range. With 

an upper bound of 3 seconds (the corner period) and a lower bound of 0.6 seconds. The 

period range was chosen to correspond with expected periods for the structural system 

(derived in the following sections), rather than the expected period range of diaphragm. 

The relative differences between each floor diaphragm model (see Figure 8.1) are the 

main focus in this section. Hence, inaccuracies in the scaling technique will not greatly 

impact on the conclusions.  

Because NZS1170.5 (2004) minimises the lognormal difference between the design 

spectrum and the earthquake spectra; on average the earthquake demands are higher 

than the spectra at a given natural period. Therefore, it is conservative to consider the 
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mean earthquake response. However, for the most accurate comparisons between the 

EQ spectra and the numerical response the lognormal median should be considered 

(Chopra and Goal, 2001). Therefore, the lognormal median and 84th percentile (median 

plus one standard deviation) peak displacement and acceleration were computed for 

each earthquake run.  

The accuracy of each model is compared by considering the median peak displacement 

(PD) and floor acceleration (PA) versus the period of the connectors, as shown in 

Figure 8.3. The ratio of the peak displacements for the MDOF model and the SDOF 

models are computed, illustrating the relative accuracy of the SDOF models. The 

feasible design period range is shown on each graph (see Table 8.2), which is a function 

of the design floor acceleration (for an FAM of between 1 and 3) and the inclination of 

the fasteners (see Figure 8.3).  

 

Figure 8.3. Presentation of results and feasible connection period for design range  
 

Variation in peak displacement and acceleration of each floor model is also compared 

for a given floor geometry. The floor acceleration is normalized by the median PGA for 

the earthquake set, giving the floor acceleration magnification factor (FAM). 

Theoretically, if the FAM exceeds the design acceleration (which ranges from FAM 1 

to 3) inelasticity will occur in the diaphragm connections. This will significantly 
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increase the deformation of the floor system, resulting in elongation of the floors natural 

period. Energy dissipated from hysteretic damping will counteract this effect to some 

degree. For this study, it is perceived that yielding of the floor system is not desirable, 

due to the limited ductility of the diaphragm connections (see Chapter 3). Therefore, to 

establish trends for the elastic response, inelasticity is not considered. 

8.1.3. Results and comparison  

Comparing the floor displacement for the MDOF and SDOF 1 models (see Figure 

8.4a), it is evident that the accuracy of the SDOF 1 model decreases as the period of the 

floor decreases. Hence, ignoring the deformation of the diaphragm becomes more 

inaccurate as the stiffness of the diaphragm connections increases. Conversely as the 

stiffness of the connections reduces, the deformation of the diaphragm becomes less 

significant. The SDOF 1 model is only accurate (within 10% over the design range) for 

Designs A and C. Notably, the results from Design C and the experimental results from 

Chapter 3, which have corresponding aspect ratios, are in agreement. For larger aspect 

ratios (λR), the diaphragm deformation is more significant (see Design D and E), 

indicating that the SDOF 1 model is inappropriate over the design range considered. 

However, the SDOF 1 model was less accurate for Design B than for C, which has a 

larger λR, indicating that the accuracy of the model does not solely depend on λR. The 

deformation of the diaphragm (according to beam theory) for Design B and C is 

primarily due to shear (and is 14 and 6 times more significant than flexural deformation 

for B and C respectively). Performing a dimensional analysis, it was deduced that the 

shear deformation is proportional to the square of the floor length (L). Hence, the shear 

deformation for Design B is 4 times greater than for C, illustrating why the SDOF 1 

model is less accurate for Design B.  

To determine if the SDOF 1 model is appropriate to model the displacement for a given 

floor, the ratio of the diaphragm and connection stiffness should be considered. This is 

analogous to code requirements (CEN, 2001; IBC, 2003) that specify that floors must 

be modelled as ‘flexible’ if the deformation of the diaphragm is a specified ratio of the 
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deformation of the LLRS. In this case, the flexibility LLRS is replaced by the flexibility 

of the diaphragm connections. The SDOF 1 model is within 10% of the MDOF (or 

‘flexible’) model for all floor designs when the ratio of the diaphragm and connection 

stiffness is greater than 4.  

The accuracy of the SDOF 1 model for floor accelerations (see Figure 8.4c) follows a 

similar trend to the floor displacement, but the magnitude of variation between the 

models is significantly less. This is because as the natural period of the floor system 

tends to zero, the displacement for SDOF 1 model (or connection displacement) tends 

to zero, making the diaphragm deformation much more significant. However, the floor 

acceleration tends to the PGA as the floor period tends to zero. The SDOF 1 model is 

sufficiently accurate to capture the peak acceleration for Designs A and C but is 

inappropriate for Designs B, D and E. There are discrepancies between the models in 

the centre of the design range, which is not apparent for displacement.  

The floor displacements and accelerations for the SDOF 2 and MDOF models are 

compared in Figure 8.4b and d respectively. Both the models predict similar 

displacements over the entire design range, with a maximum variation of only 9%. The 

accelerations predicted by the two models are also similar, with a maximum variation 

17%. This implies that higher modes of vibration do not have a significant effect on the 

displacement or acceleration of the floor system. Hence, the SDOF 2 model, with the 

combined stiffness of diaphragm and connection, is sufficient for modelling all floor 

geometries.  
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Figure 8.4. Comparison of floor models a) Peak displacements ratio for MDOF and SDOF 1 

model b) Peak displacements ratio for MDOF and SDOF 2 model c) Peak acceleration ratio for 
MDOF and SDOF 1 model d) Peak acceleration ratio for MDOF and SDOF 2 model 

 

While the relative displacements of the MDOF and SDOF 1 model vary significantly at 

low periods, the actual displacement of the floors for both models are small, as shown 

in Figure 8.5a for the most flexible diaphragm (Design E). Therefore, it may be 

reasonable to assume that the floor system is effectively rigid, when combined with the 

LLRS (see section 8.2). At low periods the acceleration of floor system tends to the 

peak ground acceleration (or an FAM of 1) again indicating that the floor system could 

be assumed to be effectively rigid without significant error.  

Notably, the floor acceleration magnification (FAM) increases with the period of the 

floor system. For this study, the median FAM varies from approximately 1 to 3 within 

the design range for all floor geometries. Therefore, the maximum design floor 

acceleration set by IBC (2003) and UBC (1997), which corresponds to an FAM of 1, 

would only be appropriate for an effectively rigid diaphragm. Considering the median 

and the median plus one standard deviation results, an upper bound FAM of 3 (as 
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inferred from the “Requirements for parts and components” section of NZS1170.5) 

appears to be appropriate.   
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Figure 8.5. Peak response of floor design E for each numerical model a) Peak displacement b) 

Floor acceleration magnification  
 

Because the SDOF 2 model was shown to sufficiently capture the response of the 

MDOF model, the floor displacements and accelerations are simply increased according 

to the median acceleration spectrum from the chosen earthquakes, as illustrated in 

Figure 8.6. Hence, the median earthquake spectrum could be used to estimate the 

acceleration demands on the floor. For design, this could be substituted with the code 

acceleration spectrum (if the LLRS is ignored). To estimate the floor acceleration 

directly from the earthquake spectrum the effective period, Te, of the floor system must 

be computed:  

e

f
e K

m
T π2=  (8-3)  

The effective stiffness, Ke, is the combined stiffness of the diaphragm and diaphragm 

connections, as defined in Equation 8-1 for the SDOF 2 model. The effective period is 

calculated for Design A and E (to give an upper and lower bound) and plotted against 

the PD and FAM from the MDOF model in Figure 8.6. The median earthquake spectra 

match well with the analysis results for floors Design A and E. However, it is important 

to note that, when present, the LLRS will filter the ground motion, resulting in a 
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variation between the floor acceleration spectrum and design spectrum. This is 

discussed further in the following section. 

 
a) 

 
b) 

Figure 8.6. Using the acceleration and displacement spectrum to compute the floor response:  
a) Acceleration spectrum b) Displacement spectrum 

 

8.1.4. Summary 

Within the bound considered by this sensitivity study, the in-plane response of the TCC 

floor systems can be modeled as a SDOF system. Hence, a complex MDOF model is 

not required to capture the peak floor displacement and acceleration demands.  

The numerical analysis showed that depending on the geometry of the floor the 

connection or the diaphragm deformation can be more significant. In general, as the 

aspect ratio of the floor increased the diaphragm deformation became more significant. 

However, this was not always the case. For Design B, which has an aspect ratio of 0.67, 

the diaphragm deformation was more significant than Design C, which had an aspect 
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ratio of 1.0. This occurs because shear, rather than flexural, deformations are more 

significant, which are proportional to the span (squared), and not the width of the floor.  

The SDOF 1 model (which ignores diaphragm flexibility) underestimates the floor 

deformation for several designs. The SDOF 1 model was within 10% of the MDOF 

model if the stiffness of the diaphragm was above 4 times the stiffness of the 

connections. The most significant discrepancies between the MDOF and SDOF 1 

models occurred when the floor diaphragm connections were stiff (and the connection 

period, Tc, was low). However, the total displacement was essentially negligible. 

Therefore, a rigid diaphragm assumption may be appropriate but this will also depend 

on the LLRS. Floor accelerations were under predicted by the SDOF 1 model 

throughout the design range.  

Displacement and accelerations predicted by SDOF 2 and MDOF model match well 

throughout the design range. Hence, higher mode effects do not appear to have a 

significant effect on the floor demands. This implies that the floor spectrum can be used 

to estimate displacement and accelerations, provided the combined flexibility of the 

diaphragm and diaphragm connections is considered.     
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8.2. MODELLING A SINGLE STOREY BUILDING 

The floor models, developed in the previous section, are extended to incorporate a 

single storey (SDOF) lateral load resisting system (LLRS). The influence of floor 

flexibility on the overall response of post-tensioned timber buildings is investigated.  

8.2.1. The numerical models 

The three numerical models from the previous section at combined with the LLRS as 

shown in Figure 8.7. An additional model (RIGID) is created which assumes a rigid 

floor diaphragm. As a worst-case scenario, only the most flexible floor geometry, 

Design E, is considered.  

 
Figure 8.7. Numerical models of TCC floors and LLRS  

 

8.2.2. Design parameters 

An upper and lower bound stiffness is used for the LLRS. The stiffness of LLRS is 

defined according to a direct displacement-based design (DBD) from Priestley et al 

(2007). According to DBD, larger design drifts and equivalent viscous damping (EVD) 

result in lower the (secant) stiffness for the structural system. Therefore, the lower 

bound stiffness corresponds to an inelastic frame design with a design drift of 2% and 



Chapter 8 – Modelling floor diaphragms 

263 

an EVD of 24%. The maximum allowable drift from NZS1170.5 (2004) is 2.5% and 

24% EVD is perceived as an absolute upper bound for a hybrid frame, which is unlikely 

to be achieved unless the re-centering ratio, λ, is less than 1. The upper bound stiffness 

corresponds to a completely elastic wall design, where the design drift is 1% and elastic 

damping is 2%.  

For the frame to achieve 24% EVD, the LLRS must provide hysteretic energy 

dissipation (or damping). Hysteretic damping will reduce the first mode response of the 

building (EC8, 2004; Priestley et al., 2007), but will not necessarily reduce the relative 

deformation of the LLRS and the floor. Therefore, both an elastic and inelastic LLRS 

spring model is considered (with the same secant stiffness) for the frame. The inelastic 

model uses a flag-shaped hysteresis to model the hysteretic damping of the LLRS. The 

ductility achieved by the flag-shaped hysteresis is calculated so that the area-based 

damping, according to Priestley et al (2007), is 22%. This is combined with the elastic 

damping of 2% to give 24% EVD. For the elastic model, the design drift limitation of 

2% does not apply, because the total damping is taken as 2%. For this analysis, the 

target drift is actually 4.9%. The significance of floor flexibility for both the elastic and 

inelastic model is established.   

For the DBD, the same design spectrum from the previous section is applied. As shown 

in Figure 8.7, additional mass is assigned for the LLRS. For the frame and wall designs 

it is assumed that the mass of the LLRS is 10% and 20% of floor mass respectively. A 

summary of the design assumptions is given in Table 8.3. For further information refer 

to van Beerschoten and Newcombe (2010).  
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Table 8.3. Overview of displacement-based design for the LLRS 

Parameter Symbol Units Frame Value Wall Value 

Interstorey height H1 m 3200 3200 

Mass of floor (Design E) mf tonne 24.5 24.5 

Mass of LLRS mLLRS tonne 2.4 4.9 

Design drift θd % 2 1 

Equivalent viscous damping  ξeq % 24 2 

Effective period Te s 1.0 0.3 

Effective stiffness for LLRS KLLRS kN/m 1058 14157 
 

8.2.3. The frame response 

For the frame model, the relative accuracy of each of the numerical models is analysed 

in terms of displacements and acceleration, as shown in Figure 8.8 for the median 

earthquake response. The peak displacement and acceleration of the floor from the 

MDOF model is normalized by the peak displacement and acceleration from either of 

the SDOF models or the RIGID model.  

For the elastic LLRS, both the acceleration and displacement for the all models are 

within 2% over the entire design range. Hence, because the stiffness of the frame is so 

low, floor flexibility does not need to be considered. For the inelastic LLRS, there is 

more significant variation between the numerical models. This is due to variability of 

non-linear inelastic response. Furthermore, hysteretic damping significantly reduces the 

first mode response, but has little effect on higher mode (HM) response (Chopra, 2007; 

Priestley et al., 2007), which may contribute significantly to the response.  

The peak displacement of the SDOF 1 model is slightly larger than the MDOF model 

(but within 5%). The other models (SDOF 2 and RIGID) are conservative, and over 

estimate the displacement of the MDOF model. For accelerations, again there is high 

variability in results. The SDOF and RIGID models appear to underestimate that peak 

accelerations. Potentially this is because accelerations are more sensitive to higher 
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modes, which become more significant for inelastic response. However, the SDOF 2 

and MDOF models vary by less than 10% over the entire design range. Hence, this does 

not support the hypothesis that higher modes cause the peak accelerations to vary 

between each model. Instead it is likely that the variation in peak accelerations is simply 

due to numerical modelling error, as described by Wiebe and Christopoulos (2010) for 

the flag-shaped hysteresis rule. Therefore, there is no conclusive evidence that floor 

flexibility needs to be considered for the inelastic response of the frame system.  
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Figure 8.8. Comparison of floor models with the frame LLRS: a) Peak displacements ratio for an 
elastic frame b) Peak acceleration ratio for an elastic frame c) Peak displacements ratio for an 

inelastic frame d) Peak acceleration ratio for an inelastic frame 
 

The peak floor displacements and accelerations are shown in Figure 8.9. There is no 

significant difference between the displacements and accelerations predicted by the 

numerical models for elastic frame response. As described above, inelasticity only 

increased the variability of the response from each model, but does not indicate that 
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floor flexibility affects the results. For both elastic and inelastic stiffness of the 

diaphragm connections had no significant impact on the dynamic response.  
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d) 

Figure 8.9. Peak response of single storey building for each numerical model a) Peak 
displacement for an elastic frame b) Floor acceleration magnification for an elastic frame c) Peak 

displacement for an inelastic frame b) Floor acceleration magnification for an inelastic frame 
 

The peak floor accelerations are significantly less than the peak ground acceleration, 

due to inelasticity of the LLRS. If the floors are assumed to be rigid, then the 

acceleration demand can be predicted by determining the highly damped design 

spectrum, as shown in Figure 8.10.  
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According to EC8, the highly damped SDOF design spectrum, Sξ, is: 

%5SRS ξξ =  (8-4)  

Where: 
5.0

2
7

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛

+
=

eq

R
ξξ  is the spectral reduction factor; 

 %5S  is the design displacement or acceleration spectrum for 5% damping. 
 

For the inelastic frame design, the spectral reduction factor is approximately 0.52. 

Using the highly damped spectra and assuming a rigid diaphragm (with an effective 

period equal to the period of the LLRS) the peak acceleration is approximately 0.33g or 

an FAM of 0.64. This corresponds well with the measured FAM from the inelastic 

frame model (see Figure 8.9d). Therefore, if the floor diaphragm is effectively rigid 

compared to the LLRS, the elastic or the highly damped design spectrum can be used to 

estimate the floor accelerations for a single storey building.  

 
Figure 8.10. Elastic and highly damped acceleration spectrum 

 

8.2.4. The wall response 

For the upper bound LLRS stiffness (the wall), the accuracy of the numerical models in 

terms of displacement and acceleration is compared, as shown in Figure 8.11. Because 

the stiffness of the LLRS is high enough to be comparable with the effective stiffness of 

floor diaphragm, the influence of floor flexibility is much more significant. This is 
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simply because the response of the floor and LLRS resonate. Similar conclusion were 

reached for precast concrete structures (Nakaki, 2000; Fleischman and Farrow, 2001) 

after the Northridge Earthquake.  

Figure 8.11a shows that a rigid diaphragm model may underestimate the peak 

displacement on the floor system by up to 20% within the design range. SDOF 1 and 2 

models, match well with the MDOF model over the design range, with variations of less 

than 6% and 1% respectively. The peak accelerations for the SDOF models and the 

MDOF model are similar (and within 5%). Using a rigid diaphragm model, may 

overestimate the peak accelerations. However, this simply depends on the shape of the 

design spectra (as discussed below). Therefore, to estimate the peak floor displacement, 

at least the SDOF 1 should be used; otherwise a rigid diaphragm assumption is 

appropriate and often conservative.  
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b) 

Figure 8.11. Comparison of floor models with the wall LLRS: a) Peak displacements ratio b) 
Peak acceleration ratio  

 

Although the floor deformation may be underestimated using the RIGID model, the 

displacement of the LLRS may not be significantly affected. Figure 8.12, shows the 

normalized displacement of the LLRS for each floor model. The displacement of the 

LLRS is over-estimated by the RIGID model. Therefore, it is conservative to ignore 

floor flexibility when determining the peak displacement of the LLRS.   
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Figure 8.12. Comparison of peak displacement of the LLRS for each floor model  

 

According the New Zealand Standards (NZS1170.5, 2004) and the International 

Building Code (IBC, 2003), floor flexibility must be modelled if the deformation of the 

floor diaphragm (relative to the LLRS) is larger than the interstorey deformation of the 

LLRS. While for the Eurocode (EC8, 2004), floor flexibility must be modelled if the 

deformation of the floor diaphragm is greater than 10% of the deformation of the 

LLRS. Applying these provisions to the MDOF model, as shown in Figure 8.13, 

NZ1170.5 and IBC would not require that floor flexibility is modelled. The floor 

system would be defined as flexible under EC8 when the connection period was larger 

than 0.06s.  
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Figure 8.13. Ratio of the peak displacement of the diaphragm and the LLRS 
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b) 

Figure 8.14. Peak response of single storey building for each numerical model a) Peak 
displacement for wall b) Floor acceleration magnification for wall 

 

The peak floor accelerations and displacements are shown in Figure 8.14. As shown 

above, a SDOF floor model is sufficient to capture the effects of floor flexibility and 

predict the peak demands. Therefore, for a single storey building, the earthquake 

spectrum can be used to estimate the peak demand. To do this the stiffness of the floor 

and the LLRS must be combined and the combined effective period determined. Hence: 

LLRSdiac

e

KKK

K
111

1

++
=  (8-5) 

Because it was established that the SDOF 1 model was sufficient for capturing the 

effects of floor flexibility the effective stiffness can be approximated as: 

LLRSc

e

KK

K
11

1

+
≈  (8-6) 

Subsequently, the effective period is determined using Equation 8-3. The median results 

from the MDOF model are compared with spectral demand in Figure 8.15 and shows 

relatively good agreement. The slight variations in demand between the MDOF model 

and the spectra are due to different mass distributions. For the MDOF model, 20% of 

the mass is associated with the LLRS, the effects of which were not captured by using 

the spectra.  
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a) 

b) 
Figure 8.15. Using the acceleration and displacement spectrum to compute the floor response: a) 

Acceleration spectrum b) Displacement spectrum   
 

8.2.5. Summary 

For the frame, the stiffness of the LLRS was significantly less than the floor system, 

which allowed the floor system could be modelled as rigid, whether the LLRS was 

elastic or inelastic.  

The wall and floor stiffness was comparable, which in some cases resulted in 

amplification of the building response. The ratio of the floor system to wall stiffness 

varied between 2.5 to 10 within the design range. This echoes findings from the 

previous section, that if the ratio of the stiffness of the floor diaphragm and the LLRS is 

less than 6, then floor flexibility need not be considered. To capture the peak floor 

displacement, a rigid floor diaphragm model was not appropriate. However, a SDOF 

model which considers the stiffness of the diaphragm connections was sufficient. Floor 

accelerations and displacement of the LLRS were generally over-predicted using a rigid 

diaphragm model and therefore was conservative.  
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Within the bounds of this study, NZS1170.5 (2004) and IBC (2003) would not require 

that floor flexibility is modelled. EC 8 (2004) would require floor flexibility to be 

modelled, when the ratio of the floor and LLRS stiffness is less than 6.  

The peak demands on the floor diaphragm could be predicted using the earthquake 

spectra. This required the computation of the effective period considering both stiffness 

of the LLRS and the floor system. Slight errors can occur with this approach if a 

significant portion the structures mass in associated with the LLRS.   

In summary, the demands on a single story LLRS can be determined using a rigid 

diaphragm model (within the bounds of this study). If the designer is concerned with the 

peak displacement and accelerations of the floor in a wall structure, a SDOF model for 

the floor can be used.  
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8.3. MODELLING A MULTISTOREY BUILDING 

In previous sections, it was shown that the response of the floor system could be 

accurately represented using a SDOF model. Here a SDOF floor model is added to a six 

storey multistorey building model. The model is analysed with both rigid and flexible 

floors, to establish if the effect of floor flexibility. The hysteretic response of the 

diaphragm connections is modelled to determine the effects of connection inelasticity 

put in the previous section.  

Previous researches have shown the affects of floor flexibility are most significant for 

single storey or low rise structures (Rivera, 2008; Spooner, 2008).  

8.3.1.  The numerical models 

The six storey building was previously designed by Newcombe et al (2008b), based on 

a hypothetical case study structure, as shown in Figure 8.16. The LLRS is a hybrid 

frame, with both post-tensioning and additional mild steel reinforcement. The hybrid 

beam-column connections and column base connections are modeled using rotational 

springs (see Figure 8.16). Further detail on modelling frames is given in Chapter 6.  

 

 

Figure 8.16. Case study multistorey building  
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The numerical model, using RUAUMOKO (Carr, 2008), is illustrated in Figure 8.16. A 

SDOF lumped mass and spring is used to model the in-plane flexibility of the floor 

system. The lumped mass represents the floor mass, while the mass of the LLRS is 

distributed throughout the frame. The nodes at each floor level are constrained to the 

same lateral displacement. Standard frame members with the material properties of 

Laminated Veneer Lumber (LVL) are used for the beams and columns. The elastic 

deformation of the joint panel region is not modelled.   

 

Figure 8.17. Multistorey numerical models  
 

The Wayne-Stewart (WS) Hysteresis rule was used for the floor spring. This was found 

to accurately represent the experimental response of the diaphragm connections from 

Chapter 3, as shown in Figure 8.18. The WS Hysteresis takes into account strength and 

stiffness degradation, and allows for a residual friction force. Further detail is available 

in Newcombe et al (2010c).     

8.3.2. Design parameters 

The building was designed using displacement based design (DBD) according to 

Newcombe et al (2008b), for an ultimate limit state (ULS) seismic intensity defined by 

NZS1170.5 (2004). A site in Wellington City, with Soil Class C and for a return period 

of 1/500 years was assumed. The elastic percentage of critical damping was taken to be 

2%. Therefore, the same earthquake records, as described in section 8.1, were applied to 
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the building (see Appendix F, Set 1). For the ULS intensity, the building is design with 

a maximum interstorey drift of 2%. A summary of the DBD design parameters are 

provided in Table 8.4. Further detail is provided in van Beerschoten and Newcombe 

(2010). 

Table 8.4. Overview of displacement-based design for the multistorey building 

Parameter Symbol Units Value 

Interstorey height Hi m 3810 

Mass of typical floor  mf tonne 132 

Design drift θd % 2 

Equivalent viscous damping  ξeq % 8 

Effective period Te s 2.4 

Design displacement Δd m 0.27 

Effective stiffness for LLRS KLLRS kN/m 4608 
 

The diaphragm connection were designed for the PGA, the upper limit of IBC (2003), 

with a strength reduction factor of 0.8. It was assumed that the diaphragm connections 

were screwed timber-to-timber connections, which were aligned orthogonal to the 

frame (see Chapter 3). To determine the inelastic response of the full scale floor 

diaphragm connections (represented by the Wayne-Stewart Hysteresis), experimental 

data (Test 3 from Chapter 3) were scaled up according to similitude laws (van 

Beerschoten and Newcombe, 2010). The modeled inelastic response of the diaphragm 

connections is shown below in Figure 8.18.  



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

276  

-10 0 10
Displacement (mm)

-40

-20

0

20

40

L
at

er
al

 fo
rc

e 
(k

N
)

Experimental
WS Hysteresis

a) 

-10 0 10
Displacement (mm)

-1000

-500

0

500

1000

L
at

er
al

 fo
rc

e 
(k

N
)

Scaled Hysteresis
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Figure 8.18. Wayne-Steward Hysteresis: a) Fitted to experimental data (Test 3 from Chapter 3) 
b) Scaled up for the numerical model 

 

The building was also subjected to a serviceability limit state (SLS) and maximum 

credible (MCE) earthquakes which correspond to a 1/50 year and a 1/2500 year event 

respectively. Using DBD it was predicted that the peak drift demand for SLS and MCE 

intensities will be approximately 1% and 4% respectively. It was shown previously that 

the effects of floor flexibility were more pronounced with a stiff LLRS. By considering 

different intensities the stiffness of the frame relative to the floor system varies. For the 

SLS intensity, the stiffness of the LLRS will be at its highest; approximately 

53000kN/m. It is important to note that the initial stiffness of a wall system will not 

vary significantly from a frame system, designed with similar displacement limitations. 

The initial stiffness of the floor system is 340000kN/m. Hence, the ratio of the stiffness 

of the floor and the frame is approximately 6, which corresponds to a connection period 

of 0.12s. It was shown previously for a single storey wall structure that the relative 

stiffness of the LLRS and the floor system varies between 2.5 and 10 at ULS and if the 

ratio is less than 6, floor flexibility should be considered. Therefore, the SLS response 

of the structure is comparable to the worst-case single storey solution (in terms of the 

effects of floor flexibility).   
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8.3.3. Results 

The peak displacement, drift, interstorey shear, interstorey moment and peak floor 

accelerations for the case study building are considered. For simplicity, the mean 

response (rather than the lognormal mean results) is shown. 

Firstly, the displacement demand on the diaphragm connections is illustrated in Figure 

8.19. Figure 8.19a shows that the diaphragm connections (on all floors) are elastic for 

SLS earthquake intensity. For ULS intensity, the diaphragm connections have yielded 

but have not achieved their ultimate strength (see Figure 8.19b). For MCE intensity, 

approximately 10% of the diaphragm connections exceeded their ultimate strength, and 

purely relied upon frictional resistance (see Figure 8.19c). Hence, under the MCE 

intensity some floors can be considered as highly flexible. An example of the actual 

hysteretic response of the top floor diaphragm connection for one earthquake is given in 

Figure 8.19d.   
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Figure 8.19. Peak demand on diaphragm connections: a) SLS b) ULS c) MCE d) Connection 
hysteresis on Level 4 for earthquake 3 (ULS) 

 

The displacement profile of the frame and floors at the peak displacement (measured at 

the effective height) is shown in Figure 8.20a. For all earthquake intensities, the floor 

displacement profile for the rigid and flexible floor model is similar. Floor flexibility 

simply reduces the peak displacements for the frame by approximately 10 to 15% (for 

this case study). For the MCE intensity, the reduction in frame displacement is most 

significant (15%). This is because of inelastic deformation for the diaphragm 

connections (see Figure 8.19).  
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Similar trends are apparent when observing the peak drift demands (see Figure 8.20b). 

There are slight reductions in the drift demand for the frame with the flexible floor 

model. The drift demand for the floors is slightly larger on the top floor for the MCE 

intensity. This is due to significant inelasticity in the diaphragm connection spring. This 

would be of concern for drift sensitive gravity columns (if present).     
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b) 
Figure 8.20. Displacement and drift profile of the frame and floors with rigid and flexible 

diaphragms: a) Displacement profile b) Drift Profile 
 

The interstorey shears and moments are shown in Figure 8.21. Again, similar trends are 

evident; the interstorey shear and moment demand decreases with floor flexibility. The 

most significant reduction is for the MCE earthquake intensity. Again, this is due to 

inelasticity and hysteretic energy dissipation in the diaphragm connections.  

As introduced in Chapter 3, under performance-based earthquake engineering (SEAOC, 

1995) one of the most important engineering design parameters is floor accelerations 

(Reinoso and Miranda, 2005), in order to minimize damage to building contents. 

Because it has been demonstrated that the deformation of floors is not significantly 

affected by floor flexibility, emphasis is given to the determination of the peak floor 

accelerations.  
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The peak floor accelerations for the floor are shown in Figure 8.22a. The floor 

acceleration magnification (FAM) is greatest for the SLS intensity. Even though the 

stiffness ratio between the floor and the LLRS are similar to the single wall structure 

from the previous section, the peak floor accelerations appear to be slightly less. This is 

due to hysteretic energy dissipation from the frame. At higher intensities, the hysteretic 

energy dissipation from the frame increases resulting in further reductions in the FAM. 

At SLS intensity, the FAM is similar for the flexible and rigid floor model. For higher 

intensities, the FAM (similar to displacement, shear and moment) is significantly 

reduced due to floor flexibility. Again, this is due to inelasticity of the diaphragm 

connections (see Figure 8.19). It is important to note that the low FAM values are 

purely a function of the earthquake input, and hence, the scaling technique. For a 

different scaling technique the floor accelerations may vary significantly.  

Considering the absolute peak floor acceleration (PFA), as shown in Figure 8.22b, the 

maximum floor accelerations occur during MCE events. Hence, the effects floor 

diaphragm inelasticity does not out weight the effect of increased earthquake intensity.     
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Figure 8.21. Interstorey shear and moment profile with rigid and flexible diaphragms: a) Shear 

profile b) Moment profile 
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Figure 8.22. Peak floor acceleration profile with rigid and flexible diaphragms: a) FAM  

b) Absolute peak floor acceleration 
 

As for single storey structures, the earthquake acceleration spectra can potentially be 

used to estimate the demands on the floor. However, unlike a single storey structure, 

which is effectively a SDOF, the response of a multistorey building can be affected by 

several modes of vibration. The ground motion is filtered through the frame, creating 

peaks in response around the modal periods. If the modal periods correspond with the 

period of the floor system on a particular level (and resonate), demands on the floor can 

drastically increase. Previously, it was established that the floor system can be modelled 

as a SDOF with the stiffness of the diaphragm connections and the mass of the floor. 

Therefore, it is appropriate to consider the mean floor acceleration spectrum, as shown 

in Figure 8.24, for determining the peak demands on each floor. The floor acceleration 

spectra from the frame model with rigid floors are considered. This will be 

conservative, because floor flexibility is shown to slightly reduce the demands on the 

frame, as illustrated in Figure 8.23. Observing Figure 8.24, the spikes in acceleration 

occur around the modal periods, which are given in Table 8.5. While the floor spectra 

can be used to determine the floor demands, generating these spectra for every floor 

may be cumbersome for design.  
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Figure 8.23. Comparison of floor acceleration spectra for models with rigid and flexible floors 

(ULS, Floor 1) 
 

Comparing the mean acceleration spectra for each floor and the ground (see Figure 

8.24); within the period range of diaphragm connections (0.02 to 0.13s) the spectra are 

relatively similar. This is the case for all three earthquake intensities. However, at very 

low periods of less than 0.04s or around the modal periods of the structure, using the 

ground spectrum underestimates the spectral demand. Therefore, provided that the 

period of the diaphragm connections does not tend to zero and does not correspond with 

the first three modes of vibration of the LLRS (see Table 8.5) floor accelerations can be 

approximated using the ground motion spectrum, provided the period of the diaphragm 

connections is computed accurately. For SLS intensity, the diaphragm connections are 

elastic and hence, the connection period is approximately 0.12s (see Table 8.5). The 

peak acceleration from the ground spectrum is approximately 0.45g, which corresponds 

to an FAM factor of 1.1. This matches well with peak floor accelerations from Figure 

8.22, while being slightly conservative.  

Table 8.5. Spectral periods 

Description Symbol Period 
(s) 

Effective period (ULS) Te 2.40 

First mode T1 1.53 

Second mode T2 0.50 

Third mode T3 0.26 

Diaphragm connection Tc 0.12 
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a) 

 
b) 

 
c) 

Figure 8.24. Floor and ground acceleration spectra (for rigid diaphragm model): a) SLS b) ULS 
and c) MCE 

 

For ULS and MCE intensities, the diaphragm connections respond inelastically. The 

elastic spectral acceleration demand, can be reduced according to the hysteresis 

damping of the connectors, as done for displacement-based design (Priestley et al., 

2007) and allowed for by EC 8 (2004). For the ULS and MCE intensity, the area-based 

hysteretic damping from the average connection response (see Figure 8.19d) is 
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approximately 9% and 19% respectively, giving a spectral reduction factor, Rξ, of 0.73 

and 0.55 respectively. From the hysteretic response of the diaphragm connections (see 

Figure 8.19), the average effective period is 0.16s and 0.32s for the ULS and MCE 

intensity respectively. Using the mean ground spectrum reduced by Rξ, the expected PA 

is 0.92g and 0.86g, which corresponds to an FAM of 1.1 and 0.6 for ULS and MCE 

respectively. For ULS, the predicted FAM is conservative when compared with 

measure peak floor acceleration from Figure 8.22, due to the difference between the 

floor acceleration spectra and the ground spectra around 0.16s (see Figure 8.24b). For 

MCE, the effective period of diaphragm connections (0.32s) is similar to the 3rd mode 

elastic period (0.26s), causing resonance, and giving a slightly un-conservative estimate 

of the floor acceleration. Hence, as mentioned previously, this process is conservative 

provided the connection period is not similar to the modal periods of the LLRS. This 

process is summarized in section 8.4.4. 

It is noted, that the same process is possible for the prediction of the floor deformation 

from the ground displacement spectrum (if required). 
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8.3.4. Proposed design procedure  

A summary of proposed elastic and inelastic procedures for estimating the peak floor 

accelerations are given below. A designer may choose to allow inelasticity in the 

diaphragm connections, under large earthquake events. Alternatively, an engineered 

energy dissipating floor diaphragm connection may be provided (Priestley, 1996; 

Amaris et al., 2008), to reduce the response of the structure. 

Elastic diaphragm connections  

1. Choose the design floor acceleration 

The design floor acceleration generally varies between a FAM-value of 1 to 3. 

Along with the mass of the floor, the design floor acceleration will define the 

stiffness of the diaphragm connections.    

2. Compute the period of the diaphragm connections 

Compute the natural period of the floor system, using the mass and the effective 

stiffness of the floor (see Equation 8-2). The effective stiffness can be computed 

by combining the stiffness of diaphragm and the diaphragm connections, as 

shown in Equation 8-1, or can be approximated as equal to the stiffness of the 

diaphragm connections.  

3. Use a spectrum to determine the peak acceleration  

Either the ground motion spectrum or the floor acceleration spectrum can be 

used to estimate the peak floor acceleration. The ground spectrum is 

conservative, unless the floor is near rigid or the effective floor period 

corresponds with a modal period of the structure. Notably, to obtain the floor 

accceleration spectrum the structural system must be modeled and subjected to 

design-basis earthquake motions.  
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4. Compare the design and resultant floor acceleration 

If the resultant floor acceleration (from the spectrum) is less than the design 

floor acceleration, the designer can proceed to the detailed design. If the 

resultant floor acceleration is greater than the design floor acceleration then 

inelasticity will occur in the diaphragm connections. The designer can choose to 

either revise the design floor acceleration, to ensure the connections remain 

elastic, or proceed to the inelastic design procedure. 

5. Detailed design 

The design force for the floor is determined by multiplying the floor 

acceleration by its mass. Sufficient strength must be present in the diaphragm 

connections and diaphragm to satisfy the design force. It is important to note 

that transfer forces between the LLRS must be checked and can often be critical 

(Bull, 1997; Gardiner et al., 2008).  

Inelastic diaphragm connections 

1. Specify an allowable displacement for the floor system 

An allowable displacement is required for inelastic design, to avoid fracture of 

the diaphragm connections. 

2. Estimate the equivalent viscous damping 

The equivalent viscous damping of the floor system, at the allowable 

displacement, must be estimated. A characteristic hysteretic response for the 

connections should be assumed, such as the Wayne-Stewart Hysteresis.  

3. Compute the spectral reduction factor 

The spectral reduction factor is computed according to Equation 8-4.  
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4. Scale the spectra 

The elastic ground or floor acceleration spectra are scaled by the spectral 

reduction factor.  

5. Determine the inelastic period of the diaphragm connections 

The effective period of the floor system is inferred from the scaled displacement 

spectrum at the design floor displacement.  

6. Determine the floor acceleration 

The floor acceleration is inferred from the scaled acceleration spectrum, at the 

effective period of the floor.  

7. Detailed design 

Again, the design force for the floor is determined by multiplying the floor 

acceleration by the mass of the floor. Sufficient diaphragm connection and in-

plane diaphragm strength must be provided to satisfy the design force. For an 

inelastic design the diaphragm connections must be detailed to ensure the design 

displacement can be achieved without loss of strength, and most importantly 

vertical load carrying capacity. Again, transfer forces must be checked.  
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a) 

b) 
Figure 8.25. Design procedure for determining the peak floor accelerations: a) Elastic b) Inelastic 
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8.3.5. Summary 

Three earthquake intensities were considered to determine the effects of floor flexibility 

on the response of a multistorey post-tensioned timber building. The SLS intensity was 

effectively a worst-case solution for floor flexibility, due to a relatively low ratio 

between the stiffness of the floor and the LLRS. For all three earthquake intensities 

floor flexibility reduced the peak displacement, interstorey drift, shear, moment, and 

floor accelerations of the frame. Floor flexibility resulted in noticeably higher 

interstorey drifts between the floors (which gravity columns would be required to 

undergo) at some levels for the MCE intensity. This is was due to significant inelastic 

deformation of diaphragm connections. 

For ULS and MCE intensity, inelasticity in the diaphragm connections resulted in 

significant hysteretic energy dissipation. Consequently, the response of the frame was 

significantly less than for a flexible floor model, compared to a rigid floor model. 

While the floor accelerations for all three intensities where less than the PGA, it was 

recognised that the floor accelerations are strongly related to the earthquake spectrum. 

Potentially, the diaphragm connection period could correspond with a modal period of 

the structure and result floor accelerations larger than the maximum spectral 

acceleration from the ground motion. Notably, the spectral acceleration at the natural 

period of the structure does not appear to significantly influence the floor accelerations.   

Methods were proposed to estimate the peak floor accelerations. One approach is to 

compute the floor acceleration spectra. Because the floor system can be sufficiently 

modelled using a SDOF system with the stiffness of the diaphragm connections, the 

accelerations can be read off floor spectra at the period of the connections. A simpler 

approach can be followed using the ground spectra. This was found to be conservative, 

provided the floor system was not effectively rigid and the period of the diaphragm is 

not similar to the modal periods of the structure. These approaches were extended to 
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take into account inelastic response of the diaphragm connections, following 

displacement-based design principles (Priestley et al., 2007). 
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9. SEISMIC LATERAL FORCE DESIGN 

In this chapter simple procedures are proposed for determining the design lateral forces 

for earthquake loading. These procedures are founded on displacement-based design 

principles, as proposed by Priestley et al (2007). A sensitivity study is performed to 

illustrate whether serviceability or ultimate limit state wind or earthquake loading 

governs the stiffness requirements for post-tensioned timber buildings.     

9.1. INTRODUCTION 

Displacement-based design (DBD) procedures, introduced in Chapter 2 and 

summarized in Figure 10.3, already exist for reinforced and precast concrete frame and 

wall systems (Priestley, 2002; Priestley et al., 2007; NZCS, 2010).  

9.1.1. Previous research 

Newcombe et al (2010a) applied DBD to Hybrid post-tensioned timber frames and 

identified that there are three key differences between the design of hybrid timber and 

precast concrete frames; the evaluation of system yield rotation, the quantification of 

the equivalent viscous damping and dynamic amplification factors for higher mode 

response. Recent research, documented in this thesis, has shown that particular details 

for hybrid frames may not provide an efficient structural system, due to significant 

elastic deformation. This was not sufficiently accounted for by Newcombe et al 

(2010a). Instead, a purely post-tensioned frame solution may be favourable (see 

Chapter 5). This requires modifications to the DBD approach and emphasizes the 

importance of elastic damping characteristics of frames. Recently, information has 

become available regarding the damping characteristics of post-tensioned timber frames 

(Pino et al., 2010; Pino, 2011) and this can be incorporated into the DBD procedure.  
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While extensive research has been performed on the seismic lateral force design of 

reinforced concrete and precast concrete walls (Kurama, 2002; Sullivan et al., 2006; 

Priestley et al., 2007; Jiang and Kurama, 2010; NZCS, 2010) there has been little 

research on post-tensionied timber walls. Existing concrete design approaches require 

modification so they can be applied to timber walls, which possess unique material 

properties. 

 

 
a) 

 
b) 

 
c) 

 
d) 

Figure 9.1. Direct displacement-based design (Priestley et al., 2007) 
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9.1.2. Equivalent viscous damping 

A key parameter for DBD is the equivalent viscous damping, ξeq, which is comprised of 

elastic, ξel, and hysteretic damping, ξhyst, as described in chapter 2 and below as 

Equation 9-1.  

hysteleq ξξξ +=  (9-1) 

Hysteretic damping is usually derived from the inelastic response of structural 

components. When DBD was first proposed (Priestley and Kowalsky, 2000), area-

based equivalent viscous damping relationships (Jacobsen, 1960) were used to 

determine the hysteretic damping, as described in Chapter 2. Since then Priestley et al 

(2007) has suggested that the equivalent viscous damping (EVD) due to hysteretic 

response should be determined from inelastic time-history analysis. Using this approach 

the EVD of a structural system is calibrated by matching its non-linear seismic response 

with an equivalent linear system with associated viscous damping (Dwairi and 

Kowalsky, 2004; Grant et al., 2005). These empirical damping relationships have been 

determined for many structural systems that are comparable to post-tensioned timber 

systems (Mpampatikos, 2009; Pennucci et al., 2009; Ceballos and Sullivan, 2012).  

Determining empirical hysteretic damping relationships for post-tensioned timber 

frames and walls is beyond the scope of this thesis. Due to significant variation in the 

proportion of deformation from structural elements and the connections, the hysteretic 

response of post-tensionied systems varies significantly. Hence, further research to 

calibrate empirical damping relationships for all the possible hysteretic shapes will 

require extensive analysis. Alternatively, an approximate correction factor (see Priestley 

et al, 2007), can be applied to the area-based hysteretic damping (see Figure 9.13), 

which can readily be determined for post-tensioned timber (see section 9.3.3) 

Hence, this chapter focusses primarily on the elastic damping, rather than hysteretic 

damping. As described in Chapter 2, the elastic damping is the inherent damping of the 

structural system which cannot be attributed to the hysteretic model.  
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9.2. ELASTIC DAMPING 

Timber elements are flexible, compared to similar systems in concrete and steel. 

Member (rather than connection) deformations contribute significantly to the flexibility 

of timber structures (see Chapter 6 and 7). This means that energy dissipating devices 

within the rocking connections have limited effectiveness (see Chapter 5) in terms of 

providing structural ductility and hysteretic damping. Due to the inefficiency of existing 

energy dissipation devices, designers may choose a purely post-tensioned solution. In 

this case, the equivalent viscous damping (EVD) is derived completely from the elastic 

damping. Yet the choice of the elastic damping model can have a significant impact of 

the required strength of a PT timber building. For example, the required strength of a 

building is 32% higher with 2% damping, than that required for 5% damping according 

to Eurocode (EC8, 2004) equations.    

From Priestley et al (2007), the elastic damping is the inherent damping of the structure, 

that is not associated with an idealized inelastic hysteretic model. Hence, it may be 

derived from a combination of factors; hysteretic response of an elastic system, 

foundation non-linearity, radiation damping, friction and interaction between structural 

and non-structural elements. Therefore, the division of elastic and hysteretic damping, 

shown in Equation 9-1, can be misleading because for a non-idealized system hysteretic 

damping occurs within the elastic range, which can be approximated using area-based 

relationships (Jacobsen, 1960).   

Previous researchers on wood structures have recommended elastic damping values of 

between 2% and 5% of critical damping. Filiatrault et al (2002) and Christovasilis et al 

(2007) obtained minimum values of 3% and 5% equivalent viscous damping 

respectively from experimentation on light timber frame houses. More recently, Pang 

and Rosowsky (2007a) suggest that 5% equivalent viscous elastic damping is 

appropriate for medium rise common light timber frame buildings. However, light 

timber frame and solid timber construction, such as post-tensioned timber, are vastly 

different structural systems and consequently may provide significantly different levels 
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of elastic damping. Heiduschke et al (2009) performed full and reduced scale dynamic 

tests on laminated veneer lumber frames with moment resisting dowel connections. The 

results suggest an elastic damping of approximately 5%. 

Furthermore, it was unclear which elastic damping relationship is appropriate for PT 

timber. Traditionally, a Rayleigh Damping Model has been used for modeling 

structures (Chopra, 2007), which proportions the elastic damping according to the initial 

stiffness and mass of the structure. For DBD of concrete and steel, Priestley et al (2007) 

suggests that the elastic damping should be tangent stiffness proportional and 

emphasizes the inaccuracies of using initial stiffness proportional damping. Priestley et 

al (2007) reasons that as the structure softens or yields the total equivalent viscous 

damping of the system is accounted for in the hysteretic model, and therefore, the 

elastic damping should reduce. Furthermore, Priestley et al (2007) and other researchers 

(Carr, 2007) point out that damping forces for an inelastic system with initial stiffness 

proportional damping become unrealistically high as the structure goes into the inelastic 

range.   

These damping models require implementation into the seismic lateral force design 

procedures. Because DBD models the structure with equivalent secant stiffness to the 

peak response, Priestley et al (2007) proposes a correction factor is applied to convert 

initial or tangent stiffness damping, tel ,ξ , to an equivalent secant stiffness damping, sel ,ξ . 

Hence: 

telsel ,, κξξ =  (9-2) 

Where: cλμκ = ; 
 μ  is structural ductility; 
 cλ  is the negative coefficient (-0.3 to -0.8) that depends of the inelastic 

hysteresis. 
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It is important to note that when the equivalent viscous or area-based elastic damping is 

computed, secant stiffness damping is inherently assumed and no correction is 

necessary. It must be established which damping model is appropriate for lateral force 

design of PT timber buildings.  

9.2.1. Frames 

As introduced in Chapter 2, Pino (2011) performed dynamic testing on a one-fourth 

scale five-storey PT frame building, as shown in Figure 2.13. The strength of the frame 

was derived from a single post-tensioning tendon per floor. No additional reinforcement 

was used during any of the tests. The pin connections at the base of the columns were 

kept loose to ensure friction was kept to a minimum.  

Pino (2011) identified that the floor mass, number of connections, the frequency of the 

ground motion, the number of storeys and level of post-tensioning did not affect the 

elastic damping. Friction between the beams and gravity corbels increased the elastic 

damping by 0.5%. It was concluded that the elastic damping was predominately a 

function of the applied interstorey drift, as illustrated in Figure 9.3. At lowest recorded 

interstorey drifts the elastic damping was approximately 2%. Above 0.5% drift, the 

elastic damping was on average above 5%. Furthermore, it was demonstrated that frame 

remained elastic until above 2.5% drift. Hence, inelastic deformation of the timber did 

not contributed to the obtained damping values.  

Pino (2011) computed the elastic damping using different methodologies. For the 

dynamic tests, that elastic damping was calculating using the area within the hysteresis 

(Jacobsen, 1960) and the dynamic decay of motion (Chopra, 2007). The area-based 

damping was also computed for quasi-static testing (using hydraulic rams) that was 

performed on the frame. In several cases, the computed area-based damping appears to 

increase at low lateral displacements, in contradiction to the decay-based damping. 

Furthermore, it is inferred from Figure 9.3 that elastic damping is not loading-rate 
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dependent and that similar damping values were obtained from dynamic and quasi-

static testing at less than 2% drift.  

Both methodologies for computing the damping inherently consider the structure to be 

an equivalent linear system. Hence, because the hysteretic response obtained by Pino 

(2011) is non-linear elastic, the computed damping values are actually secant stiffness 

proportional.    

  

 
a) b) 

Figure 9.2. Shake table test on one-fourth scale five-storey frame (Pino, 2011): a) Sketch b) Photo 
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Figure 9.3. Damping values obtained for PT timber frame by Pino (2011) 

 

 
Figure 9.4. Hysteretic response for post-tensioned timber frame by Pino (2011)    
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The implications of these results for seismic lateral force design need further 

clarification. Because it was recognized that the elastic damping was not affected by the 

mass of the building, mass proportional or Rayleigh Damping is not appropriate. As 

mentioned previously, Priestley et al (2007) suggests that the elastic damping should be 

tangent stiffness proportional. From Pino (2011), the lowest ratio of the tangent and 

initial stiffness within the elastic range, as illustrated in Figure 9.4, is approximately 0.2. 

After several cycles the loading and unloading stiffness reduces, resulting in an initial to 

tangent stiffness ratio of approximately 0.5. According to Priestley et al (2007), this 

should result in secant elastic damping values at 2% drift that are less than half the 

initial damping values (at approximately 0% Drift). Yet, the damping actually increases 

for the PT timber frame (see Figure 9.3). In fact, the suggestion by Priestley et al (2007) 

that the damping should be tangent-stiffness proportional, appears to be appropriate for 

the area-based damping results. However, it is unlikely that the high area-based 

damping values (at low drifts) are realistic. Inaccuracies in experimental measurements 

at such small displacements may result in significant errors in the area-based damping 

computations.  

The area-based hysteretic damping for the test building, discussed in Chapter 4 and 5, 

loaded in frame direction is shown in Figure 9.5, with and without the floor system. 

Firstly, it is noted that a significant amount of inelastic deformation occurred in the 

column base connections during cycle 1 of Stage 1, Test 1 (see Figure 9.5a). Hence, the 

stabilized elastic damping (without inelastic deformation) appears to be between 3 and 

4%. With the floor system (see Figure 9.5b), the stabilized elastic damping is 

approximately 4%. This is slightly less than the values obtained by Pino (2011). 

Potentially, this is due to the absence of parallel-to-grain compression on the Level 2 

connections. Cyclic testing on reduced scale timber specimens by Newcombe (2008) 

indicate that the elastic damping of timber aligned perpendicular-to-grain is greater than 

timber aligned parallel-to-grain.  
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b) 

Figure 9.5. Area-based hysteretic damping for test building loaded in the frame direction: a) 
Without floor (Stage 1, Test 1) b) With floor (Stage 2, Test 1)  

 

Pino (2011) indicated that because the initial, secant and tangent stiffness of the tested 

and modelled PT timber frames did not change significantly, the choice of initial, secant 

and tangent stiffness proportional damping did not drastically affect the results for 

dynamic analyses. Notably, this will not be the case for frames where there are 

significant changes stiffness throughout a hysteretic loop, as shown for reinforced 

concrete structures (Otani, 1981). Hence, if the only source of energy dissipation within 

the structure is derived from the elastic damping, the choice of the elastic damping 

model may be important.  

The damping force, FD, for a single-degree-of-freedom with secant stiffness, ks, 

proportional damping can be written as: 

vcF DD =  (9-3) 

Where: selsD mkc ,2 ξ= ; 
 v  is the velocity. 
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The equivalent elastic damping for tangent stiffness proportional damping that would 

give the same damping force (as secant stiffness proportional damping) is therefore: 

sel
t

s
tel k

k
,, ξξ =  (9-4) 

Considering Figure 9.4, to achieve the same damping force at 2% drift with tangent 

stiffness proportional damping, the elastic damping would need to be approximately 

9%. Therefore, if a designer specifies tangent stiffness proportional damping of 5% for 

time-history analysis, the results would be conservative at large displacements.     

Provided that the serviceability design performance level allows interstorey drifts of 

greater than 0.5%, it would be appropriate and conservative to use a constant damping 

relationship with 5% of critical damping, proportional to the secant stiffness matrix. It is 

noted that the damping values from Pino (2011) are based on experimentation that did 

not considered the effects of non-structural components and foundations, which will 

undoubtedly increase the elastic damping. Because DBD uses a secant stiffness 

approach, the elastic damping does not need to be corrected. Notably, when running 

time-history analysis the elastic damping should also be proportional to the secant 

stiffness. Alternatively, if tangent stiffness proportional damping is used with 5% of 

critical damping, the results will be conservative at large displacements.  

9.2.2. Walls 

Due to the absence of perpendicular-to-grain compression, which is present for PT 

timber frames, it is expected that the elastic damping of walls will be less than frames. 

Unfortunately, little dynamic experimental data is available for PT timber walls and 

more research is required.  

As discussed in Chapter 2, shake-table tests were performed on post-tensioned timber 

wall element by Marriott (2009). The total area-based equivalent viscous damping 

obtained during experimentation is shown in Figure 9.7, where Wall 1 is PT-only. This 
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area-based damping from the experiment indicates that the elastic damping varies 

between 1 to 2%. While Pino (2011) demonstrated that at low drifts, the area-based 

damping values can be inaccurate, the damping remains fairly uniform. Furthermore, 

experimental evidence indicated that the timber wall remained within the elastic range. 

In contrast with Figure 9.3, which shows a large increase in area-based damping at 

small drifts, this implies that the calculated elastic damping is relatively accurate (see 

Marriott, 2009).  

Because the damping of the frame system was not affected by mass, it can be assumed 

that this is also true for wall systems and that mass proportional or Rayleigh Damping is 

inappropriate. At first inspection, tangent stiffness proportional damping appears to be 

appropriate because the elastic damping reduces as the lateral displacement increases 

(see Figure 9.7). However, the tangent stiffness alters significantly at approximately 

0.3% drift, resulting in a final tangent stiffness of approximately 30% of the initial 

stiffness. At 2% drift, the tangent stiffness is approximately 50% of the secant stiffness. 

Observing Figure 9.7b, the damping varies by approximately 50%, indicating that the 

damping is tangent stiffness proportional, but there is no distinct change at 0.3% Drift. 

In fact, the higher damping at low drifts is likely to be a result of the experimental 

measurement errors. Hence, it is likely that wall system tested by Marriott (2009) 

provides elastic damping values of approximately 1% that is proportional to the secant 

stiffness.  

For a full building the wall system will be incorporated with a gravity frame and a floor 

system. The area-based damping results for the test building (see Chapter 4), loaded in 

the wall direction, are shown in Figure 9.8, with and without edge beam supports (see 

Chapter 5). The experimental data indicates that the elastic damping, proportional to 

secant stiffness, is at least greater than 2%. Hence, for conservative design of PT timber 

walls, a constant elastic damping of 2%, proportional to the secant stiffness, is 

proposed. Again, tangent stiffness proportional damping is a conservative option. 
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a) b) 
Figure 9.6. Shake table test on reduced scale wall (Marriott, 2009): a) Sketch b) Photo 

 

 
a) b) 

Figure 9.7. Area-based damping values obtained for PT timber wall by Marriott (2009)  
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b) 
Figure 9.8. Area-based hysteretic damping for test building loaded in the wall direction: a) With 

edge beam support (Stage 2, Test 3) b) Without edge beam support (Stage 2, Test 6)  
 

9.3. CONSIDERATIONS FOR FRAME SYSTEMS 

The general displacement-based design (DBD) procedure, discussed in Chapter 2, and 

summarized in Figure 10.3 must be adapted for PT timber frames, building upon 

recommendations by Newcombe et al (2008b). In this section, key considerations for 

the DBD of PT frames are addressed.  

9.3.1. The displacement profile 

The displacement profile (or mode shape) defines the effective mass, height and design 

displacement of the equivalent SDOF (see Figure 10.3). The displacement profile is 

simply a function of the distribution of strength throughout the frame, which in turn 

dictates the lateral force distribution for DBD (Priestley et al., 2007). Hence, the 

displacement profile relies heavily on the assumptions made when allocating the lateral 

forces and strength throughout the frame.  
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According to Priestley et al (2007), the base shear, Vb, is distributed into inertia 

equivalent lateral forces up the height of the structure as: 

( ) ( )∑
=

ΔΔ=
n

i
iiiibi mmVF

1

 (9-5) 

Where: iΔ  is the displacement at the ith floor; 
 im  is the mass of the ith floor. 
 

For taller frame structures Priestley et al (2007) suggests that an additional 10% of the 

base shear should be added to the roof to account for increased drift demands, due to 

higher modes of vibration, in line with current loading standardards (NZS1170.5, 

2004). Therefore:  

( ) ( )∑
=

ΔΔ+=
n

i
iiiibti mmVFF

1
9.0  (9-6) 

Where: bt VF 1.0=  at the roof; 
 0=tF  at all other floors. 
 

The lateral force distribution approach affects the displacement profile of the structure. 

Hence, Priestley et al (2007) proposes different displacement profiles for frames above 

and below 4 storeys in height (as described below). To distribute strength throughout 

the frame an equilibrium-based approach is suggested, which was followed by 

Newcombe et al (2008b). To achieve an efficient frame design, an essentially uniform 

drift demand with height is required. Priestley et al (2007) proposes that this can be 

achieved by allocating strength to each level according to the seismic demand (or shear 

force diagram), which corresponds with the lateral force distributions described above.  
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With reference to Figure 9.9, the seismic tension force, T, in the left exterior column is 

distributed to each floor as beam shear, VB, according to the shear force diagram, Vs, as 

follows: 

∑
=

= n

i
iS

iS
iB

V

V
TV

1
,

,
,  (9-7) 

 

a) 
 

b) 
Figure 9.9. Equilibrium approach for frame design (Priestley et al., 2007): a) Frame moment 

distribution b) Base-column moment distribution 
 

For the bottom floor columns, Priestley et al (2007) suggests a contra-flexure at 0.6 of 

the interstorey height. This ensures that, even with beam overstrength, that the contra-

flexure point remains at approximately the half-height of the column, and hence, 

essentially a linear displacement profile is maintained over level 1.  

Provided the distribution of strength throughout the frame is determined as shown 

above, theoretically a linear displacement profile can be applied for the DBD of frames. 

As noted previously, for frames over four storeys, higher modes begin to influence the 

displacement profile and a slightly non-linear displacement profile is proposed.  
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According to Priestley et al (2007) the inelastic mode shape, δi, is: 
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Where:  n = the number of storeys; 
 Hi = the floor height at the ith level. 
 
It follows that the displacement at each level, Δi, is: 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛ Δ
=Δ

c
ii δ

δ 1  (9-10) 

Where: 
cδ
1Δ is the ratio of displacement and the inelastic mode shape at the 1st floor.  

 

However, in chapter 10 it is shown that the non-linear displacement profile (given in 

Equation 9-9) maybe overly conservative at the upper levels of post-tensioned timber 

frames. It is suggested that frames up to six storeys can be designed with a linear 

displacement profile but further verification is necessary.  

It is possible that the column base connections maybe pinned. This is beneficial for 

minimizing foundation demands and/or potentially reduces construction costs. 

Furthermore, it was shown in Chapter 5 that some column-base connection details may 

exhibit low initial stiffness after repeated cycles. It is important to note that the moment 

demand on the first floor columns and beams is significantly higher for pinned column 

bases (which must be checked during the detailed design to avoid a soft-storey 

mechanism). The increased moment demand on base-level columns for given section 

sizes results in increased deformation and hence affects the displacement profile for 

DBD. Alternatively, the stiffness of the first floor can be increased to compensate for 
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the increased flexibility of the columns. This is a desirable option because it allows a 

uniform drift profile to be maintained up the height of the structure, which increases the 

structural efficiency of the frame. Provided the stiffness of the first floor is increased, 

the displacement profile from above can be maintained. An example of how to increase 

the stiffness of the first floor is provided in Appendix G. The displacement profiles are 

verified in Chapter 10. 

9.3.2. The yield displacement 

The yield displacement is required for hybrid frames where additional connection 

reinforcement is designed to yield and dissipate energy. The yield displacement defines 

the system ductility and the damping of the hysteretic model, which is discussed in the 

following section. As introduced in Chapter 6, the elastic deformation of the frame is 

dependent on strength unlike reinforced and precast concrete (Priestley et al., 2007). 

Instead, the flexibility of the members must be considered and therefore, the member 

geometries and lateral forces. This can result in iterative procedure for hybrid frames 

(Newcombe et al., 2008b) using traditional DBD procedures. Hence, the yield 

displacement must be guessed initially and then checked at the end of the design 

process. Provided a conservative (higher) initial estimate of the yield displacement of 

the wall system is made, the design process need not be repeated. Over estimating the 

yield displacement, results in reduced ductility, less equivalent viscous damping and 

increased seismic demands. An alternative DBD procedure is proposed at the end of 

this chapter that will avoid iteration in most cases. 

As shown in Chapter 6, the total elastic deformation is summation of the beam, θb, 

column, θc, joint panel, θj, and connection rotation, θcon. To determine the yield rotation, 

this sum must be evaluated at the yield point of the frame at the first level. This will 

give the largest yield rotation, which will result in higher (conservative) design forces. 

To determine the yield displacement it is assumed that the yield rotation is constant 

from the base to the effective height.  



Chapter 9 – Seismic lateral force design 

309 

( ) eyconyjycybyeey HH ,,,,, θθθθθ +++==Δ  (9-11) 

To determine the connection moment and rotation at yield, the connection modeling 

approaches discussed in Chapter 6 should be employed. Alternatively, the yield 

moment and rotation of the connection can be more roughly estimated. The connection 

moments, at the peak displacement, can be calculated from the lateral design forces and 

used to estimate the yield deformation. For ultimate limit state design, it is likely that 

the peak moments, Mcon,u, are significantly larger than the yield moments, Mcon,y. 

Therefore, a limit state factor, γLS, is introduced to reduce conservatism when 

calculating the yield displacement. Hence: 

LS

ucon
ycon

M
M

γ
,

, ≈  (9-12) 

Where:  
LS

γ  is 1.0 and 1.25 for serviceability and ultimate limit state design 

respectively. 
 

The connection rotation at yield can be estimated assuming the neutral axis depth is at 

the half-height of the section. Hence: 

'
2 ,

, dd
yr

ycon −

Δ
=θ  (9-13) 

Where:  yr ,Δ  is the yield displacement of the reinforcement (less anchorage 
deformation); 

 'dd −  is the distance between the top and bottom reinforcing layers.  
 

9.3.3. Equivalent viscous damping 

As shown in Equation 9-1, the equivalent viscous damping is summation of the elastic 

damping and damping associated with hysteretic response. For PT-only frame systems, 

the hysteretic response is generally idealized as a non-linear elastic system (see Chapter 

6). Therefore, hysteretic damping is not modeled. While some hysteretic damping may 
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result from inelastic deformation of the timber, this only occurs during the first cycle at 

a given lateral displacement (see Figure 9.5). Because an earthquake may subject the 

building to multiple cycles at (or near) peak displacement, this damping cannot be 

relied upon in design. As suggested in the previous section: 

%5== eleq ξξ  (9-14) 

For Hybrid frames, ideally there should be significant amount of hysteretic damping 

derived from additional reinforcement. The damping from the hysteretic model can be 

approximated by determining the area-based equivalent viscous damping, as defined by 

Jacobsen (1960) and shown in Equation 9-15, and applying a correction factor (see 

Figure 9.13).  

mm

h
hyst F

A
Δ

=
π

ξ
2

 (9-15) 

Where:  hA is the area enclosed by the hysteresis within one complete cycle; 
 mF  is the force at the peak displacement; 
 mΔ  is the peak displacement.  
 

As an example, the area-based damping is computed for the flag-shaped hysteresis, 

illustrated in Figure 9.10a, using an expression from Grant et al (2005), which is shown 

below. 

( )
( )( )11

1
−+

−
=

μμπ
μβξ
rhyst  (9-16) 

Where:  
λ

β
+

==
1

22
OTM

M s ; 

 spt MM=λ  is the ratio of the overturning moment provided by post-
tensioning, Mpt, and the energy dissipating reinforcement, Ms; 

 OTM = the total overturning moment; 
 r = the post-yield stiffness. 
 



Chapter 9 – Seismic lateral force design 

311 

a) 
1 1.5 2 2.5 3

Ductility, μ

0

4

8

12

16

ξ hy
st
 (%

)

r = 0.6

r = 0.4

r = 0.2

r = 0

b) 
Figure 9.10. Flag-shaped hysteresis rule: a) Hysteresis b) Hysteretic damping (β = 0.8)  

 

For post-tensioned timber systems a flag-shaped hysteresis may not be appropriate. This 

is because the elastic deformation of the structural elements is significant and the 

relatively low axial stiffness of the connections, compared to concrete or steel. This 

results in a post-yield stiffness, r, which is relatively high. Furthermore, additional 

strength from the non-structural elements, gravity system and interaction of the floor 

system (see Chapter 5), may significantly increase the post-yield stiffness of the 

building. The hysteresis for the test building with hybrid frames and walls, and a floor 

diaphragm, is shown in Figure 9.11. Approximate estimations of the yield point indicate 

that the post-yield stiffness is between 70 to 90 percent of the initial stiffness. 

According to Equation 9-16, such a high r-value significantly reduces the potential 

hysteretic damping, as illustrated in Figure 9.10b.  

Ideally the hysteretic damping should be determined by following the frame modeling 

procedures from Chapter 6. However, this can not be done till after the seismic lateral 

force design, which enables the member geometry, post-tensioning level and additional 

reinforcement to be defined. Consequently, it is recommended that the hysteretic 

damping is assumed during the lateral force design, and is checked during the more 

detailed modeling process. It is recommended that the assumed damping value should 
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be less than 10%, to ensure that the design is achievable. See section 9.5.2 for further 

detail.  
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b) 

Figure 9.11. Hysteretic response for hybrid test building: a) Frame b) Wall  
 

Once member geometry and reinforcement has been defined the hysteretic area-based 

damping can be calculated to ensure it is greater than or equal to the value assumed for 

the lateral force design. Using the modeling procedures from Chapter 6, the hysteretic 

shape can be determined, as shown in Figure 9.12. The moment provided by the 

additional reinforcement (Ms) is added to and subtracted from the moment provided by 

the post-tensioning. Generally, it can be assumed that Ms is constant. The area-based 

damping is computed for the combined hysteretic response using Equation 9-15. This 

should be done for the first level of the frame. If the same member sizes are maintained 

up the height of the building, the most elastic deformation will occur at the first floor, 

which will provide the lowest hysteretic damping value, resulting in higher seismic 

demand.  

Alternatively, an adaptive pushover analysis can be used to verify the hysteretic 

damping assumed in the displacement-based design. However, this requires a numerical 

model of the frame system to be created. The system hysteresis can be defined by 
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considering the base shear and the displacement at the floor closest to the effective 

height. 

 
a) b) 

Figure 9.12. Determining the hysteretic damping for the analytical modelling procedure a) 
Monotonic response b) Hysteretic response 

 

According to Priestley et al (2007), the hysteretic damping from area-based expressions 

should be corrected to take into account the random nature of the earthquake motion 

(see Figure 9.13). Area-based damping is calculated for a full-cycle sinusoidal 

earthquake motion, with peak positive and negative displacements (Jacobsen, 1960). 

For real earthquake motions, a full cycle is unlikely to occur, which may reduce the 

hysteretic damping.  

Due to elastic deformation structural members, it is unlikely that the ductility of a PT 

timber system will exceed two (see Chapter 10). Observing Figure 9.10b, the hysteretic 

damping is below 10% for realistic r – values. According to Figure 9.13, the correction 

factor is approximately 0.8. However, there appears to be significant scatter between the 

flag-shaped (FS) and the thin-tekada (TT) hysteretic shapes at this level of damping. It 

is proposed that for PT timber that the correction factor can be ignored. This assertion is 

tested in Chapter 10.      
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Figure 9.13. Correction factor for area-based equivalent viscous damping (Priestley et al., 2007) 

 

9.4. CONSIDERATIONS FOR WALL SYSTEMS 

As for frames, key considerations for the DBD of PT walls are addressed. Little 

information is available for the seismic lateral force design of PT timber walls. Yet, 

extensive research has been performed on coupled and non-coupled reinforced and 

precast concrete walls (Kurama et al., 1999; Sullivan et al., 2006; Priestley et al., 2007). 

Furthermore, for precast concrete comprehensive design information has been provided 

in the NZCS PRESSS Handbook (NZCS, 2010). Again, these design approaches 

require modification so they can be extended to timber walls, which possess unique 

material properties.   

9.4.1. The displacement profile 

For medium-rise buildings, a linear displacement profile is assumed for the 

displacement-based design of post-tensioned precast concrete walls (Priestley et al., 

2007; NZCS, 2010). However, for timber this may not be strictly appropriate because 

the elastic deformation of timber walls is more significant and may result in a more 

non-linear displacement profile.   
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As described in Chapter 7, the wall displacement at the roof, Δroof, is the sum of the 

connection deformation, Δcon, flexural deformation, Δf, and shear deformation, Δs: 

consfroof Δ+Δ+Δ=Δ  (9-17) 

If the elastic deformation of the wall elements is significant (resulting in a non-linear 

displacement profile) and a linear displacement profile is assumed, the displacement-

based design may be unconservative seismic demands. If shear deformations are 

dominant, the drift demand on the first floor will be critical, thus increasing the overall 

seismic demand. If flexural displacements are dominant, the critical drift demand will 

be on the top floor; again increasing seismic demand. Therefore, any deviation for a 

linear displacement profile will increase the seismic demand.  

The relative proportion of flexural, shear and connection displacement, and hence the 

shape of the displacement profile, depends on the proportion of the total wall 

displacement from the connection, Rcon, the aspect ratio of the wall, Ar, and the 

proportion of the overturning moment, OTM, provided by the coupling elements, 

MCE,B, termed βCE.  As introduced in Chapter 7 and shown in Figure 7.5, the βCE value 

affects the shape of the bending moment distribution on the wall elements. 

 
Figure 9.14. Moment profiles for coupled walls (based on a diagram by Priestley et al 2007) 
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Where:  
w

l  is the length of each wall; 

 H  is the interstorey height. 
 

If Rcon is large, the connection deformation is dominant and hence the displacement 

profile will tend to be linear. As Ar increases, the relative significance of the flexural 

deformation increases, which affects the shape of the displacement profile. Furthermore 

if βCE is large, the wall-system will respond with a predominantly shear-type 

displacement profile (see Figure 7.5).  

A sensitivity study was performed using realistic upper and lower bounds for Rcon, Ar, 

and βCE to determine whether a linear displacement profile was appropriate for design. 

Often wall designs are governed by serviceability displacement limitations (see section 

9.7). For such designs, the wall-base moments may not achieve decompression, 

resulting in effectively no connection rotation. Hence, Rcon was varied between 0 and 

0.8. Ar is varied between 1 and 2.5, to match with realistic wall geometries. βCE varied 

from 0.1 to 0.5. If βCE is larger than 0.5, re-centering of the wall system will not occur, 

which is not considered as a design possibility.  

A four storey wall system is used for the sensitivity study. This is considered to be an 

upper bound wall element height. Above four stories, it is expected that a splice 

connection would be detailed to maximize ease in transportation and construction. The 

splice connections may allow rotation, which may alter the displacement profile. Hence, 

further research is required to determine if a linear displacement profile is appropriate 

for wall structures over four stories. However, this issue is partially addressed in 
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Chapter 11. In any case, a linear displacement profile may be assumed provided the 

assumption is verified by a push-over or time-history finite element analysis. 

Observing the results of the sensitivity study in Figure 9.15, the most significant 

deviation from a linear displacement profile occurs when Rcon, Ar, and βCE are 0, 2.5 

and 0.1 respectively. For this case, if a linear displacement profile is assumed, the base 

shear according to displacement-based design will be under estimated by 17%. 

Conversely, if the wall system is designed for the base shear resulting from an assumed 

linear displacement profile, the peak drift will be 17% higher than expected. For a 

simplified design this error seems acceptable, given that strength provided by the floor 

and gravity systems, which may be significant (see Chapter 5) is ignored for design.  
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Figure 9.15. Displacement profile for four story coupled timber walls: a) Displacement 

contributions (Rcon=0.5; Ar,=1; βCB= 0.5) b) Sensitivity study 
 

Therefore, the inelastic mode shape, δi, for walls is similar to frames for up to four 

storeys. Hence:  

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
=

n

i
i H

H
δ  (9-21) 

Where:  n = the number of storeys; 
 Hi = the floor height at the ith level. 
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For wall systems above four stories the displacement profile should be verified using a 

push-over or time-history finite element analysis.  

9.4.2. The yield displacement 

The yield displacement is required for the seismic lateral force design of hybrid walls. 

As for frames, the elastic deformation of the wall is dependent on strength. As shown in 

Equation 9-17, the total deformation of the wall elements is summation of the flexural, 

shear and connection rotation. To determine the yield rotation, this sum must be 

evaluated at the yield point of the wall. The contribution of the connection rotation 

depends on the type of additional reinforcement. Two solutions are considered in this 

thesis; U-shaped flexural plate (UFP) couplers and axial reinforcement at the wall-base.  

U-shaped flexural plates 

A potential contribution to the yield displacement of a wall system with UFP couplers is 

the connection deformation (between the UFP devices and the wall) and the elastic 

deformation of the walls elements: 

eweufpey ,,,
Δ+Δ=Δ  (9-22) 

Where:  
ey,

Δ  = the total yield deformation at the effective height; 

 
eufp,

Δ  = the deformation due to the UFP couplers at the effective height; 

 
ew,

Δ  = the yield deformation due to the wall at the effective height; 

 

According to Kelly et al (1972), the UFP couplers begin to yield instantly when 

displaced or in other words have effectively infinite initial stiffness. However, the 

connections used to attach the UFPs to the walls may deform resulting in delayed 

activation of the UFPs (see Chapter 5). The contribution of the UFP connection 

deformation to yield displacement of the system can be approximated in Equation 9-23. 

Assuming that the UFP devices are connected to the walls using screws or nails, it is 
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reasonable to assume an upper bound connection deformation, Δufp, of approximately 

1mm as inferred from NZS3603 (1999).  

wl
ufp

e
H

eufp

Δ
=Δ 2

,
 (9-23) 

Where:  eH  is the effective height of the wall. 
 

Potentially flexural, shear and axial deformation may contribute to the yield 

displacement of the wall system. Observing Figure 9.16a, it is evident that flexural 

deformation of the wall elements will activate the UFP devices, and hence, should not 

contribute to the yield displacement. As shown in Figure 9.16b, shear deformation can 

occur without activating the UFPs. Notably, this assumes the UFP connections are able 

to rotate slightly relative to the wall. Differential axial displacement of each wall may 

also contribute to the yield deformation. By assuming the flexural, shear and axial 

deformations are decoupled estimates of the wall deformation at the yield point can be 

made.  

Therefore, the wall strength which is a product of the lateral force design is required to 

determine the yield deformation. To illustrate the effect of wall strength on the elastic 

deformation, the sensitivity study in the previous section is considered. From this study, 

the shear distortion contributed between 10 and 60% of the elastic deformation of the 

wall elements. Assuming that shear deformation is the only the contribution to the yield 

displacement, and that the connection rotation is half of the total wall deformation, the 

yield displacement can vary between 5 and 30% of the total wall deformation. This 

gives ductilities of between 20 and 3 respectively which can result in significant 

variation in the area-based damping of the wall system. Consequently, the design base 

shears, determined from the seismic lateral force design (see Chapter 9) can also vary 

significantly if the yield deformation is incorrect.     
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a) b) 
Figure 9.16. The effect of elastic deformation on the UFP couplers: a) Flexural distortion b) 

Shear distortion  
 

Both longitudinal and transverse shear deformation of the wall elements may contribute 

to the yield deformation. The transverse shear deformation of the wall system can be 

approximated using the expressions from Chapter 7. The vertical shear deformation 

depends on the shear applied by the UFP couplers. The following expression was 

derived to conservatively estimate the shear deformation of the wall at the effective 

height. 

vswGA
ufpV

swGALS

eHbV

esveshes eH
,

43.0

,,,
2+=Δ+Δ≈Δ

γ
 (9-24) 

Where:  
LS

γ  is 1.0 and 1.25 for serviceability and ultimate limit state design 

respectively; 
 bV  is the base shear of a double wall system; 
 swA  is the horizontal shear area of one wall element; 

 
cll

OTMCE
ufp

V
β

≈  is the total shear from the UFP couplers; 

 
cl

l  is the centerline distance between each wall; 

 vswA ,  is the vertical shear area of one wall element; 
 G  is the shear modulus of the timber. 
 

Axial force variation in each wall due to the coupling elements, results in deformations 

that may contribute to the yield displacement. The following expression is proposed to 
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estimate the contribution of axial displacements to the yield displacement at the 

effective height: 

wAtE
nHufpV

wl
eH

ea

2

,
≈Δ  (9-25) 

Where:  nH  is total height of the wall; 
 wA  is the cross sectional area of one wall element; 
 

Combining the contributions from shear and axial deformation gives: 
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 (9-26) 

The yield deformation predicted by the above equations is compared with the results of 

time-history analysis in Chapter 11.  

Axial reinforcement 

Contributions to the yield displacement of a wall system (at the effective height) with 

axial wall-base reinforcement are the connection deformation, Δcon,e, and the elastic 

deformation of the walls elements, Δw,e: 

eweconey ,,,
Δ+Δ=Δ  (9-27) 

The connection rotation at the yield point should be determined using the connection 

modeling approaches, which are provided in Chapter 7. Alternatively, the yield rotation 

of the connection can be conservatively over estimated assuming the neutral axis depth 

is at the half-height of the section. Hence: 

e
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eyconecon H
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H
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,, −

Δ
==Δ θ  (9-28) 
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Both the flexural and shear deformation of the wall elements should be considered. The 

following equation is a conservative estimate of the elastic deformation of the wall 

elements. For the flexural deformation, the linear approximation shown in Figure 7.5 is 

applied. For shear deformation, an average shear force from the base to the effective 

height is considered.   

( )
⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
+

−
≈Δ

s

s

w

eCE
bLSew GA

V
EI

HV
26

1 2

,
β

γ  (9-29) 

Where:  sV  is the average interstorey shear (≈ 0.85Vb); 
 sGA  is the shear stiffness of a wall element. 
 

9.4.3. Equivalent viscous damping 

For PT-only wall solutions, only elastic damping is taken into account. As suggested in 

section 9.2: 

%2== eleq ξξ  (9-30) 

The methodology for determining the hysteretic damping for walls and frames is similar 

and therefore, the hysteretic damping is calculated using Equation 9-15 and modeling 

approaches from Chapter 7 or an adaptive pushover analysis. The level of hysteretic 

energy dissipation is specified during the lateral force design and subsequently, the wall 

system is detailed to achieve the required hysteretic damping. It is recommended that 

the hysteretic damping specified for lateral force design should not exceed 20% for 

coupled wall systems, to ensure that it can be achieved in the detailed design.  
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9.5. PROPOSED DISPLACEMENT-BASED DESIGN PROCEDURES 

Two procedures are proposed for the displacement-based design (DBD) of post-

tensioned (PT) timber systems; one for post-tensioned (PT-only) and one for hybrid 

systems. These approaches are applicable for both frame and wall structures.The 

proposed DBD process for PT-only systems is identical to that proposed by Priestley et 

al (2007). For hybrid timber systems, an extended DBD approach is proposed.  

Using the traditional DBD procedure (Priestley et al., 2007), the yield displacement, 

and hence the ductility, is determined at the beginning of the lateral force design 

process. For timber, the yield deformation and ductility is strongly dependent on the 

strength of the structural system, which is not accurately known until the end of the 

DBD procedure. Hence, the traditional DBD procedure can lead to design iterations, if 

the actual ductility is less that assumed during the lateral force design.  

The equivalent viscous damping (EVD) for a hybrid system can be a designer’s choice, 

within realistic bounds. Using the specified EVD, the strength demand is calculated, 

which allows the yield deformation and ductility to be determined. The hysteretic 

response of the structure can then be manipulated, within limits, to achieve the required 

level of EVD. It is noted, that the hysteretic damping is limited so that the re-centering 

capability of the structural system can be achieved. Therefore λ-value must not be less 

than the re-centering ratio limit, α0, of 1.5 from NZCS (2010) as defined below.  

0αλ ≥=
S

EL

M
M

 (9-31) 

Where:  ELM  is the base moment from the non-dissipative components, such as post-
tensioning, gravity load, floors and gravity systems; 

 SM  is the base moment from the dissipative components. 
 

 

 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

324  

Similarly, the ratio of Ms and the total overturning moment (OTM) is limited: 

9.02
≤=

OTM
M Sβ  (9-32) 

Where:  
λ

β
+

=
2

1  and; 

 CEββ 2=  for coupled walls with energy dissipating couplers. 
 

During the detailed design phase, the designer must provide sufficient energy 

dissipating reinforcement to meet or exceed the EVD assumed in the lateral force 

design but still maintain re-centering. For coupled wall design, in addition to the EVD, 

the proportion of the OTM provided by the coupling elements, βCE, is required to 

estimate the yield deformation of the system. To avoid design iterations, it is prudent to 

assume a low hysteretic damping and βCE – value.  

9.5.1. Post-tensioned systems 

As noted above, the proposed DBD process for post-tensioned only systems is identical 

to existing procedures (Priestley et al., 2007). The procedure is summarized below and 

illustrated in Figure 6.23.  

1. Define the allowable deformation 

The allowable deformation is usually expressed as an interstorey drift limitation. 

The drift limitation is set by material or code-based limitations for a certain 

performance level. For example, under serviceability limit state design the drift 

may be limited to 1.0%, to avoid extensive damage of internal linings. While for 

ultimate limit state design, NZS1170.5 (2004) does not accept drifts over 2.5%.  
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2. Specify the displacement profile 

For wall and frame structures below four stories, a linear displacement profile 

(or uniform drift profile) can be assumed. For frames above 4 storeys, the 

inelastic mode shape shown in Equation 9-4 is appropriate. For walls above 4 

storeys, a linear displacement profile may be assumed, but should be verified 

using numerical analysis, such as an adaptive pushover.  

3. Determine the design displacement, effective mass and effective height 

The structural system is reduced to an equivalent single-degree-of-freedom 

(SDOF) system with a design displacement, effective height and effective mass.  

4. Specify the equivalent viscous damping 

For post-tensioned frame and wall systems the equivalent viscous damping 

(EVD) is equal to the elastic damping and can be taken as 5% and 2% of critical 

damping respectively. No further corrections are required. 

5. Scale the design displacement spectrum 

Usually the design displacement spectrum for 5% of critical damping is 

provided by seismic design codes. If the EVD is not equal to 5%, then the 

displacement spectrum must be scaled by Rξ, from Eurocode (EC8, 2004).  

6. Determine the effective period 

The effective period of the structural system is determined by projecting the 

period from the intersection of the scaled displacement spectrum and the design 

displacement.  
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7. Calculate the effective stiffness 

The effective stiffness of the equivalent SDOF system is determined, using the 

effective period and mass. 

8. Determine the base shear 

The design base shear is determined using the effective stiffness and design 

displacement of the SDOF system. 

9. Distribute the base shear up the structure 

The base shear is distributed up the height of the frame or wall structure, 

according to Equation 9-5 or 9-6. For frame and wall structures above four 

storeys, 90% of the base shear is distributed in proportion to floor mass and 

displacement and 10% of the base shear is added to the roof, to protect against 

increase interstorey drift due to higher mode response.  
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Figure 9.17. DBD procedure for post-tensioned systems  
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9.5.2. Hybrid systems 

For hybrid systems, the core DBD process is similar to PT-only systems. Additional 

design steps are added to ensure the damping provided by the structural system 

complies with the assumptions made during the seismic lateral force design. The 

procedure is summarized below and illustrated in Figure 9.18.   

1. Define the allowable deformation 

2. Specify the displacement profile 

3. Determine the design displacement, effective mass and effective height 

For steps 1 to 3, refer to section 9.5.1.  

4. Specify the equivalent viscous damping 

The equivalent viscous damping for a hybrid system is specified. Firstly, the 

elastic damping for frame and wall systems can be taken as 5% and 2% of 

critical damping respectively. The desired hysteretic damping is specified (but 

must be achievable during the detailed design). Generally, a ductility of over 2 

is (economically) difficult to achieve with frame systems because elastic 

deformation and the post-yield stiffness factor, r, are relatively high. Therefore, 

the hysteretic damping value is generally limited to approximately 10%. For 

wall systems, the elastic deformation of the elements is generally less than 

frames, consequently higher damping values can be achieved. The assumed 

damping value should be limited to 20%.    

5. Scale the design displacement spectrum 

6. Determine the effective period 

7. Calculate the effective stiffness 
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8. Determine the base shear 

9. Distribute the base shear up the structure 

For steps 5 to 9, refer to section 9.5.1.  

10. Design the frame or wall system  

The frame or wall system is designed using the actions from the lateral force 

design following procedures from Chapter 6 and 7. The proportion of strength 

from the dissipative reinforcement must be chosen at this point, within the 

bounds specified in Equations 9-29 and 9-30. Generally, a β – value of 0.8 is 

appropriate for both wall and frame structures.  

11. Check the hysteretic damping of the system 

It is verified that the hysteretic damping of the system is greater than or equal to 

the hysteretic damping assumed in the displacement-based design. The 

hysteretic damping can be quantified by performing an adaptive cyclic pushover 

analysis or using the analytical modeling procedures from Chapter 6 and 7 (as 

shown in Figure 9.12).  

If analytical modeling procedures are used to determine the hysteretic damping, 

the yield deformation of the frame or wall system can be approximated using 

Equations 9-11, 9-22 or 9-27. If the hysteretic damping is less than the value 

assumed in the displacement-based design, the β – value can be increased (up to 

0.9) or the member geometry can be increased, which increases the structural 

ductility. Subsequently, if the assumed hysteretic damping value is still not 

achieved, the entire displacement-based design process must be repeated.  
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Figure 9.18. DBD procedure for hybrid systems  
 

9.6. EXCEEDENCE OF THE DISPLACEMENT DEMAND 

Performing displacement-based design, the design displacement of the structural system 

may exceed the demand from the design spectrum, as illustrated in Figure 9.19. In other 

words, the seismic demand on the structure is not sufficient to induce the design 

displacement. For post-tensioned timber buildings this may occur more frequently than 

comparable precast concrete buildings because allowable design displacements may be 

larger under either serviceability or ultimate limit state design.  

 

 
Figure 9.19. Exceedence of the displacement demand (NZS1170.5:2004 displacement spectrum) 
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Priestley et al (2007) suggests two design approaches for when the design displacement 

exceeds the demand; one for elastic and one for inelastic response. For an elastic 

system, there is no unique solution. Any effective period along the displacement plateau 

can be chosen, resulting in low base shear. However, minimum allowable base shear are 

suggested for stability (termed P-Δ effects). A stability index, θΔ, is suggested, with a 

suggested limit of 0.3.  

3.0≤
Δ

=Δ OTM
P dθ  (9-33) 

Where:  P  = the total gravity load; 
 OTM  = the total overturning moment. 
 

For inelastic systems that exceed the displacement demand, the assumed system 

ductility and hysteretic damping for DBD cannot be achieved under the design 

earthquake. Priestley et al (2007) suggests that the system damping is reduced until the 

displacement plateau is greater than or equal to the design displacement. If the 

hysteretic damping is reduced to zero and the design displacement still exceeds the 

demand, then the systems is elastic, and the stability index will dictate the minimum 

base shear. Obviously, other load cases such as wind should also be considered.  

9.6.1. Determination of the corner period 

As shown in Figure 9.19 for NZS1170.5 (2004) the displacement demand plateaus at 

the corner period of 3 seconds. However, several researchers (Faccioli et al., 2004; 

Faccioli et al., 2007; Priestley et al., 2007) agree that the corner period, Tc, and peak 

displacement plateau is related to the earthquake magnitude. Furthermore, it was shown 

by Bommer et al (2000) and other researchers that earthquake ground motion data 

filtering has led to inaccurate code displacement spectra at high periods. Consequently, 

corner periods were found to be too low for many earthquake standards.  
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Faccioli (2004) suggests that following empirical expression is conservative for 

displacement-based design for earthquake moment magnitudes, Mw, over 5.7: 

( )7.55.20.1 −+= wc MT  (9-34) 

The above equation yields a minimum corner period of 1 second. For a magnitude 8 

event, the corner period may be as high as 7 seconds, which is well in excess of the 

NZS1170.5 corner period of 3 seconds. Notably, more recent research by Faccioli et al 

(2007) has resulted corner periods that are approximately 20% higher than that shown 

in Equation 9-34. 

Further research is required to determine the corner period and displacement plateau 

that is appropriate for design in New Zealand. If future research determines that a larger 

corner period is required under the New Zealand loadings code, designs that currently 

exceed the current corner period (3 seconds) may underestimate seismic demands.  

9.6.2. Higher modes 

Another factor to consider when the displacement demand is exceeded is higher mode 

response. Because DBD is a single-degree-of-freedom (SDOF) design method, higher 

modes of response are not implicitly considered. Amplification factors are applied to 

the design interstorey shear and moment (Priestley et al., 2007), as done for equivalent 

static force-based design (NZS1170.5, 2004). Priestley et al (2007) also suggests that 

higher modes amplify the peak interstorey drift demands for frame systems.  

If the design displacement exceeds the displacement demand, higher mode response can 

become more significant (Sullivan et al., 2012). This concept is illustrated in Figure 

9.20. From time-history analysis of post-tensioned timber frames and cantilever walls 

(see Chapter 10 and 11) the second and third modes are approximately one-third and 

one-sixth of the first mode period respectively. Therefore, the displacements resulting 

from higher modes can be similar magnitude to the first mode displacements. This can 

result in a non-conservative seismic lateral force design.   
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Figure 9.20. Exceedence of the displacement demand and the influence of higher modes 

 

9.6.3. Proposed design approach 

A conservative design approach is proposed, that will address the issues associated with 

estimating the corner period and higher mode response, until further research can be 

performed. It is proposed that a linear projection of the linear displacement spectrum 

before the corner period is used for design (Sullivan et al., 2010), as shown in Figure 

9.21.  

As shown by Faccioli et al (2004), the corner period can vary significantly for different 

earthquake magnitudes. Because peak ground acceleration, rather than the earthquake 

magnitude, is considered under New Zealand design standards (NZS1170.5, 2004), it is 

difficult to define the expected earthquake magnitude for a certain site, resulting in 

inaccuracies in the expected displacement demand.  

Furthermore, Faccioli et al (2004) suggests that corner periods can be as high as 7 

seconds for high magnitude events. It is highly likely that the first mode period for post-

tensioned timber systems is within 7 seconds. Hence, until further information is 

available, a linear projection (see Figure 9.21) is conservative. 

By using a linear projection the participation of higher modes are limited and consistent 

for different designs. This will allow more accurate calibration of higher mode 

amplification factors for interstorey drift, shear and moment (see Chapter 10 and 11).  



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

334  

 
Figure 9.21. Exceedence of the displacement demand; proposed design approach  

(Sullivan et al., 2012) 
 

9.7. GOVERNING LATERAL LOADS 

A simple sensitivity study is performed to indicate where earthquake or wind loading is 

likely to govern for the lateral force design of post-tensioned timber systems. Multiple 

performance levels (design drifts), building heights, building locations and aspect ratios 

are considered. The governing load conditions are identified by comparing the design 

base shear. 

9.7.1. Design parameters 

There are an infinite number of building permutations that could be considered when 

comparing wind and earthquake loading. Hence, some parameters were fixed during 

this sensitivity study. The windward length of the building, L, was fixed at 36m. Three 

building widths were considered; 18m, 36m and 72m corresponding to floor aspect 

ratios, λf, of 0.5, 1 and 2. Provided that the period of the structure is less than the corner 

period (which is 3s for NZS1170.5) or on the linear portion of the displacement 

spectrum (see Figure 9.21), the length of the building does not affect the relative 

magnitude of the wind and earthquake loads. Three regions in New Zealand were 

considered; Auckland, Christchurch and Wellington City. Notably, the seismic zone 

factor and risk factors from NZS1170.5 (2004) for Christchurch were ammended in 

May of 2011. These changes were not considerd in this study.   
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Two earthquake intensities are considered, which correspond to a 1/25 year and 1/500 

year earthquake. These earthquake intensities respectively correspond to serviceability 

limit state (SLS) and ultimate limit state (ULS) loading under NZS1170.5 (2004), for a 

building with an importance level 2 and a 50 year design life. For the 1/25 year or SLS 

intensity, two allowable drifts are considered 0.5% and 1.0%. The 0.5% drift is 

comparable with displacement limitations indicated in NZS1170.0 (2002), which aim to 

limit damage to internal linings. A higher allowable drift of 1% was also chosen based 

on recommendations from seismic tests on full-scale timber frame buildings (Pang and 

Rosowsky, 2009). For the 1/500 year or ULS intensity, an allowable drift of 2.5% is 

considered. For the displacement-based design, if the effective period exceeds the 

corner period (at 3s), a linear projection of displacement spectrum from below the 

corner period is considered (see section 9.6.3). For frames and walls, 5% and 2% elastic 

damping is used respectively. For inelastic response, 10% hysteretic damping is used 

for the ULS earthquake loading, which is considered to be a realistic upper bound. It is 

assumed that under SLS loading, the hysteretic damping is not activated (as seen for the 

test building in Chapter 5). Other parameters that were assumed and fixed for the 

sensitivity study are shown in Table 9.1.  

Table 9.1. Other fixed parameters for the lateral force design sensitivity study 

Parameter Symbol Units Value 
Seismic mass G+ψEQ MPa 2.4 
Soil type - - C 
Interstorey height H1 m 3.8 
Near-field factor N - 1.0 
Zone factor z - 0.13, 0.22, 0.4 
Risk factor R - 0.13, 1.0 

 

Highly idealized wind loading, based on NZS 1170.2 (2002), is considered for the 

sensitivity study. The wind loading considers only the basic regional wind speed and 

ignores variation with in wind pressure due to height, shielding and topography. 

Furthermore, dynamic effects are ignored and a constant aerodynamic shape factor of 
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1.3 is considered. For the permutation with an aspect ratio of 2, the shape factor should 

normally reduce to 1.1. The wind pressures are given in Table 9.7.2.  

Table 9.2. Lateral wind pressure and forces for the sensitivity study 

Location Limit  
state 

Pressure
(KPa) 

Fi* 

(kN) 
Auckland/Christchurch SLS 1.19 163 
 ULS 1.58 216 
Wellington SLS 1.58 216 
 ULS 2.03 278 

*Fi is the force per floor 

9.7.2. Interpretation of results 

The design base shear for wind and earthquake loading are compared to determine 

which loading condition is critical. This is done for SLS and ULS earthquake intensities 

for Auckland, Christchurch and Wellington. An example is given in Figure 9.22. 

 
Figure 9.22. Governing wind and earthquake loads  

 

To determine whether SLS or ULS earthquake loading governs, the effective stiffness 

of the structural system can be considered, as shown in Figure 9.23a. For PT timber 
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systems, the ratio of the effective stiffness at the allowable displacements for SLS and 

ULS displacements can vary in the order of 1.5 and 1.0, based on the experimental data 

from Chapter 5. Comparing the required effective stiffness from DBD with a 

hypothetical push-over curve it can be determined whether SLS or ULS earthquake 

loading will govern. If the ratio of the required effective stiffness for SLS and ULS 

loading (Ke,sls/Ke,uls) is less than 1, then ULS loading will govern. If Ke,sls/Ke,uls is greater 

than 1.5, then it is highly likely that SLS loading will govern.  

Because a linear projection of the displacement profile above the corner period is 

assumed (as discussed in the previous section), the SLS-ULS stiffness ratio (Ke,sls/Ke,uls) 

is not significantly affected by the aspect ratio, zone factor, the elastic damping or the 

displacement profile. Hence, the SLS-ULS stiffness ratio is only plotted for wall 

buildings in Wellington, with a floor aspect ratio of one. An example is given in Figure 

9.23b. 

a) b) 
Figure 9.23. Governing earthquake design levels: a) Pushover curve with SLS and ULS effective 

stiffness b) SLS-ULS stiffness ratio 
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9.7.3. Elastic earthquake response 

To establish whether wind or earthquake loading governs, firstly it must be determined 

whether SLS or ULS earthquake loading is critical. The SLS-ULS stiffness ratio is 

shown in Figure 9.24 for the SLS design drifts of 0.5% and 1.0%. For an SLS design 

drift of 0.5%, it is likely that SLS earthquake loading will govern, while for a SLS 

design drift of 1%, ultimate limit state will govern. Hence, SLS with 0.5% design drift 

and ULS with 2.5% design drift should be considered for comparison with wind.    
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Figure 9.24. SLS-ULS stiffness ratio for a wall building in Wellington, with a floor aspect ratio of 

1 and 2% damping 
 

The base shears for wind and earthquake loads are compared for elastic response in 

Figure 9.26 and Figure 9.27. It is evident that, according to displacement-based design, 

the base shear for earthquake loading is relatively unaffected by the number of floors, as 

noted by Priestley et al (2007), while the assumed wind loading increases uniformly 

with the number of floors. Therefore, as the number of floors increases, wind loading 

becomes more critical.  

Observing Figure 9.26 and Figure 9.27, wind is more often critical for SLS loading than 

ULS. This is because ratio of ULS and SLS earthquake loads are significantly less than 

that for wind. SLS earthquake loads are significantly larger for a design drift of 0.5% 



Chapter 9 – Seismic lateral force design 

339 

than that for 1.0% drift because required effective stiffness, and hence base shear, is 

significantly higher.  

For Auckland, wind loading governs of any building over five storeys, for any limit 

state, aspect ratio or SLS design drift. For buildings with an aspect ratio of less than or 

equal to one, wind governed for any building above two storeys. For SLS loading, wind 

governed for any building over one storey. Hence, there are few cases where wind does 

not govern. 

For Christchurch, earthquake loading is more often critical than for Auckland. Taking a 

building with a floor aspect ratio of 1 as a benchmark, wind will govern for any design 

limit state (and SLS design drift) above 3 and 7 floors for frames and walls respectively.    

Buildings in Wellington are most often governed by earthquake loading. Again, using 

the floor aspect ratio of 1 as a benchmark, wind is never critical for all of the design 

limit states (and SLS design drifts). If the SLS design drift is 0.5% for earthquake 

loading, SLS wind will be critical for frame and wall buildings above 3 and 6 storeys 

respectively.  

9.7.4. Inelastic earthquake response 

The design base shears for wind and earthquake loads are now compared for inelastic 

earthquake response. As introduced, a hysteretic damping of 10% is applied for the 

ULS displacement-based design.  

To determine whether SLS or ULS earthquake loading is more critical, the SLS-ULS 

stiffness ratio is plotted in Figure 9.25 for a SLS design drift of 0.5% and 1%. Figure 

9.25 clearly illustrates that with a SLS design drift of 0.5%, SLS earthquake loading 

will dictate the strength of the structural system. For an SLS design drift of 1%, it is 

also likely that SLS earthquake will govern. Therefore, base on the assumptions made 

in this sensitivity study, providing additional energy dissipation to the structural system 

yields no reduction in its required strength and the most economical option for a 
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designer is to use purely post-tensioned connections. Notably, this may not be the case 

if significant hysteretic damping can be provided at SLS displacements.      
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Figure 9.25. SLS-ULS stiffness ratio for a inelastic wall building in Wellington, with a floor 

aspect ratio of 1 and 12% equivalent viscous damping 
 

Given that that SLS earthquake is critical, the governing load case (wind or earthquake) 

can be determined by observing Figure 9.26. As mentioned previously, SLS wind 

governs over earthquake more often than for ULS loading. Considering a building with 

a floor aspect ratio of 1, wind will govern for buildings over one, two and six storeys for 

Auckland, Christchurch and Wellington respectively. Although, the comparison of ULS 

wind and earthquake is pointless for design (because SLS earthquake governs), the ULS 

base shears for wind and inelastic earthquake loads are compared in Figure 9.27. Again, 

considering the floor aspect ratio of 1, wind will govern the ULS design for any 

building over zero, one and four storeys for Auckland, Christchurch and Wellington 

respectively. Therefore, even if the SLS design is not critical, for Auckland and 

Christchurch it is likely that wind will govern.   
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Figure 9.26. Comparison of wind and earthquake base shear of SLS loads: a) Auckland, θd = 0.5% b) Christchurch, θd = 0.5% c) 
Wellington, θd = 0.5% d) Auckland, θd = 1% e) Christchurch, θd = 1% f) Wellington, θd = 1% 
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Figure 9.27. Comparison of wind and earthquake base shear of ULS loads: a) Auckland, elastic b) Christchurch, elastic c) Wellington, 
elastic d) Auckland, inelastic e) Christchurch, inelastic f) Wellington, inelastic 
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9.8. SUMMARY 

This chapter addressed the displacement-based design (DBD) of post-tensioned timber 

frame and wall buildings. Key findings and recommendations are described below: 

• Firstly, the elastic (or intrinsic) damping appropriate for post-tensioned timber 

was considered using experimental data from previous research. Respectively 

for frames and walls 5% and 2% of critical damping based on the secant 

stiffness of the structure is recommended. Furthermore, using tangent stiffness 

proportional elastic damping is expected to be conservative.  

• Three aspects of the DBD procedure were considered for frame systems; the 

displacement profile, yield displacement for hybrid frames and equivalent 

viscous damping.  

• It was proposed that the existing displacement profile, used for the design of 

reinforced and precast concrete frames, can be applied for timber frames.  

• The yield displacement depends heavily on the elastic deformation of the 

members, and hence, the strength of the frame, which is not known until the end 

of the DBD process.  

• It was determined that the equivalent viscous damping (EVD) of hybrid timber 

frames may be limited, when compared to concrete equivalents, due to the high 

post-yield stiffness of the system. Existing hysteretic rules to determine the 

hysteretic damping, such as the flag-shaped hysteresis, may not be appropriate. 

It was proposed that a conservative EVD should be specified for DBD and then 

verified using either an analytical model or an adaptive cyclic pushover 

analysis.  

• Similar considerations and recommendations are suggested for the DBD of wall 

systems.  
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• Step-by-step procedures were presented for the modified DBD process for post-

tensioned timber buildings. Further recommendations were made for cases 

where the spectral demand (from the code displacement spectra) is exceeded. 

• A simplified sensitivity study of the governing lateral load cases was performed 

considering sites located in Auckland, Wellington and Christchurch. For elastic 

response, it was found that either serviceability limit state (SLS) or ultimate 

limit state (ULS) earthquake loading governed. This depended on the design 

drift limit for SLS design (0.33% or 1.0% drift). For inelastic response (under 

ULS design), it was found that SLS earthquake loading is more likely to govern. 

Comparing wind and earthquake loading; wind was most often critical for 

Auckland, either wind or seismic was critical in Christchurch and earthquake 

was most often critical in Wellington. However, revised zone and risk factors, 

which were ammended in May of 2011 (NZS1170.5, 2004), were not 

considered in the sensitivity study. With these amendments, seismic acitions are 

more likely to be critical in Christchurch.   
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10. VALIDATION OF THE FRAME DESIGN PROCEDURES 

This chapter focuses on the validation of seismic lateral force design procedures for 

frames, presented in chapter 9, using time-history analysis. Several permutations of a 

case study building are considered, with varying number of floors and structural 

systems. Each frame system is modeled using finite elements in RUAUMOKO (Carr, 

2008) and subjected to a suite of earthquakes. Key engineering demand parameters are 

compared from the seismic lateral force design procedure and time-history analysis 

results. Finally, dynamic amplification factors are proposed that are appropriate for 

post-tensioned frame systems.  

10.1. INTRODUCTION 

Displacement-based design (DBD) procedures for hybrid post-tensioned timber frames 

have been validated using time-history analysis by Newcombe et al (2008b). While this 

research did not model all the significant deformation components for frames, it 

demonstrated that displacement-based design sufficiently accurately predicted the frame 

response. The displacement profile, drift, interstorey shear and moment from the time-

history analysis results are compared with the proposed DBD in Figure 10.1 for a 10-

storey frame. The overturning moment re-centering ratio, λ, (see Chapter 2) was set to 

approximately 1.4 at the design displacement of the frame. Constant section sizes were 

considered up the height of the frame but the level of post-tensioning force at each level 

was varied to satisfy the design demands. Hence, the post-tensioning forces at lower 

levels were significantly higher than at the upper levels. Consequently the hysteretic 

response of the beam-column connections at each level varied with height, as shown in 

Figure 10.2. It was suggested that existing dynamic higher mode amplification factors, 

proposed by Priestley et al (2007), for drift and capacity design interstorey shear were 
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appropriate (see Figure 10.1). However, more conservatism was applied for capacity 

design interstorey moments (see Figure 10.1), due to the brittle failure mode of timber 

columns when their flexural capacity is exceeded.  
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d) 

Figure 10.1. Time-history analysis verification of displacement-based design procedure for 
hybrid timber frames (Newcombe et al., 2008b): a) Displacement profile b) Interstorey drift  

c) Interstorey shear d) Interstorey moment 
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Figure 10.2. Hysteretic loops for hybrid timber frames (Newcombe et al., 2008b) 
 

To account higher mode amplification of drifts, an empirical design displacement 

reduction factor can be applied (Priestley et al., 2007), as shown below. However, the 

higher mode reduction factor for drift only comes into effect for buildings over 44 

meters high (approximately 12 storeys). These criteria it is unlikely to affect the 

majority of building designs in post-tensioned timber.  

dd Δ=Δ θω ω,  (10-1) 

Where:  nH0034.015.1 −=θω  is the higher mode reduction factor for drift (≤1.0); 
 ω,dΔ  is the reduced design displacement;  
 nH  is the height of the building (m).  
 
Other displacement reduction factors have been proposed for structures that are 

particularly succeptable to higher mode displacement amplification such as frame-wall 

structures (Sullivan et al., 2006) and T-shaped reinforced concrete wall structures 

(Smyrou et al., 2008). Pennucci et al (2011) developed a procedure to estimate the drift 

contributions due to higher modes of response of reinforced concrete buildings. Such 
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procedures could also be applied to post-tensioned timber buildings, if deemed 

necessary by future research.  

For higher mode amplification of interstorey column shear Priestley et al (2007) 

proposes that constant value, which is proportional to the design ductility, μ, is added to 

the displacement-based design shears, as shown below. Notably, the critical shear 

demand for a column may occur within the joint panel region. These shear stresses are 

induced by eccentric compressive forces applied by the beams on either side of a 

column. Existing reinforced concrete design approaches (Paulay and Priestley, 1992) 

can be employed to verify the strength of the joint panel region. 

baseEENs VVV ,
0 1.0 μφφ +≥  (10-2) 

Where:  sφ  is the strength reduction factor for shear (0.9 for LVL);  
 NV  is the nominal shear capacity; 
 0φ  is the overstrength factor considering overstrength; 
 EV  is the interstorey shear demand from earthquake loading. 
 

For interstorey column moments, amplification factors were proposed by Priestley et al 

(2007), and modified by Newcombe et al (2008b): 

EfNf MM ωφφ 0≥  (10-3) 

Where:  fφ  is the strength reduction factor for flexure (0.9 for LVL);  
 NM  is the nominal moment capacity; 
 fω  is the dynamic amplification factor for higher mode affects; 
 EM  is the moment demand from earthquake loading. 
And: 

( )113.0
0.1

0 −+
=

μ
ω

af  (10-4) 

Where:  a  = 1.15 for reinforcement concrete frames (Priestley et al., 2007) and 1.66 
for post-tensioned timber (Newcombe et al., 2008b).  

At the roof and base level 

All other levels 
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In Chapter 9, it was established that current hybrid frame solutions may be inefficient, 

because the frame strength is dictated by serviceability limit state displacements. 

Therefore, the majority of frame designs are likely to be elastic systems without 

ductility. Hence, the above dynamic amplification factors cannot be computed and 

aforementioned time-history analysis verifications may not be applicable. A greater 

understanding of higher mode amplification factors for frame systems is required. For 

post-tension timber, a conservative shear and moment envelope, would seem more 

appropriate because deflection limits rather than strength most often controls the section 

size.  

10.2. FRAME DESCRIPTION 

Time-history analyses are performed on three frame geometries, based on those 

originally considered by Newcombe (2008). While Newcombe (2008) focused on 

hybrid frames, only post-tensioned frames are considered here, due to the reasons cited 

above. All significant deformation components, including joint panel deformation, are 

accounted for in this study. The frame geometries were based on a case study structure, 

illustrated in Figure 10.3. Three frames were considered for the time-history 

verifications, numbered 1 to 3 (see Figure 10.4). The frames have 3, 6 or 10 floors, with 

total frame length of 35m. Newcombe (2008) determined that the number of bays did 

not affect the accuracy of the displacement-based design. Hence, only one 5 bay frame 

is considered, with a bay length of 7m. The tributary width is 6m per frame. The 

seismic weights were based on a timber-concrete composite floor system and were 

assumed to be constant for each floor, due to the relatively minor contribution from the 

vertical structure. The seismic weights are given in Table 9.2.  
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Table 10.1 – Seismic weights 

Floor Dead 
load, D 
(KPa) 

Live 
load, Q 
(KPa) 

Seismic 

D + 0.3Q 
(KPa) 

Seismic 

Weight 
(kN) 

Roof 2.4 2 3.0 630 
Typical 2.4 3 3.3 693 

 

 
Figure 10.3. Case study structure (c.o. N. Perez) 

 

 
a) 

 
b) 

 
c) 

Figure 10.4. Frame geometries: a) Frame 1 b) Frame 2 and c) Frame 3 
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Horizontal tendons run through each beam unbonded for the entire length of the frame, 

with variable post-tensioning force at each level. It is assumed that for ease-of-

fabrication or architectural reasons that the member geometry is the constant up the 

entire height of the building. Moment-resisting connections are provided at the base of 

the columns (see Figure 10.6). Normally the column-base connections would be 

designed with internal or external mild steel reinforcement, which would provide 

hysteretic damping to the structural system. However, this is ignored so that the frame 

design is minimally-damped, which will ensure consistency between the displacement-

based design and the numerical analysis.  

10.3. SEISMIC LATERAL FORCE DESIGN 

The frames were designed using the seismic lateral force design procedures from 

Chapter 9. The seismic hazard was defined according to NZS1170.5, for Wellington 

City, soil type C and a 1/500 year return period. Hence, is was assumed that the 1/500 

year or ultimate limit state earthquake loading (for a building with a design life of 50 

years and an importance level of 2) was the governing lateral loading condition. Key 

design parameters are given in Table 10.2. For further detail refer to Appendix G.    

Table 10.2 – Key parameters for the seismic lateral force design 

Parameter Symbol Units Value(s) 
Design drift θd % 2 
Equivalent viscous damping ξeq % 5 
Effective period for Frame 1, 2, 3 Te s 1.37, 2.03, 3.26 
Base shear for Frame 1, 2, 3 Vb kN 647, 901, 918 
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10.4. FRAME DESIGN 

The design actions (shears and moments) throughout the frames, resulting from the 

lateral forces, were determined using an equilibrium-based approach, described by 

Priestley et al (2007). Once the design moments at each beam-column connection were 

determined, the frame was designed using procedures from Chapter 6. This involved 

estimating the beam and column section sizes, estimating the elastic deformation and 

determining the allowable connection rotations. The connections were designed for the 

allowable connection rotation and earthquake moment demand. Further detail is 

provided in Appendix G.  

The beam and column sections are solid Laminated Veneer Lumber (LVL), with a 

bending modulus and shear modulus of 11GPa and 600MPa respectively and a 

compressive strength of 45MPa. For post-tensioning, 0.5 inch tendons with an ultimate 

stress of 1860MPa were used. It was assumed for the connection design that parallel-to-

grain column armouring was used. Hence, half of the column width had timber with 

grain aligned parallel to the longitudinal axis of the beam. A sketch is provided in 

Figure 10.6a. Some key parameters are given in Table 10.3 and Table 10.4.2. Once 

sufficient post-tensioning is provided to satisfy the connection moment demands, at the 

allowable imposed rotation, the full moment-rotation curve are generated. The moment 

rotation curves for each floor of Frame 1, 2 and 3 are shown in Figure 10.5.  

Table 10.3 – Section sizes for each frame 

Frame Beam/Column
Depth (mm) 

Beam/Column
Width (mm) 

Frame 1 600 300 
Frame 2 700 300 
Frame 3 700 300 
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Table 10.4 – Connection design parameters for each frame 

Frame Connection 
rotation, θimp 

Connection 
Moment, Mcon 

Post-tensioning 
force, Tpt 

Frame 1    
-Floor 3 0.0160 79.4 246 
-Floor 2 0.0138 138 494 
-Floor 1 0.0121 167 638 
Frame 2    
-Floor 6 0.0179 85.0 196 
-Floor 5 0.0165 142 389 
-Floor 4 0.0146 189 565 
-Floor 3 0.0131 227 717 
-Floor 2 0.0121 253 862 
-Floor 1 0.0115 266 931 
Frame 3    
-Floor 10 0.0187 68.3 157 
-Floor 9 0.0179 109 278 
-Floor 8 0.0164 146 402 
-Floor 7 0.0150 179 533 
-Floor 6 0.0138 209 649 
-Floor 5 0.0128 234 766 
-Floor 4 0.0120 255 876 
-Floor 3 0.0113 271 958 
-Floor 2 0.0109 282 1019 
-Floor 1 0.0107 288 1066 
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c) 

Figure 10.5. Moment-rotation curves: a) Frame 1 b) Frame 2 and c) Frame 3 
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The column-base connections were designed to provide a combined moment of 

0.6H1Vb, as suggest by Priestley et al (2007). It was assumed that the column-base 

connection was post-tensioned, with an unbonded length of 3.0m. A hypothetical 

depiction of the column-base connection is shown in Figure 10.6b. 

a) b) 
Figure 10.6. Sketches of connection details: a) Beam-column connection b) Column-base 

connection 
 

As a variation, Frame 1 (see Figure 10.4) was re-designed with pinned column-base 

connections. As discussed in Chapter 9, the frame is designed to maintain a linear 

displacement profile. This is verified using time-history analysis. Further detail on the 

design procedure is given in Appendix G.  

10.5. MODELING APPROACH 

10.5.1. The frame 

The modeling approach for the frames is similar to that used in Chapter 6 for the test 

building (see Chapter 4). The beam and column members are modelled using elastic 

one component Giberson frame elements. The joint panel deformation is captured using 

a rotational spring, as illustrated in Figure 10.7. The stiffness of the rotational spring 

was defined using procedures from Chapter 6. A rotational spring model (see Figure 

10.7) is used to represent the hysteretic moment-rotation response of rocking beam-
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column connections. It was concluded in Chapter 6 that this model, rather than a more 

complex multi-axial-spring model, was sufficient to capture the response of post-

tensioned timber frames. The moment-rotation curves, from Figure 10.5, are 

represented using a multi-linear elastic hysteresis from RUAUMOKO (Carr, 2008), 

with five linear segments. An example of a fitted multi-linear curve is given in Figure 

10.8.  

 
Figure 10.7. Rotational spring models for joint panel and beam-column connection 
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Figure 10.8. Fitted multi-linear elastic hysteresis 

 

The column-base connections were modeled using rotational springs also with a multi-

linear elastic hysteresis. The external columns are subject to significant axial load 

variation due to seismic loading, which will affect the connection moments. However, 

the average of the two exterior column moments will be approximately equal to the 
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moment for purely gravity axial load. Hence, the effects of seismic induced axial forces 

are ignored in the analysis. Since the maximum contribution of the column-base 

moments to the total over-turning moment is a maximum of 25% (for Frame 1) this will 

not introduce significant error.  

All nodes on each floor level are constrained to the same longitudinal displacement. 

The floor mass is lumped to the master node on each floor. Therefore, flexibility or 

strength of the floor diaphragm was not modeled, based on recommendations from 

Chapter 8.  

10.5.2. The elastic damping 

Because the frame system has no hysteretic damping, characterization of the elastic 

damping is critical. In Chapter 9 it was suggested that for design the elastic damping 

should be taken as 5% of critical damping, applied to the secant stiffness of the 

structure. To ensure a robust verification of the design, a similar approach must be 

followed for the time-history analysis.  

Little information is available on the damping of higher modes of response for PT 

timber systems. Intuitively, it seems unreasonable that different modes have different 

damping values because the deformation mechanism remains essentially the same for 

each mode. For this reason (and others which are discussed in Chapter 9), Raleigh 

damping is not appropriate. Other researchers (Chopra, 2007), have found this to be the 

case when observing experimental data from dynamic testing of concrete and steel 

structures. Also, Figure 10.9 shows that Rayleigh damping can result in increased 

damping as the structure goes into the non-linear range, which can introduce artificially 

high damping.   
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Figure 10.9. Example of Rayleigh damping model  
 

RUAUMOKO provides several alternatives for modeling damping. The only option 

that allows a constant damping ratio considers the initial stiffness, ki, of the structure. 

However, the elastic damping values suggested in Chapter 9, are based on the secant 

stiffness, ks. Therefore, the damping value for the secant stiffness, ξel,s, is converted to 

an equivalent initial stiffness damping, ξel,i, at the design displacement for each frame. 

Hence: 

sel
i

s
iel k

k
,, ξξ =  (10-5) 

This ensures that the damping forces for displacement-based design and time-history 

analysis are consistent at the design displacement of the structure. The ratio of the initial 

and secant stiffness of the structural can be determined by performing a pushover 

analysis of the frame system before the time-history analysis.   

10.5.3. P-Delta effects 

P-Delta effects (NZS1170.5, 2004) are not modeled in the time-history analyses. 

Methodologies already exist to take into account P-Delta effects for the displacement-
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base design structures (Priestley et al., 2007), which do not warrant further verification 

here. 

10.6. EARTHQUAKE MOTIONS 

Each frame model was subjected to 15 different earthquake records (see Set 2 from 

Appendix F). The earthquakes were chosen so that the average spectral demand was 

similar to the design spectrum over a large period range. This was done to ensure that 

higher mode amplification factors, which depend on the low period earthquake demand, 

were conservative. Hence, the period range was chosen to encompass the first three 

modal periods of the frames.     

The earthquake records were scaled based on recommendations by NZS1170.5 (2004) 

to both a 5% and 2% damped design spectrum for a 1/500 year return period. The 

lognormal difference between the design spectrum and the records was minimized over 

the period range. The period ranged between a lower bound of 0.2 seconds and an upper 

bound of 3.5 seconds. It is noted that because NZS1170.5 (2004) minimises the 

lognormal difference between the design spectrum and the earthquake spectra, on 

average, the earthquake demands are higher than the spectra at a given natural period. 

Therefore, it is conservative to consider the mean earthquake response. The average 

5%-damped earthquake acceleration and displacement spectra for a 1/500 year return 

period are shown in Figure 10.10. The mean peak ground acceleration is 0.60g. The 

earthquake records were also scaled to a serviceability and maximum credible 

earthquake event corresponding to a 1/25 year and 1/2500 year return period 

respectively. Further information on the earthquake records is provided in Appendix F. 
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Figure 10.10. Average earthquake spectra (Set 2): a) Acceleration b) Displacement 
 

10.7. PUSHOVER ANALYSIS RESULTS 

Before the time-history analysis, a static adaptive pushover analysis of each frame is 

performed using RUAUMOKO (Carr, 2008). The results of the pushover analyses help 

verify the accuracy of the frame design procedure, described in Chapter 6 and Appendix 

G. If the analytical equations used to predict the beam, column and joint panel 

deformation are not accurate the base shear from the pushover at the design 

displacement will not equal the design base shear. Furthermore, the pushover analysis is 

used to determine the ratio of the initial and secant stiffness at the design displacement 

for the elastic damping relationship (see section 10.5.2).    

The pushover curve is plotted in terms base shear versus the drift to the effective height. 

The drift to the effective height is approximated by dividing the displacement at the 

floor closest to the effective height by the floor height. It is noted that for frames over 

four floors, the drift to the effective height may be less than the allowable design drift 

due to the non-linear displacement profile. The pushover curves for Frame 1, 2 and 3 

are shown in Figure 10.11. The ratio of the initial and secant stiffness and the resultant 

initial stiffness elastic damping is given in Table 10.5 for each frame.  

Observing Figure 10.11, it is evident that the frame design procedure is sufficiently 

accurate. Hence, the analytical models for beam, column and joint panel deformation 

from Chapter 6 match well with the numerical models. For Frame 2 and 3 (see Figure 
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10.11), the frame model is slightly more flexible than predicted by the analytical 

models. It is likely that this is due to idealized bending moment distributions considered 

in the analytical procedure and inaccuracies in the assumed displacement profile. It is 

noted that due to higher mode effects, the displacement profile for time-history analysis 

and the adaptive pushover may vary slightly.  

The ratio of the secant and initial stiffness varies between 0.45 and 0.64 for the frame 

designs at 2% drift. This can be seen as fairly indicative for ULS design of frames.  

Table 10.5. Ratio of the secant and initial stiffness and initial stiffness damping for each frame 

Frame ks/ki  ξel,i (%) 
Frame 1 0.45 3.34 
Frame 2 0.58 3.79 
Frame 3 0.64 4.01 
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Figure 10.11. Pushover curves: a) Frame 1 b) Frame 2 and c) Frame 3 
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10.8. TIME-HISTORY ANALYSIS RESULTS 

The floor displacement profile, interstorey drift, interstorey shear and interstorey 

moment from the time-history analyses are considered. For each engineering demand 

parameter (EDP), time-history results are plotted for three earthquake intensities. For 

the design earthquake intensity (1/500 year) the EDP’s from the time-history analysis 

are compared with those predicted by displacement-based design. The floor 

displacement profile is recorded when the peak displacement at the effective height is 

achieved. The peak floor accelerations are not fully considered, as they are not a direct 

output of the displacement-based design procedure. For recommendations on predicting 

floor acceleration refer to Chapter 8. 

10.8.1. Displacement profiles 

To achieve an accurate displacement-based design the assumed inelastic mode shape or 

displacement profile must be appropriate. For each frame the average of the peak 

displacement profile from the time-history analyses (THA) is compared with that 

assumed in the DBD procedure in Figure 10.12. 

For Frame 1, the displacement-based design (DBD) displacement profile is similar to 

the mean displacement profile for the design level earthquake. However, the DBD 

displacement profile is slightly conservative at the upper levels, as shown in Figure 

10.12b. If the additional base shear is added to the roof level, as part of the lateral force 

design (see Chapter 9), this difference would be exacerbated. Therefore, applying 

additional force at the roof level for frames under four storeys would be overly 

conservative. The displacement profile for 1/25 year and 1/2500 earthquake intensities 

appears to be consistent the design level earthquake (see Figure 10.12a).     

For Frame 2, the shape of the mean displacement profile accurately matches the design 

displacement profile, as illustrated in Figure 10.12d, but the floor displacements are 

slightly over-predicted by the DBD procedure. The design displacement profile and 
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addition of lateral force at the roof level appear to be appropriate. There is more 

variation in the displacement profile for each intensity level, shown in Figure 10.12c 

when compared to Frame 1 and 3. The most significant difference is between the design 

level and 1/2500 year intensity. This may indicates that higher mode effects are more 

significant for MCE intensity, which may affect the displacement profile.        

For Frame 3, the mean displacement profile varies significantly from the design 

displacement profile and the peak displacements are over-predicted, as shown in Figure 

10.12f. There are many possible explanations for this discrepancy. Firstly, the over 

prediction of the lateral displacements and the non-linear nature of the displacement 

profile could be related to the spectral demand. The effective period of the frame 

exceeds the corner period of design displacement spectrum; hence the first mode 

displacement response begins to plateau at approximately 3 seconds. But the second 

(and higher) modal response is not limited. The increased significance of higher modes 

could have resulted in a more non-linear displacement profile (see Figure 10.12f). 

However, if this were true it would be expected that the displacement profile for the 

1/25 year intensity, which does not exceed the corner period, would be more linear (see 

Figure 10.12e). Yet there is little variation between to displacement profile for all 

earthquake intensities. An alternative explanation is that the assumed design 

displacement profile and the lateral force distribution, which were created to ensure a 

uniform drift demand up the height of the frame, are too conservative for the upper 

levels. This is discussed further when observing the drift demands and in section 

10.10.1.  
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Figure 10.12. Displacement profiles: a) and b) Frame 1, c) and d) Frame 2, e) and f) Frame 3 
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10.8.2. Interstorey drift 

One of the aims of the displacement-based design (DBD) procedure is to achieve 

uniform drift demands up the height of the building. While the interstorey drifts given 

by the design displacement profile may reduce up the height of the building (for frames 

of greater than 4 storeys), it is desirable (Priestley et al., 2007) that, combined with 

higher modes, the drift envelope will tend to be uniform under dynamic response. 

Observing Figure 10.13, it is evident that the drift demand from time-history analysis 

(THA) at the upper floors is less than design drift limitation of 2%. This indicates that 

the measures taken in the DBD procedure to account for drift amplification due to 

higher modes (for frames over four storeys) may be slightly conservative for post-

tensioned timber frames. Hence, higher mode amplification for post-tensioned timber 

may be less significant than comparable systems in reinforced concrete (Pettinga and 

Priestley, 2005). Potentially this could be due to the near-linear behavior for the 

structural system. As noted by Priestley et al (2007), higher mode effect appear to 

increase with increased ductility, which can be considered a measure of non-linearity.   

Considering Frame 1 (see Figure 10.13b), the drift demand for THA is within 10% of 

the design drift. Because the design displacement profile is linear, the DBD drift profile 

is constant. The assumed displacement profile appears to have resulted in a fairly 

uniform drift demand from THA, with peak drifts occurring at the first level for all but 

the 1/25 year earthquake intensity (see Figure 10.13a). For Frame 2, the peak drift 

demand from THA is less than the design drift of 2% for all floors (see Figure 10.13c). 

The drifts are fairly uniform, but reduce significantly in the upper two floors. The drift 

profile up the height of the frame is similar for the 1/25 and the 1/500 year intensities 

(see Figure 10.13a) but for the 1/2500 year intensity, the drifts at the bottom levels are 

approximately 50% higher than at the top. For Frame 3, there are similar trends are to 

Frame 2 (see Figure 10.13a). Again, the drift demand reduces at the upper levels.   

Therefore, the DBD procedure (proposed in Chapter 9) can be considered to be 

conservative in terms of drift demand. However, the specified displacement profile and 
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lateral force distributions have resulted in slight over-prediction of the drift demands at 

the upper levels. An alternative approach, which is slightly less conservative, is 

discussed in section 10.10.1.  

In addition to reduced higher mode response, the reduction in drift demand at the upper 

floors may be due to varying degrees on non-linearity in the beam-column connection 

moment-rotation relationships. Due to higher axial stresses in the beams at lower levels, 

the change in neutral axis depth and hence connection moment is more gradual, 

compared to the upper levels (see Figure 10.5). Even if the strength of each floor at the 

peak displacement is consistent with the seismic demand, the loading path of the 

hysteresis has an effect on the dynamic response. Marriott (2009) found that the peak 

displacement of a bi-linear elastic system, may be up to 30% less than an equivalent 

linear system (considering purely viscous damping), as assumed by displacement-based 

design.  

As shown in Figure 10.5, the ratio of the secant and initial stiffness reduces with height, 

which also has implications for the modeled damping forces within the frame. As noted 

previously, it was decided to use an initial stiffness damping model with a constant 

damping ratio (see section 10.5.2). The damping ratio is corrected to give 5% secant 

stiffness damping at the peak response, to coincide with dynamic test results (see 

Chapter 9). However, because the ratio of the secant and initial stiffness is lower at the 

upper levels, the damping forces will be artificially high. The reverse is true for lower 

levels. Further investigation on the effects of the elastic damping model is provided in 

section 10.10.3.  
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Figure 10.13. Interstorey drift: a) and b) Frame 1, c) and d) Frame 2, e) and f) Frame 3 
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10.8.3. Interstorey shear 

The interstorey shear from time-history analysis (THA) is larger than that predicted by 

displacement-based design (DBD), as shown in Figure 10.14. This amplification is due 

to higher modes of vibration and has been thoroughly investigated (Paulay and 

Priestley, 1992; NZS3101, 2006a; Priestley et al., 2007). For Frame 1, the shear 

demand appears to be under-predicted by approximately a constant value up the height 

of the frame. This is noted by Priestley et al (2007), as represented in Equation 10-2. 

For Frame 2 and 3, the shear demand is significantly under-predicted at the upper 

floors. This may be due to variations in the hysteretic response of the connections up 

the height of the frame, which may result in increased damping forces at the upper 

levels. The shear force profile up the building for each frame is fairly consistent for all 

earthquake intensities (see Figure 10.14). Dynamic amplification factors for interstorey 

shear are proposed in section 10.9.   
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Figure 10.14. Interstorey shear: a) and b) Frame 1, c) and d) Frame 2, e) and f) Frame 3 
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10.8.4. Interstorey moment 

The interstorey moment demand from the time-history analysis (THA) exceeds the 

design values at all floors except at the base and roof level (see Figure 10.15), as noted 

by other researchers (Paulay and Priestley, 1992; NZS3101, 2006a; Priestley et al., 

2007). With increased earthquake intensity (see Figure 10.15), the base moment 

remains effectively constant but the interstorey moment up the height of the frame 

increases. The DBD predicted response for Frame 2 and 3 appears to be less 

conservative at upper levels, which is consistent with the shear demand. Dynamic 

amplification factors for interstorey moment are proposed in section 10.9.  
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Figure 10.15. Interstorey moment: a) and b) Frame 1, c) and d) Frame 2, e) and f) Frame 3 
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10.8.5. Floor acceleration 

The peak floor accelerations are briefly considered in Figure 10.17, in terms of the floor 

acceleration magnification factor (FAM), which is the ratio of the peak floor 

acceleration (PFA) and the peak ground acceleration (PGA).  

It is evident that the floor accelerations are greater than the peak ground acceleration, 

and that the FAM is relatively unaffected by earthquake intensity. The FAM is 

unaffected by earthquake intensity because the frame is elastic and the floor is modelled 

as rigid. It was shown in Chapter 8, that by accounting for the flexibility of the 

diaphragm (represented as a single-degree-of-freedom system), the peak floor 

accelerations can vary significantly. This is illustrated in Figure 10.16, where the floor 

acceleration spectrum for each floor of Frame 2 is shown. From Chapter 8, the floor 

system should have a period between the 0.02s and 0.13 seconds. As suggested in 

Chapter 8, the ground spectrum provides an approximate estimate of the peak floor 

accelerations within this period range. The peak floor accelerations appear to increase 

as the floor period tends to zero. This matches well with results from Figure 10.17. 

However, this increase in acceleration demand is unrealistic as the diaphragm will 

always exhibit a degree of flexibility.  
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Figure 10.16. Floor accelerations spectra for Frame 2: a) Full period range b) From 0 to 0.3 

seconds  
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Figure 10.17. Floor accelerations: a) and b) Frame 1, c) and d) Frame 2, e) and f) Frame 3 
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10.9. HIGHER MODE AMPLIFICATION OF SHEAR AND MOMENT 

It was shown in the previous section that the interstorey shear and moment demand 

from time-history analysis (THA) up the height of the frame is significantly larger than 

that given by displacement-based design (DBD) due to higher modes of amplification. 

As introduced, Priestley et al (2007) proposed expressions to account for the higher 

mode amplification which depend on ductility. The interstorey moment expression was 

slightly modified by Newcombe et al (2008b) for hybrid post-tensioned timber frames 

(but is not considered here). For purely post-tensioned timber systems, ductility cannot 

be defined. Repeating Equations 10-2 and 10-3: 

baseEENs VVV ,
0 1.0 μφφ +≥  (10-6) 

And: 

EfNf MM ωφφ 0≥  (10-7) 

Where: 

( )113.015.1
0.1

0 −+
=

μ
ω f  (10-8) 

 

The capacity design shear and moment envelope, given by the above expressions with 

ductility set to unity, is compared with the THA results for Frame 1, 2 and 3 in Figure 

10.18. For Frame 1, the shear demand from THA is greater than the capacity design 

shear from Equation 10-6. For Frame 2 and 3, the shear demand is under-predicted at 

the upper levels.  

The interstorey moments follow a similar trend to the interstorey shear. The capacity 

design values for Frame 1, under-predict the moment demand at all levels. For Frame 2 

and 3, the capacity design moments are conservative at the lower levels, but under-

At the roof and base level 

All other levels 
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predict the moment demand at upper levels for Frame 2 and 3. It is likely that the 

inaccuracy of the capacity design interstorey shear and moment is caused by the non-

linear nature of the frame system, which is not taken into account by setting the ductility 

equal to unity. 
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Figure 10.18. Capacity design interstorey shear and moment: a) and b) Frame 1, c) and d) Frame 

2, e) and f) Frame 3 
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It is proposed that the non-linearity of the system can be taken into account, even 

though the frame system remains effectively elastic. It can be considered that the higher 

mode response of the frame is superimposed on the first mode response, as illustrated in 

Figure 10.19a. Intuitively this implies that the higher mode response is related to the 

tangent stiffness of the structure (Sullivan et al., 2008), as shown in Figure 10.19b. A 

rational approach to determine the significance of the higher mode response may be to 

consider the ratio of secant stiffness, which is related to the first mode response, and the 

tangent stiffness, which is related to the higher mode response.   

a) b) 
Figure 10.19. Representation of higher mode response: a) Displacement profile b) Force-

displacement backbone curve  
 

The hysteretic response of each floor in Frame 2 (normalized by the lateral force at 2% 

drift) is shown in Figure 10.20. Each floor has a different hysteretic response, due to 

changes the axial stress from the post-tensioning and the proportion of member versus 

connection deformation. Notably, if the section size of the beams and columns change 

up the height of the building each floor may have a similar hysteretic response, but is 

not considered in this study. It is evident that for each floor the ratio of the tangent and 

secant stiffness is relatively unchanged for each floor. Therefore, the ratio of the tangent 

and secant stiffness should not affect the amplification of shear and moment due higher 

modes nor explain the inaccuracies in the capacity design envelopes observed in Figure 

10.18.   
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Figure 10.20. Normalized force-drift response of each floor for Frame 2 

 

Another consideration is that the proportion of the hysteresis with low tangent stiffness 

is important for higher mode response. It is highly unlikely that the peak first mode 

response will coincide with the peak second or third mode response. Therefore, the 

peak drift demand on each floor may occur at a time that is out-of-phase with the peak 

first mode response. This is shown diagrammatically in Figure 10.21. Hence, if the 

loading curve has a high proportion of low tangent stiffness, it is more likely that the 

peak higher mode response will be amplified above what would be expected for linear 

response. The transition from the initial to low tangent stiffness is analogous to a yield 

point. Hence, an equivalent ductility factor, μeq, can be defined by considering the 

intersection of the initial and tangent stiffness (see Figure 10.20). This may give a better 

indication of the significance of higher modes.  

 
Figure 10.21. Another representation of higher mode response  
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For Frame 2, the equivalent ductility factor for the each floor was calculated 

considering Figure 10.20. The equivalent ductility varies between 2.6 to 7.9 from floor 

1 to 6 respectively. The capacity design shear and moment, using these equivalent 

ductilities in Equations 10-6 and 10-7, are compared with the shear and moment 

demand for Frame 2 in Figure 10.22. It is evident that the capacity design relationships 

significantly over predict the shear demand at the upper levels. Yet, the capacity design 

interstorey moments appear to accurately envelope the moment demand. Therefore, it 

may only be necessary to formulate new capacity design expressions for shear.  
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Figure 10.22. Capacity design interstorey shear and moment for Frame 2: a) Shear b) Moment 

 

The shear and moment demand should be related. If it is assumed that the interstorey 

moment varies between displacement-based design and the capacity design value, as 

indicated by Figure 10.22b, the shear amplification can be determined. This can be 

approximated as: 

( )
H

M
VV E

fENs 10 −+≥ ωφφ  (10-9) 

Where:  H  is the interstorey height. 
 

The amplified shear can be approximated by taking the average of the interstorey 

moment, ME, at the bottom and top of each column. For cases where the equivalent 

ductility varies significantly floor-to-floor, the dynamic amplification factor, ωf, should 
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also be averaged. On the top and first floor, the amplified shear should be calculated 

using the interstorey moment and the dynamic amplification factor from floor below the 

roof level and the first floor respectively.  

A modification to the dynamic amplification factor for interstorey moment is also 

proposed. While the existing empirical formulation (Priestley et al., 2007), shown in 

Equation 10-4, accurately enveloped the moment demand for Frame 2, the drift demand 

for this frame was less than the design drift (see Figure 10.13d). It is expected that if the 

design drift were achieved, the interstorey moment would be higher. Hence, increased 

conservatism is proposed for the interstorey moments because of the brittle failure 

mechanism of timber elements which, unlike reinforced concrete, will not allow re-

distribution of column moments. The modified dynamic amplification factor is: 

( )125.015.1
0.1

−+
=

eq
f μ

ω  (10-10) 

The proposed capacity design interstorey shear and moment envelopes using Equation 

10-7, 10-9 and 10-10 are compared with the time-history analysis (THA) results for 

Frame 1, 2 and 3 in Figure 10.23. For Frame 2 and 3, the proposed capacity design 

formulations conservatively envelope the interstorey shear and moment demand from 

THA. It is likely that the level of conservatism will reduce if the frames were closer to 

the design drift limitation of 2%. For Frame 1, the average moment demand from THA 

matches well with the capacity design moment.  

It is important to note that the capacity design demand is a minimum requirement for 

column design and that column failure is a potentially catastrophic event. Therefore, a 

maximum credible earthquake event (rather than 1/500 year events) should be 

considered. Furthermore, the above formulation for interstorey flexure assumes that 

there is no significant dynamic amplification of column moments at the roof level (as 

indicated by the results time-history analysis) and does not consider the effects of 

increased shear and moment demand due to the amplification of displacements (beyond 

design drift limits) due to higher mode response.      

At the roof and base level 

All other levels 

At the roof and base level 

All other levels 
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As discussed in Chapter 6, it is highly likely that deflection limitations will govern the 

strength of the frames, rather than capacity design strength requirements. Hence, the 

accuracy of the capacity design envelopes is not critical and a degree of conservatism 

can be afforded when estimating the capacity design actions. For Frame 1 and 2 (or 3) 

the flexural strength of the columns is approximately 3650 kN.m and 4960 kN.m, and 

the shear strength is 2875 kN.m and 3335 kN.m respectively. These capacities are well 

in excess of the values from the capacity design envelopes. Note however that the 

flexural and shear capacity of the frames is likely to depend on the particular connection 

details within the joint panel region.  
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Figure 10.23. Modified capacity design interstorey shear and moment: a) and b) Frame 1, c) and 

d) Frame 2, e) and f) Frame 3 
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10.10. ADDITIONAL DESIGN AND MODELLING SENSITIVITIES  

Further considerations for the design and modelling of post-tensioned timber frames are 

presented in this section. These considerations include the effect of altering the 

displacement profile, the column-base support conditions and the elastic damping in 

time-history analysis. Findings within this section require further research and 

verification. 

10.10.1. The displacement profile 

In section 10.8, it was shown that the displacement profile was conservative for Frame 

2 and 3. Also, the drift demands at the upper levels were significantly less than the 

design drift limitation of 2%. Although the proposed displacement-based design 

procedure was conservative, better structural efficiency can be achieved by altering the 

displacement profile and the lateral force distribution.  

Therefore, the six storey frame (Frame 2) is re-designed considering a linear 

displacement profile and a lateral force distribution without an additional force at the 

roof level (see Chapter 9). The displacement-based design (DBD) displacement profile, 

drift demand, interstorey shear and moment are compared with the results from time-

history analysis (THA) in Figure 10.24.   

The displacement and drift demand at upper levels is still underestimated (see Figure 

10.24a and b). The design drift limitation of 2% is exceeded by only 10% at the base of 

the frame. Hence, using a linear displacement profile for the DBD of post-tensioned 

timber frames appears to be appropriate. The design is still conservative in terms of drift 

demand and provides more structurally efficient frame. Notably, the base shear for a 

linear profile is 23% less than the non-linear displacement profile proposed by Priestley 

et al (2007).  

As discussed in section 10.8, the reduction in drift demand at the upper floors may be 

due to varying degrees on non-linearity in the beam-column connection moment-
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rotation relationships. Higher equivalent ductility values may result in reduced dynamic 

response, which is not taken into account in the DBD procedure. Further verification is 

required before the DBD procedures (discussed in Chapter 9) can be altered. While a 

linear displacement profile may be appropriate for post-tensioned timber frames with a 

constant section sizes with height, if it is applied to frames were the section sizes 

reduces with height according to the seismic demand, design drifts limits may be 

exceeded at upper levels. 

Notably, the capacity design formulations for interstorey shear and moment still 

envelope the demand when a linear displacement profile is applied in design.    
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Figure 10.24. Comparison of DBD and THA results for Frame 2 using a linear displacement 
profile: a) Displacement profile b) Interstorey drift c) Interstorey shear d) Interstorey moment 

 



Chapter 10 – Validation of the frame design procedures 

385 

10.10.2. Pin-column base connections 

As discussed in Chapter 9, a designer may choose to pin the column-base connections 

to minimizing foundation demands and/or reduce construction costs.  

In Chapter 9, it is suggested that the same displacement profile can be used for pinned 

and moment-resisting column base connections, if the stiffness of the first floor is 

increased to compensate for additional flexibility of the columns between the base level 

and the first floor. It was shown in the previous section that a linear displacement 

profile is desirable as it allows a uniform drift profile to be maintained up the height of 

the structure, which increases the structural efficiency of the frame. Therefore, Frame 2 

is re-designed with pinned base connections. Refer to Appendix G for further detail.  

The displacement-based design (DBD) displacement profile, drift demand, interstorey 

shear and moment are compared with the results from time-history analysis (THA) in 

Figure 10.25. An effectively linear displacement profile was achieved, which resulted in 

essentially uniform drift demands up the height of frame. Hence, the proposed design 

approach in Appendix G appears to be accurate. The capacity design envelopes for 

interstorey shear and moment remain conservative for frames with pinned column base 

connections.   

Comparing the results from the frame with pinned column-base connections (PCBC) 

and the results from the frame with moment-resisting column-base connections 

(MRBC) from Figure 10.24. The displacement profile and drift demand for both the 

PCBC and MRBC frames are similar. Yet, the displacement-based design for the PCBC 

frame does not under estimate the drift demand at upper level, while the MRBC does. 

The shear demand from the PCBC and MRBC frames is similar. However, the moment 

demand for the first level of the PCBC frame is significantly higher than the MRBC 

frame by approximately 125%. Furthermore, the moment demand for the PCBC frame 

at other levels is lower than the MRBC frame. Therefore, by pinning the column-base 
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connections the strength requirements of the beams, columns and post-tensioning are 

significantly higher on the first level but lower on other levels.  
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Figure 10.25. Comparison of DBD and THA results for Frame 2 with pinned column-base 
connections: a) Displacement profile b) Interstorey drift c) Interstorey shear d) Interstorey 

moment 
 

10.10.3. Modelling elastic damping 

In Chapter 9, it was suggested that a constant damping ratio of 5%, based on the secant 

stiffness of the structure is appropriate for post-tensioned timber. This is modelled in 

RUAUMOKO (Carr, 2008) by considering constant damping ratio based on the initial 

stiffness, which is corrected to give 5% secant stiffness damping, at the design 

displacement of the structure (termed SC damping). While this gives the same damping 

forces at the design displacement, as considered by the displacement-based design, the 

frame will have less and more damping at displacements below and above the design 

displacement respectively. SC damping is considered to be the most appropriate 
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damping model (available in RUAUMOKO) for comparison with the displacement-

based design procedure.  

Other dynamic analysis software may not have the elastic damping relationships that 

are available in RUAUMOKO. Therefore, in this section the effects of using different 

elastic damping relationships that are inconsistent with the displacement-based design 

are examined. Three additional cases are considered, tangent stiffness Rayleigh (TR) 

damping, initial stiffness Rayleigh (IR) damping and initial stiffness constant (IC) 

damping. For Rayleigh damping, a 5% damping ratio is specified at the first and third 

elastic modes of the structure. For constant damping, a damping ratio of 5% is assumed. 

The dynamic response of Frame 2 (with a linear design displacement profile) using the 

four elastic damping relationships is presented in Figure 10.26.  

Because the frame system is non-linear-elastic there is no hysteretic damping. Hence, 

the choice of the elastic damping model appears to have a significant impact on the 

dynamic response of the frame, as shown in Figure 10.26. IR damping is the least 

conservative, and gives drifts that are 20% to 40% lower than the SC damping model. 

The relatively slight difference between the IR and IC damping is due to the increase in 

damping ratio at the non-linear first mode period of the structure, due to the Rayleigh 

model (see Figure 10.9). The displacement and drift profiles vary significantly between 

the IR or IC and the SC or TR damping models. It is likely that as the deformation of 

the structure increases the significance of higher modes increases, which alters the 

displacement profile. Due to increased damping forces, the interstorey moments at the 

base of the frame appear significantly higher (approximately 25%) for the IR model 

compared to the SC model. Such a significant variation is due to the large variation 

between the initial and secant stiffness to peak response of the column-based 

connections.  

The SC model and the TR model give similar results. Hence, if the SC model is not 

available, the TR model could be used without significant error. This is because using 

tangent stiffness (rather than the initial stiffness) to compute the damping force 
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compensates for the increase in the damping ratio (according to the Rayleigh model) as 

the frame goes into the non-linear range. Hence, for structural systems with different 

hysteretic relationships this may not be the case. Also, the TR model uses the increment 

of velocity to compute the increment in damping forces, rather than the actual velocity, 

which is used by the SC model. This can lead to residual damping forces if the structure 

exhibits hysteretic area.   

By comparing the response of the frame using the TR and SC damping models, it is 

likely that damping forces do not cause the reduction of drift demands at the upper 

levels (see Figure 10.13), as suggested in section 10.8. Variations in the secant and 

initial stiffness ratio were thought to have resulted in variations in relative damping 

force up the frame, which resulted in the lower drifts, higher shear and higher moment 

at the upper floors. However, the TR damping model uses the tangent stiffness that is 

much lower, relative to the initial stiffness at upper levels, which may result in 

increased drift demands. Yet, the resulting drift profile for the frame with TR damping 

is similar to the SC damping model. This indicates that other dynamic characteristics, 

such as higher modes may cause the variation of the displacement and drift profile.  
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Figure 10.26. Comparison of elastic damping models for Frame 2: a) Displacement profile b) 

Interstorey drift c) Interstorey shear d) Interstorey moment 
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10.11. SUMMARY 

The accuracy of the seismic lateral force design procedures, discussed in Chapter 9, and 

modeling procedures, discussed in Chapter 6, for post-tensioned frames have been 

verified using pushover and time-history analyses.  

It was determined that existing displacement profiles used for reinforced and precast 

concrete frame design (Priestley et al., 2007) are appropriate but slightly conservative at 

the upper floors of tall post-tensioned timber frames.  

A slight modification to existing interstorey shear and moment dynamic amplification 

factors (Priestley et al., 2007) were proposed for post-tensioned timber frames. These 

expressions required that an equivalent ductility is calculated for the non-linear elastic 

system. Furthermore, it was determined that the equivalent ductility may increase 

significantly at the upper levels of the frame, if the beam and column sections sizes do 

not reduce. For such cases, it was suggested that the equivalent ductility, and resulting 

dynamic amplification factor, should be computed at each floor.  

It was determined that the existing relationships for the dynamic amplification of 

interstorey shear (Priestley et al., 2007) are overly conservative for post-tensioned 

timber, when using a computed equivalent ductility. Instead, it was suggested that the 

dynamic amplification of interstorey moments and shears should be related. On this 

basis, a new formulation for the dynamic amplification of interstorey shear was 

proposed.  

For most designs, it is likely that deflection limitations, rather than strength 

requirements, will govern the dimension of the beams and columns. Therefore, the 

accuracy of the amplified interstorey shear and moment is not critical. However, these 

relationships must be conservative, due to the brittle nature of the material, which will 

not allow re-distribution of actions throughout the frame.  
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Some additional design and modeling sensitivities were considered, that require further 

research. Firstly, it was indicated that a linear displacement profile could be used for the 

displacement-based design of a six storey frame with constant section sizes with height, 

to increase the structural efficiency of the frame. Further verification is necessary before 

alteration of the displacement-based design procedures (from Chapter 9) is warranted. 

Secondly, it was verified that a frame with pinned column-base connections could be 

designed to achieve a linear displacement profile, and hence, achieve optimum 

structural efficiency. However, this required a significant increase in strength at the first 

floor. Finally, it was determined that variations in the elastic damping relationships had 

a significant effect on the dynamic response of frames from time-history analysis. A 

secant stiffness constant damping relationship is recommended. If this model is 

unavailable, tangent stiffness Rayleigh damping can be used without significant error 

for frame systems.     
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11. VALIDATION OF THE WALL DESIGN PROCEDURES 

In this chapter the seismic lateral force design procedures for post-tensioned timber wall 

systems are validated using time-history analysis. As done for frames in previous 

chapter, several case study wall systems are considered and subjected to a suite of 

earthquakes. Key engineering demand parameters are compared for the lateral force 

design procedure and time-history analysis results. Finally, appropriate dynamic 

amplification factors for interstorey shear or moment are proposed.  

11.1. INTRODUCTION 

Displacement-based design procedures for post-tensioned timber walls have not been 

previously validated using time-history analysis. However, extensive numerical 

modeling has been performed on reinforced concrete and precast concrete walls 

(Sullivan et al., 2006; Priestley et al., 2007; Marriott, 2009; Pennucci et al., 2009; Jiang 

and Kurama, 2010). As discussed in Chapter 9, due to the particular characteristics of 

timber, the dynamic response of timber walls may vary from similar systems in 

concrete.  

Preistley et al (2007) provides recommendations for the capacity design of reinforced 

concrete cantilever walls, which also may be applicable. Different approaches are put 

forward including modified modal superposition (MMS) and simplified shear and 

moment envelopes. MMS is similar to classical modal response spectrum method, 

which is used in New Zealand standards (NZS1170.5, 2004), but recognizes that only 

the first mode response is significantly reduced due to inelasticity.  
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Hence, the interstorey shear at the ith floor can be written as: 

( ) 5.02
,3

2
,2

2
,1, ...iEiEiDiMMS VVVV ++=  (11-1) 

Where:  2
,1 iDV  is the inelastic first mode shear for the ith floor;  

 2
,2 iEV  & 2

,3 iEV  is the elastic second and third mode shear for the ith floor;  
 

The simplified moment and shear envelopes are proposed by Preistley et al (2007) to 

reduce computation. The amplification of interstorey moment and shears depends on 

the structural ductility and for shear the first mode elastic period. For shear, a linear 

relationship between the base and the roof is suggested. The shear capacity at the base 

of the wall shall satisfy: 

baseEVbaseNs VV ,
0

, ωφφ ≥  (11-2) 

Where:  TV C ,201
φ
μω += ;  

 ( ) 15.15.04.0067.0 1,2 ≤−+= TC T ; 
 1T  is the first mode elastic period of the system. 
 

The shear capacity at the roof must satisfy: 

baseEVroofNs VCV ,
0

3, ωφφ ≥  (11-3) 

Where:  3.03.09.0 13 ≥−= TC .  
 

Preistley et al (2007) also suggests slight modifications to the above empirical factors 

for dual frame-wall systems, which may be applicable for coupled timber walls.    
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For the moment envelope, a bi-linear relationship is proposed, defined by the 

overstrength base moment, baseEM ,
0φ , the mid-height overstrength moment 0

5.0, HEM  

and zero moment at the top of the wall. The mid height moment is: 

baseEHE MCM ,
0

1
0

5.0, φ=  (11-4) 

Where:  4.01075.04.0 01 ≥⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−+=

φ
μC .  

 

For post-tensioned timber, a conservative shear and moment envelope would seem 

appropriate because deflection limits rather than strength often control the section size 

(see Chapter 9), which usually gives significant reserve in section capacity.  

As noted for frames, design displacement reduction factors may need to be applied to 

account for higher mode displacement amplification, similar to those suggested for 

frame-wall structures by Sullivan et al (2006) and T-shaped reinforced concrete wall 

structures by Smyrou et al (2008). These factors are not considered for the design of 

post-tensioned timber walls presented in this chapter. For future research, procedures 

developed by Pennucci et al (2011) could be applied to quantify the amplification of 

displacement demands due to higher mode amplification.  

11.2. WALL DESCRIPTION 

Time-history analyses are also performed on wall systems. Six walls are considered in 

total; three cantilever walls and three coupled walls. For the coupled walls U-shaped 

flexural couplers were used.  

The wall designs were based on the case study structure shown in Figure 10.3. The 

cantilever and coupled walls were designed for 3, 6 and 10 floors and are illustrated in 

Figure 11.1. The seismic tributary area is 50m2 per wall system. Vertical tendons run 

through each wall, unbonded for the entire height of the wall, each with constant post-
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tensioning force. It is assumed that the wall geometry is the constant up the height of 

the building. The seismic weights are given in Table 11.1. The gravity load per floor is 

assumed to be equal to and half of seismic weight for cantilever and coupled walls 

respectively.  

a) d) 

 
b) c) e) f) 

Figure 11.1. Wall geometries: a) Wall 1 b) Wall 2 c) Wall 3 d) Wall 1c e) Wall 2c f) Wall 3c 
 

Table 11.1. Seismic weights per wall 

Floor Dead 
load, D 
(KPa) 

Live 
load, Q 
(KPa) 

Seismic 

D + 0.3Q 
(KPa) 

Seismic 

Weight 
(kN) 

Roof 2.4 2 3.0 150 
Typical 2.4 3 3.3 165 

 

11.3. SEISMIC LATERAL FORCE DESIGN 

The walls were designed using the lateral force design procedures from Chapter 9, for 

the same seismic hazard as the frames (see Chapter 10). The lateral force design for the 

cantilever and coupled walls was similar. A linear displacement profile is assumed for 
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all designs. Key design parameters are given in Table 11.2. For further detail refer to 

Appendix G.  

Table 11.2. Key parameters for the seismic lateral force design 

Parameter Symbol Units Value(s) 
Design drift θd % 2 
Equiv. viscous damping for Wall 1, 2, 3 ξeq % 2 
Equiv. viscous damping for Wall 1c, 2c, 3c ξeq % 17 
Effective period for Wall 1, 2, 3 Te s 1.10; 1.88; 3.05 
Effective period for Wall 1c, 2c, 3c Te s 2.20; 4.10; 6.65 
Base shear for Wall 1, 2, 3 Vb kN 241; 292; 294 
Base shear for Wall 1c, 2c, 3c Vb kN 120; 122; 124 

 

11.4. WALL DESIGN 

The walls were designed using procedures from Chapter 7. Hence, for an assumed wall 

section size, the elastic deformation was estimated and the allowable connection 

rotation was determined. The wall-base connections were designed for the allowable 

connection rotation and base moment demand.  

The coupled walls were designed so that 40% of the total overturning moment (OTM) 

was provided by the UFP couplers (and hence, βCE = 0.4). It was assumed that all UFP 

couplers up the height of the wall are identical, are positioned at the height of each floor 

and require a gap between the walls of 150mm. The wall-base connections were 

designed ignoring the axial load due to the UFP couplers (see Chapter 7). To determine 

the required strength of the UFP couplers, Equation 11-5 was applied. It is assumed, 

based on analytical modeling (see Chapter 7), that the maximum variation of the center 

of compression, cc, in each wall is 2% of the wall length, lw. Further detail is provided 

in Appendix G.  
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cc

CB
ufp l

OTM
V

β
=  (11-5) 

Where:  ( ) wclccclcc llccll 02.02,1, −≈−−=  is the distance between centre of 
compression of each wall;  

 cll  is the distance between the centerline of each wall; 
 1,cc & 2,cc  is the distance from the extreme compression fiber to the center of 

compression of each wall and 1,cc  is the wall with maximum compression.  
 

The wall sections were solid Laminated Veneer Lumber (LVL), which are connected 

using high grade 0.5 inch post-tensioning tendons. Both the LVL and tendons have the 

same material properties as the frames (see Chapter 10). The section sizes for each wall 

design are given in Table 11.3  

Table 11.3. Section sizes for each walls 

Frame Wall 
Width (mm) 

Wall 
thickness (mm) 

Wall 1 2400 180 
Wall 2 3000 180 
Wall 3 4000 180 
Wall 1c 1200 180 
Wall 2c 1800 180 
Wall 3c 2200 180 

 

The moment-rotation curves for the base connections that satisfy the connection 

moment demands, at the allowable imposed rotation, are shown in Figure 11.2 and 

Table 11.4. It is assumed that the timber in the wall-base connections remain elastic. 

Notably, the required wall-base moment is significantly less for the coupled walls, 

resulting in significantly reduced section sizes and post-tensioning. 

For Wall 2 and 3, there are splice connections at the 4th floor. This would be required 

for transportation of the wall elements. It is assumed that the moment-rotation response 
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of the splice connection, for a given axial load is similar to the base connections. An 

illustration of a possible splice connection detail is given in Figure 11.3. 
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Figure 11.2. Moment-rotation curves at the wall-base connections 

 

Table 11.4. Connection design parameters for each wall 

Wall Connection 
rotation, θimp 

Connection 
Moment, Mcon 

Post-tensioning 
force, Tpti 

Wall 1 0.0162 2115 1164 
Wall 2 0.0131 4770 2222 
Wall 3 0.0127 7785 2342 
Wall 1c 0.0162 314 301 
Wall 2c 0.0162 602 207 
Wall 3c 0.0147 983 124 

 

 
Figure 11.3. Example of a wall-splice connection (at the fourth floor) 
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11.5. MODELING APPROACH 

The walls section was modelled using elastic one component Giberson elements. The 

timber in the rocking connections at the base of wall and at splice locations, are 

modelled using lumped multi-axial springs. The post-tensioning tendons are modelled 

using elastic springs, which run the entire length of the wall. For the coupled wall 

systems, a uni-axial spring with an elastic-perfectly-plastic hysteresis is used. A 

schematic of the numerical models for both the cantilever and coupled walls are given 

in Figure 11.4. Further information of modelling post-tensioned timber wall systems 

was provided in Chapter 7. 

a) b) 
Figure 11.4. Lumped spring models: a) Cantilever walls b) Coupled walls 

 

The lumped multi-axial-springs capture the variation in connection moment, due to 

axial load variations caused by the UFP couplers and the post-tensioning, and more 

accurately model vertical uplift of the wall elements. The axial stiffness of the multi-

axial-springs is calculated using procedures presented in Chapter 7, which match well 

with analytical predictions (see Figure 11.2). The wall design (see Appendix G), 

indicates that the timber remains essentially elastic up to the design drift and hence 

inelasticity of the timber in not taken into account. An example an analytical prediction 

and calibrated multi-axial-spring model is given in Figure 11.5. For Wall 2 and 3, the 

multi-axial-springs used to model the splice connections were assumed to have the 
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same axial stiffness as the wall-base connections. Ten axial springs were used in the 

multi-spring element. The spring forces were integrated using Gaussian Quadrature. See 

RUAUMOKO (Carr, 2008) for further detail.  
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Figure 11.5. Fitted moment-rotation response for the base and splice connections using multi-

axial-springs and axial springs for post-tensioning 
 

For coupled walls, the nodes on each floor were constrained to the same transverse 

displacement and the seismic mass was lumped at two nodes on each floor. Therefore, 

flexibility or strength of the floor diaphragm was not modeled. However, a simple floor 

model is applied in section 11.10.2, to qualitatively determine the effect of floor-wall 

interaction.  

11.5.1. Modeling the elastic damping 

The elastic damping for the wall system is modeled in a similar manner to the frame 

systems in Chapter 10. Hence, a constant damping ratio, based on the initial stiffness is 

used. The initial stiffness damping ratio is corrected to give 2% secant stiffness 

damping at the design displacement of the structure (which corresponds to 2% drift). 

See Chapter 10 for more detail.   
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11.5.2. P-Delta effects 

As for frames, P-Delta effects (NZS1170.5. 2004) are not modeled in the time-history 

analyses. Refer to Priestley et al (2007) for instruction on including P-Delta effects in 

displacement-based design. Notably, modeling P-Delta effects with multi-axial-springs 

in parallel or series may result in numerical instability.   

11.6. EARTHQUAKE MOTIONS 

Each wall models were subjected to the same 15 different earthquake records (see Set 2 

from Appendix F), identical to those used for the frame models in Chapter 10. The 

earthquake records were scaled based on recommendations by NZS1170.5 (2004) to the 

2% damped design spectrum for a 1/500 year return period. The average 2%-damped 

earthquake acceleration and displacement spectra for a 1/500 year return period are 

shown in Figure 11.6. The mean peak ground acceleration is 0.79g. The earthquake 

records were also scaled to a serviceability and maximum credible earthquake event 

corresponding to a 1/25 year and 1/2500 year return period respectively. Further 

information on the earthquake records is provided in Appendix F. 
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Figure 11.6. Average earthquake spectra (Set 2): a) Acceleration b) Displacement 
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11.7. PUSHOVER ANALYSIS RESULTS 

An adaptive pushover analysis of each wall is performed using RUAUMOKO (Carr, 

2008). The results of the pushover analyses help verify the accuracy of the wall design 

procedure, described in Chapter 7 and Appendix G. If the analytical equations used to 

predict the wall deformation and the displacement profile assumed for displacement-

based design are not accurate, the base shear from the pushover at the design 

displacement will not equal the design base shear. The ratio of the initial and secant 

stiffness, at the design displacement, is determined for the elastic damping relationship. 

For coupled walls the hysteretic damping is evaluated. This must be greater than the 

hysteretic damping assumed for the lateral force design (see Table 11.2).   

The pushover curve is plotted in terms base shear versus the drift to the effective height. 

The drift to the effective height is approximated by dividing the displacement at the 

floor closest to the effective height by the total floor height. The pushover curves for all 

the walls are shown in Figure 11.7 and Figure 11.8 for cantilever and coupled walls 

respectively. The ratio of the initial and secant stiffness and the resultant initial stiffness 

elastic damping is given in Table 11.5 for each wall.  

Observing Figure 11.7 and Figure 11.8, it is evident that the wall design procedure is 

sufficiently accurate. Hence, the analytical models presented in Chapter 7 and the 

assumed displacement profile compare well with the numerical results. For Walls 2 and 

3, the numerical models are slightly more flexible than predicted by the design 

procedure. This is because the displacement profile is not strictly linear, as assumed in 

the displacement-based design. Notably, the displacement profile from time-history 

analysis may vary more significantly due to higher mode effects.  

The ratio of the secant and initial stiffness varies between 0.21 and 0.41 for the 

cantilever walls and 0.14 and 0.17 for the coupled walls at a design drift of 2%. For 

cantilever walls, the secant to initial stiffness ratio increases with the number of floors. 

This is due to the reduced connection stiffness due to high post-tensioning and gravity 
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axial forces. For coupled walls, the axial force applied to the connection does not 

increase markedly with the number of floors, and therefore, the stiffness ratio remains 

fairly constant.  

Table 11.5. Ratio of the secant and initial stiffness and initial stiffness damping for each wall 

Wall ks/ki  ξel,i (%) 
Wall 1 0.221 0.94 
Wall 2 0.380 1.23 
Wall 3 0.411 1.28 
Wall 1c 0.165 0.81 
Wall 2c 0.144 0.76 
Wall 3c 0.174 0.83 

 

For coupled walls, the hysteretic damping assumed in the displacement-based design is 

verified by integrating the area within the hysteresis. This is done at 1%, 2% and 3% 

drift for each wall, and is plotted in Figure 11.9. For Wall 1c, 2c and 3c, the computed 

hysteretic area-based damping is 19%, 21% and 21% respectively and the system 

ductility varies between 5.5 and 6.5. The area-based damping correction factor, 

interpreted from Figure 9.13, is approximately 0.9. Therefore, the minimum corrected 

hysteretic damping value is 17%, which is greater than that assumed for displacement-

based design (15%), as required in the design procedure from Chapter 9.    

In Appendix G, the yield displacement of the coupled walls compared with estimates 

from Chapter 7. For Wall 1c, 2c and 3c the yield displacements are over predicted by up 

to 0.2% drift. This is appropriate for design, as it will result in conservative design 

lateral forces.  
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Figure 11.7. Pushover curves for cantilever walls: a) Wall 1 b) Wall 2 and c) Wall 3 
 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

406  

-3 -2 -1 0 1 2 3
Drift to effective height (%)

-150

-100

-50

0

50

100

150

B
as

e 
sh

ea
r 

(k
N

)

Design Point
Numerical model

 
a) 

-3 -2 -1 0 1 2 3
Drift to effective height (%)

-150

-100

-50

0

50

100

150

B
as

e 
sh

ea
r 

(k
N

)

 
b) 

-3 -2 -1 0 1 2 3
Drift to effective height (%)

-150

-100

-50

0

50

100

150

B
as

e 
sh

ea
r 

(k
N

)

 
c) 

Figure 11.8. Pushover curves for coupled walls: a) Wall 1c b) Wall 2c and c) Wall 3c 
 

 

 



Chapter 11 – Validation of the wall design procedures 

407 

0 1 2 3
Drift to effective height (%)

0

5

10

15

20

25
H

ys
te

re
tic

 d
am

pi
ng

: ξ
hy

st
 (%

)

Wall 1c
Wall 2c
Wall 3c

a) 

0 2 4 6 8 10
Ductility

0

5

10

15

20

25

H
ys

te
re

tic
 d

am
pi

ng
: ξ

hy
st
 (%

)

Wall 1c
Wall 2c
Wall 3c

b) 
Figure 11.9. Area-based hysteretic damping for coupled walls: a) Versus Drift b) Versus ductility 
 

The effect of the splice connections can be evaluated using the results from the 

pushover analysis. For Wall 3 and 3c, the displacement profiles at 3% drift with and 

without a splice connection are shown in Figure 11.10. It is evident that the splice 

connections do not significantly affect the displacement profile. The splice connections 

were modelled with the same axial stiffness as the base connections, but the axial forces 

due to gravity are reduced at the splice location. Hence for both Wall 3 and 3c, the 

(reduced) gravity and post-tensioning force are sufficient to avoid significant rotations 

at the splice location for the required moment demand.    

0 0.4 0.8 1.2
Displacement (m)

0

2

4

6

8

10

Fl
oo

r

Without splice
With splice
Linear

a) 

0 0.4 0.8 1.2
Displacement (m)

0

2

4

6

8

10

Fl
oo

r

b) 
Figure 11.10. The effect of splice connections on the displacement profile: a) Wall 3 b) Wall 3c 
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11.8. TIME-HISTORY ANALYSIS RESULTS 

Similar to frames the floor displacement profile, interstorey drift, interstorey shear and 

interstorey moment from the time-history analyses are compared with the predicted 

values from displacement-based design. For each engineering demand parameter 

(EDP), time-history results are plotted for three earthquake intensities. For the design 

earthquake intensity (1/500 year), the EDP’s from the time-history analysis are 

compared with those predicted by displacement-based design.  

11.8.1. Displacement profiles 

For design a linear displacement profile was assumed. As shown in Figure 10.12 and 

Figure 11.12 this appears to be reasonable for all the walls considered in this study. For 

the taller cantilever walls, flexural deformation of the wall elements results in some 

slight discrepancies with the assumed displacement profile.  

For coupled walls 1c and 2c, the lateral displacement is under estimated by 

displacement-based design (DBD) procedure. The potential reasons for this 

underprediction are discussed in section 11.8.6. For coupled wall 3c, the displacement 

profile is highly non-linear and is over-predicted at the lower levels when compared to 

the DBD procedure. This may be due to the high inelastic period of this wall system. At 

the 1st inelastic mode, the spectral demand is exceeded. Consequently, the 1st mode 

response is less than inferred by the DBD procedure. The displacement profile is more 

non-linear due to the significance of higher modes of response. While the first mode 

spectral demand is significantly less than assumed in the DBD procedure, the higher 

modes of vibration result in drift demands that are comparable to design drift limit.     

Generally, the displacement profile it not significantly affected by earthquake intensity. 

However, for the taller cantilever walls the displacement profile is more non-linear for 

low earthquake intensities. This is because the connection deformation is reduced, and 

therefore, flexural deformation becomes more dominant. 
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Figure 11.11. Displacement profiles: a) and b) Wall 1, c) and d) Wall 2, e) and f) Wall 3 
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Figure 11.12. Displacement profiles: a) and b) Wall 1c, c) and d) Wall 2c, e) and f) Wall 3c 
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11.8.2. Interstorey drift 

The accuracy of the interstorey drift predicted by the DBD procedures varies for each 

wall type. For the cantilever walls the drift demand exceeds the design drift limit (of 

2%) at the upper levels by up to 50%. Again, this is due to flexural deformation of the 

wall elements, and possibly higher modes of amplification, which were not taken into 

account in the DBD procedure. Potentially, the accuracy of the DBD could be improved 

by considering a slightly non-linear displacement profile, where the peak drift demand 

is at the top of the wall.  

For coupled walls 1c and 2c, the drift demand exceeds the design drift limit for the 

entire height of the wall system. Possible reasons for this exceedence are discussed in 

section 11.8.6. For Wall 3c the drift at lower levels is limited due to the exceeded of the 

spectral demand in the first mode. However, higher modes of amplification results in 

exceedence of the design drift limit at the upper floors.  

There is little impact on the drift profile due to earthquake intensity for wall 1, 2 and 1c. 

For walls 3, 2c and 3c the relative drift demand significantly increases at the upper 

floors with increasing earthquake intensity. This is a clear indicator that higher modes 

of vibration, which are more significant for taller structures, can significantly increase 

the drift demand. Furthermore, this indicates that coupled wall systems are more 

susceptible to higher mode amplification than cantilever wall systems.  
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Figure 11.13. Interstorey drift: a) and b) Wall 1, c) and d) Wall 2, e) and f) Wall 3 
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Figure 11.14. Interstorey drift: a) and b) Wall 1c, c) and d) Wall 2c, e) and f) Wall 3c 
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11.8.3. Interstorey shear 

For all walls, the shear demand is significantly higher than predicted by the 

displacement-based design, as previously noted by Priestley et al (2007). For the 

cantilever walls, this can be fully attributed to higher modes of vibration. The 

amplification of shear appears to be the most significant at the bottom level. This is 

because the moment provided by the wall-base connections remains relatively constant, 

while the moments above are amplified, resulting in significantly amplified shear. 

Hence, the level of shear amplification increases with earthquake intensity. 

For coupled walls, some of the shear amplification can be attributed to the forces 

applied UFP couplers. In the DBD procedure, it is assumed that the force applied by the 

UFP couples is consistent at each level. However, as illustrated in Figure 11.15, small 

variations in axial displacement of the UFP couplers can result in equal and opposite 

shear forces, which result in increased shear demand in the wall elements. For wall 1c 

and 2c, this equates to additional shear forces of approximately 30kN. However, the 

observed amplification of shear is in the order of 200kN and 400kN for Wall 1c and 2c 

respectively, indicating that the additional shear from the UFP is relatively insignificant. 

 
Figure 11.15. Shear amplification due to UFP couplers 

 

Another possibility is that the restraint provided by the diaphragm results in additional 

shear forces in the wall elements (Bull, 1997). The displacement at the centreline of 
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each wall was constrained to the same displacement, to simulate a rigid in-plane 

diaphragm. However, running the THA again with realistic in-plane diaphragm 

flexibility makes no significant difference to the shear or drift demand.  

By elimination, this indicates that the highly amplified shear demand for coupled walls 

is due to higher modes of response. For the coupled walls, the higher mode response, 

relative to the first inelastic mode, is more significant because hysteretic damping 

reduces the first mode response and elongates the period. This is illustrated by 

comparing the modal periods of wall 2 and 2c, as shown in Table 11.6. Observing the 

acceleration spectrum in Figure 11.6a, the accelerations in the range of the second and 

third mode period are significantly higher that around the inelastic first mode period. 

For wall 2, there is less difference in the accelerations at the first (non-linear) mode and 

higher modes, plus the first mode acceleration demand is not reduced due to hysteretic 

damping.     

Table 11.6. Modal periods and participation factors for wall 2 and 2c 

Modal Period Units Wall 2  Wall 2c 
Te s 1.88 4.10 
T1 s 1.19 1.56 
T2 s 0.25 0.39 
T3 s 0.12 0.19 
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Figure 11.16. Interstorey shear: a) and b) Wall 1, c) and d) Wall 2, e) and f) Wall 3 
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Figure 11.17. Interstorey shear: a) and b) Wall 1c, c) and d) Wall 2c, e) and f) Wall 3c 
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11.8.4. Interstorey moment 

The interstorey moments from the time-history analysis (THA) exceed the design 

values from the DBD procedure, except at the wall-base and roof. As for shear, the 

increase in moment demand can be attributed to higher mode amplification.  

For cantilever walls, the peak moment demand is at the base of the walls. For many 

designs, due to ease-of-fabrication, it is likely that the wall geometry will remain the 

same up the height of the structure. Hence, the base moment from the DBD procedure 

(including overstrength) can be used to check the strength of the wall elements. 

However, it is noted that as the earthquake intensity increases, the moment demand for 

the middle floors significantly increases.  

For coupled walls, the moment demand of the middle floors can be significantly higher 

than the moment demand at the base, indicating again that higher mode amplification of 

coupled walls is more significant. Furthermore, the moment amplification drastically 

increases with increasing earthquake intensity.    
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Figure 11.18. Interstorey moment: a) and b) Wall 1, c) and d) Wall 2, e) and f) Wall 3 
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Figure 11.19. Interstorey moment: a) and b) Wall 1c, c) and d) Wall 2c, e) and f) Wall 3c 
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11.8.5. Floor acceleration 

Similar to frames, the peak floor accelerations are briefly considered in terms of the 

floor acceleration magnification factor (FAM), which is the ratio of the peak floor 

acceleration (PFA) and the peak ground acceleration (PGA).  

The FAM for the cantilever walls is significantly higher than for coupled walls. As 

discussed in Chapter 8, this is due to hysteretic damping within the structure, which is 

present in the coupled wall system. Hence, to avoid significant damage to acceleration 

sensitive components a wall system with significant hysteretic damping is preferable. 

Because the cantilever wall system remains elastic, the FAM is relatively unaffected by 

the earthquake intensity. For the coupled wall systems, the hysteretic damping increases 

within increased earthquake intensity, which results in reduced FAM. 

The amplification of floor acceleration can also be observed in the floor acceleration 

spectra for wall 2 in Figure 10.16. Firstly, the FAM inferred from the floor spectra (at 

zero seconds) gives a FAM of up to 2 does not correspond to FAM from Figure 10.17d, 

which gives up to a FAM of up to 4. This is likely to be a consequence of the elastic 

damping relationship specified for THA. As shown in Table 11.5, the elastic damping 

ratio was reduced to account for the change in stiffness of the structure at peak 

response. However, the peak floor accelerations are relatively unrelated to the stiffness 

of the structure at peak response (Bradley et al., 2010). Therefore, the 2% damped floor 

acceleration spectrum is more appropriate to predict the FAM.   

As discussed in Chapter 8, the FAM amplification can be inferred from the ground 

motion spectrum, provided the period of the diaphragm, which ranges between 0.02 and 

0.13 seconds, does not correspond with a modal period of the structure. However, for 

wall 2, the third mode period is within the period range of the diaphragm. Hence, floor 

acceleration spectra should be used to estimate the floor accelerations.  
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Further research is necessary to improve THA modelling for estimation of the peak 

floor accelerations, as it is a critical engineering design parameter for loss estimation in 

performance-based earthquake engineering.  
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Figure 11.21. Floor accelerations: a) and b) Wall 1, c) and d) Wall 2, e) and f) Wall 3 
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Figure 11.22. Floor accelerations: a) and b) Wall 1c, c) and d) Wall 2c, e) and f) Wall 3c 
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11.8.6. Further discussion 

The exceedence of design drift for the coupled walls Wall 1c, 2c and 3c requires further 

investigation. There are several possible reasons for this inaccuracy in the DBD 

procedure. 

Firstly, the use of area-based equivalent viscous damping in the displacement-based 

design may have had an impact. This can be non-conservative because the structure at 

peak response, under natural earthquakes, may not complete a full hysteretic cycle. 

Priestley et al (2007) proposes a correction factor, shown in Figure 11.23, for area-

based hysteretic damping. From the cyclic pushover analysis, it was verified that the 

area-based equivalent viscous hysteretic damping was 21%, which is significantly 

larger than the value assumed for displacement-based design (15%). The ductility at the 

design displacement for Wall 1c and 2c is approximately 6 (see Figure 11.9b). 

According to Figure 11.23, at this level of ductility there should be no significant 

correction to the area-based damping. Hence, the observed amplification of the drift 

demand is unlikely to be due to the use of area-based damping the DBD procedure.  
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Figure 11.23. Correction factor for area-based hysteretic damping (Priestley et al., 2007) 
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The limited number of earthquake records used in the time-history analyses may have 

affected the percieved accuracy of displacement-based design procedure. It is possible 

that the variation of engineering demand parameters due to the random nature of each 

earthquake record may have been larger than variations caused by inaccuracies in the 

equivalent viscous damping relationships.    

Another possibility is that shear deformation is much more significant than expected. 

Observing Figure 11.17, the shear demand is significantly larger than that considered 

for design. Notably, higher mode response and restraint provided by the diaphragm may 

contribute additional shear forces in the wall elements (Bull, 1997). To examine this 

possibility the time-history analysis for wall 2c is repeated excluding shear deformation 

of the wall elements. The resulting drift demand is shown in Figure 11.24. Excluding 

shear deformation, the drift demand actually increases (due to a reduction in the 

inelastic period), indicating that it is not a plausible explanation for the amplified drift 

demand.      
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Figure 11.24. Interstorey drift for wall 2c with and without shear deformation 

 

It seems that the only plausible explanation for the observed drift amplification is higher 

mode response. For the coupled wall systems, the first mode response is significantly 

reduced due to hysteretic damping. However, hysteretic damping has little effect on the 

higher mode response (Priestley et al., 2007). Hence, while the first mode response has 

approximately 20% equivalent viscous damping, the 2nd and 3rd mode may have as low 
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as 0.76% (see Table 11.5), which may result is much more significant higher mode 

response.  

A similar phenomenon has be noted by Priestley et al (2007) for DBD of tall frame 

buildings where a design displacement reduction factor was proposed, to account for 

higher mode drift amplification. Similar factors were also proposed for wall structures. 

Displacement reduction factors were also suggested for frame-wall structures by 

Sullivan et al (2006) and T-shaped reinforced concrete wall structures by Smyrou et al 

(2008). A similar approach may be necessary for coupled timber wall structures. It can 

be tentatively suggested, based on the THA results above, the drift reduction coefficient 

should be in the order of 75%, irrespective of the height of the wall system. Another 

factor which may have exacerbated the amplification of the drift demand was the choice 

of the elastic damping model, which is investigated further in section 11.10.1. Future 

research, using procedures developed by Pennucci et al (2011), to determine the 

displacement amplification due to higher mode response is recommended.  

11.9. HIGHER MODE AMPLIFICATION OF SHEAR AND MOMENT 

The interstorey shear and moment demand from time-history analysis (THA) up the 

height of the walls are significantly larger than that given by displacement-based design 

(DBD) due to higher modes of amplification. As introduced, Priestley et al (2007) 

proposed expressions to account for the higher mode amplification of cantilever wall 

systems, which depend on ductility and the period, given as Equation 11-2, 11-3 and 

11-4. The capacity design shear and moment envelope, given by these equations, is 

compared with the THA results in Figure 10.18 and Figure 11.26. For the cantilever 

walls, an equivalent ductility is calculated, as shown in Chapter 10 for frame systems. 

The equivalent ductilities, interpreted from Figure 11.7, are 6, 3 and 3 for wall 1, 2 and 

3 respectively.  

The flexural and shear capacity of the wall elements are also plotted in Figure 10.18 and 

Figure 11.26. The flexural capacity is calculated using the characteristic tensile stress of 
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the Laminated Veneer Lumber rather than the bending strength. For large sections, the 

limiting stress within the section approaches the tensile stress, rather than the bending 

stress, as indicated by the k24-factor from NZS3603 (1999). The flexural capacity, Mn, 

and the shear capacity, Vn, for each wall are given in Table 11.7. For the coupled walls, 

the capacity of each wall is summed.   

Table 11.7. Flexural and shear capacity of each wall 

Frame Mn (kN.m)  Vn (kN) 
Wall 1 5702 1526 
Wall 2 8910 1908 
Wall 3 15840 2544 
Wall 1c 1426 763 
Wall 2c 3208 1145 
Wall 3c 4791 1399 

 

Most importantly, the flexural and shear capacity of each wall exceeds the demand by a 

considerable margin. As discussed in Chapter 7, the wall geometry is dictated by 

deflection requirements rather than strength. Hence, a designer may be highly 

conservative and specify dynamic amplification factor in the order of 2, and deflection 

requirements will still dictate the size of the wall elements. Notably, for splice 

connections the amplified moment and shear demand may be required.  

For both cantilever and coupled walls, the existing dynamic amplification factors for 

shear (see Equation 11-2 and 11-3) appear to be sufficiently accurate (see Figure 10.18 

and Figure 11.26). For Wall 1 and 1c the shear is slightly under estimed. However, 

because the shear and moment capacity is related in a solid timber section, moment 

demand is more critical for the walls considered. For cantilever walls 2 and 3, the 

dynamic amplification factors for moment tend to slightly under predict the demand. 

For all coupled wall, the moment demand is significantly under predicted. As discussed 

previously, the coupled wall system appears to be more susceptible to higher mode 

amplification.   
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Simple modifications to the existing moment envelopes are suggested for both 

cantilever and coupled wall systems. These modifications reflect that fact the section 

capacity is significantly higher than demand and are therefore, are conservative. Clearly 

further research is required to validate or improve the dynamic amplification factors for 

moment demand.  

For cantilever wall systems, the following modification is tentatively suggested for the 

mid-height moment: 

baseEHE MCM ,
0

1
0

5.0, φ=  (11-6) 

Where:  7.01075.07.0 01 ≥⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−+=

φ
μC .  

 

For coupled wall systems, it is evident that the moment demand does not reduce 

significantly with height, due to significance of higher modes. Therefore, it is suggested 

that the capacity design moment envelope should be uniform with height. It is 

tentatively suggested that the capacity design moment up the full height of the wall is: 

baseEE MCM ,
0

1
0 φ=  (11-7) 

Where:  111.09.0 01 ≥⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
−+=

φ
μC .  

 

The moment envelopes, derived from the equations above, are compared with the THA 

results in Figure 11.27. For all Walls, the moment demand is successfully enveloped. 

For short coupled walls, such as Wall 1c, the envelope is conservative at the top and 

bottom of the wall. For Wall 3c, it is expected that the first mode spectral demand were 

not exceeded that the moment demand would approach the envelope.  
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Figure 11.25. Capacity design interstorey shear and moment: a) and b) Wall 1, c) and d) Wall 2, 
e) and f) Wall 3 
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Figure 11.26. Capacity design interstorey shear and moment: a) and b) Wall 1c, c) and d) Wall 

2c, e) and f) Wall 3c 
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Figure 11.27. Modified capacity design interstorey moment: a) Wall 1 b) Wall 1c c) Wall 2 d) 
Wall 2c e) Wall 3 f) Wall 3c 
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11.10. ADDITIONAL DESIGN AND MODELLING SENSITIVITIES 

In this section, some additional considerations for modelling post-tensioned timber wall 

systems are addressed; the elastic damping model and the effect of additional strength 

from the floor or gravity system. 

11.10.1. The elastic damping model 

As for done for frames, the effects of using different elastic damping relationships, that 

are inconsistent with the displacement-based design, are examined. Three additional 

cases are considered, tangent stiffness Rayleigh damping (TR), initial stiffness Rayleigh 

damping (IR) and initial stiffness constant damping (IC). For Rayleigh damping, a 2% 

damping ratio is specified at the first and third elastic modes of the structure. For 

constant damping, a damping ratio of 2% is assumed. The dynamic response, in terms 

of displacement, drift, shear and moment, for Wall 2 and 2c using the four elastic 

damping relationships are presented in Figure 11.28 and Figure 11.29. 

Because Wall 2 is non-linear-elastic, with no hysteretic damping, the choice of the 

elastic damping model has a significant impact on the dynamic response of the wall, as 

shown in Figure 11.28. IR damping is the least conservative, and gives drifts demands 

that are 30% to 40% lower than the secant stiffness constant (SC) damping model (see 

section 10.5.2). However, the displacement and drift profiles for each damping model 

are comparable, indicating that the significance of higher modes is fairly consistent for 

each model. The shear and moment demand is significantly lower for IR and IC 

damping, compared to SC damping. Due to increased damping forces, the moment at 

the base of the wall is significantly higher for the TR model, while the shear is similar. 

Such a significant increase in base moment due to damping (over the capacity of the 

wall-base connections) for the TR model appears unrealistic and requires further 

investigation by future researchers. 
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For frames (see Chapter 10) the SC model was most comparable to the TR model. This 

is not the case for cantilever walls. This is because the variation initial and tangent 

stiffness is more significant for wall systems. Therefore, for design it is recommended 

that the SC model is only appropriate, due to the errors observed with Raleigh damping.   
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Figure 11.28. Comparison of elastic damping models for Wall 2: a) Displacement profile b) 
Interstorey drift c) Interstorey shear d) Interstorey moment 

  

Coupled wall 2c has significant hysteretic damping, yet surprisingly the choice of the 

elastic damping model still has a significant impact on the dynamic response of the wall 

system, as shown in Figure 11.29. Again, the IR damping is the least conservative, and 

gives drifts demands that are approximately 20% lower than the SC damping model. 

This indicates that higher mode amplification, which is predominantly a function of the 

elastic damping, is significant. The shear and moment demand for the IR and IC models 

are significantly lower than that for the SC model. Again, the base moment form the TR 

model seems unrealistically high.  
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Again, it is suggested that only the SC model is appropriate for coupled post-tensioned 

timber wall systems, as the other models may underestimate the shear and moment 

demand.  

However, it is noted that the elastic damping forces for higher modes using the SC 

model are unrealistically low. This is because the higher mode response is 

predominantly a function of the initial (rather than secant) stiffness and under the SC 

model the damping forces are underrepresented when the structure is at its initial 

stiffness. Further research is necessary to improve the elastic damping models and 

provide consistent damping forces for each mode.   
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Figure 11.29. Comparison of elastic damping models for Wall 2c: a) Displacement profile b) 

Interstorey drift c) Interstorey shear d) Interstorey moment 
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11.10.2. The effect of floor-wall coupling for coupled walls 

Within this section a simple model is used to determine the effects of strength 

enhancement due to the interaction of the wall system and the floor or gravity systems. 

For coupled walls, this increase in strength may reduce the proportion of the 

overturning moment provided by the dissipative coupling element, termed the βCE – 

ratio, and the overall equivalent viscous damping of the system. It is unclear whether 

the increase in strength will counterbalance the reduction in system damping.  

For wall 2c, a simple rotational spring model is used at each floor to model the 

interaction of the floor/gravity system, as described in Chapter 7. The rotational spring 

is assumed to be linear elastic. It is assumed that the interaction of the floor/gravity 

system contributes an additional 30% to the design overturning moment capacity of the 

wall system.  

The results from time-history analysis with and without floor/gravity system interaction 

are shown in Figure 11.30 in terms of wall displacement, drift, wall shear and moment. 

It is evident that interaction of the floor/gravity system has little effect on the 

displacement, drift or moment demand. However, the interaction of the floor/gravity 

system appears to significantly increase the shear demand. Hence, for shear critical 

walls or connections the interaction of the floor/gravity system should be included in 

the time-history analysis.  
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Figure 11.30. The effect of floor/gravity system interaction for Wall 2c: a) Displacement profile b) 

Interstorey drift c) Interstorey shear d) Interstorey moment 
 

11.11. SUMMARY 

The accuracy of the seismic lateral force design and modeling procedures, discussed in 

Chapter 7 and 9 for post-tensioned cantilever and coupled walls have been verified 

using pushover and time-history analysis.  

It was determined that a linear displacement profile, assumed during the displacement-

based design process, is satisfactory for both cantilever and coupled walls. However, for 

cantilever walls, improvements could be made by including the flexural deformation of 

the wall elements. Higher mode amplification appears to significantly increase the drift 

demand up the height of the walls system. This is especially true for coupled wall 

systems, which were found to be more susceptible to higher mode amplification. It was 

found that the low elastic damping ratio (2%) was a contributing factor to higher mode 
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amplification. Therefore, further research is necessary to better define the elastic 

damping model and determine the degree of displacement amplification due to higher 

modes for post-tensioned timber walls.    

It was established that the section capacity of the wall elements was considerably 

greater than the shear or moment demand from time-history analysis. Therefore, 

deflection limitations, rather than strength, dictate the size of the wall elements. Hence, 

a designer can be highly conservative with shear and moment dynamic amplification, 

without the required wall geometry being affected. In the eventuality that a splice 

connection is required, capacity design shear and moment envelopes may be required. 

Existing expressions for the dynamic amplification of wall shears (Priestley et al., 

2007) are appropriate, provided an equivalent ductility factor is determined for post-

tensioned only walls. Conservative expressions are proposed for the dynamic 

amplification of moments, due to the strong participation of higher modes of vibration.   

Because the elastic damping is low, results from time-history analysis were 

significantly affected by the elastic damping model for both cantilever and coupled wall 

systems. This is somewhat counter-intuitive for UFP coupled timber walls, which may 

have significant hysteretic damping. However, the elastic damping appears to affect the 

participation of higher modes, which are significant for coupled walls. It is 

recommended that a constant elastic damping model is used, which is corrected to 

account for the change in stiffness of the structure. Ultimately, further research is 

necessary to define a more robust elastic damping model for time-history analysis.  

Finally for coupled walls it was determined that additional strength, imparted from the 

floor and/or gravity systems, increases the shear demand but not the displacement, drift 

and moment demand on the wall system. This suggests that the interactions of the floor 

and gravity systems can be conservatively ignored for the seismic design of the post-

tensioned timber wall systems provided the wall elements have reserve shear capacity.   
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12. CONCLUSIONS 

In this thesis the lateral force-displacement response of multistorey post-tensioned 

timber wall and frame systems, and concrete-timber composite floors was examined 

using experimental testing, analytical and numerical modelling. The key objective of 

this work was to aid the development of design procedures to predict the lateral 

response of post-tensioned timber buildings that fit into the current performance-based 

earthquake engineering framework. To achieve this objective, several key milestones 

were reached. Conclusions drawn from each of these milestones are summarized below.  

12.1. EXPERIMENTAL TESTING  

Experimental testing was performed on a two-third scale post-tensioned timber frame 

and wall building. Key points drawn from the experimentation are: 

• The frame, wall and floor systems in this building responded essentially 

elastically, with stable hysteretic response, up to a design drift of 2%. The frame 

and wall timber only suffered minor levels of crushing. Damage induced in the 

floor slab was well within limits that would not require repair.  

• For the frame system, enhancement strength due to interaction of the floor 

system was minimal. Frame elongation was minimal, and consequently, in-

plane restraint provided by the diaphragm had little effect of the strength of the 

frame. For the wall system, interaction of the floor, gravity beams and out-of-

plane frames had a significant effect on the strength of the structural system.  

• The additional reinforcement for the beam-column connections used in the test 

building was found to be essentially ineffective at increasing the stiffness and 
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energy dissipation of the frame system. This was due to significant elastic 

deformation of the column and beam elements and significant anchorage 

deformation. However, the U-shaped flexural plate (UFP) couplers provided 

additional strength, stiffness and energy dissipation to the wall system.  

• Bi-directional loading did not significantly affect the response of the frame or 

wall system. Based on this experimental evidence, it is appropriate and 

conservative to de-couple the orthogonal building response for design. 

Overall the structural system performed well, undergoing twelve uni-directional and bi-

directional tests up to at least 2% drift. Complicated connection detailing led to a 

column fracture at 3% drift, which would not have occurred for a purely post-tensioned 

frame. Otherwise, the damage at 3% drift would also have been minimal.   

12.2. FRAME AND WALL MODELLING  

Simple analytical and numerical modeling techniques were devised to accurately 

capture the lateral response of frame and wall systems. Key outcomes from this 

research are as follows:  

• For frames, simple analytical equations are suggested to model the member 

deformation. It was found that flexural and shear deformation of the column and 

beam, shear deformation of the joint panel region and connection rotation are 

significant and need to be represented for design. It was proposed that the 

member deformations are simply a function of the moment and shear demand 

on the frame, while the connection should be designed to resist these actions 

within an allowable connection rotation. In this way design drift limitations will 

not be exceeded.  

• A similar approach was followed for modeling cantilever walls and coupled 

walls. It was determined that flexural and shear deformation of the wall element, 

and connection rotation are significant. 
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• For both frames and walls, improvements were made to existing analytical 

modeling procedures, which allow the moment-rotation response of the post-

tensioned connections to be predicted. The modified procedure more accurately 

predicts the stress applied to the timber within the connections, ensuring that 

performance-based design requirements can be achieved. 

• The proposed analytical modeling procedures for the wall, frame and 

connection response were verified using complex finite element models and 

experimental data.   

• Simplified lumped plasticity (macro) finite element modeling techniques were 

presented, which are required for time-history analysis of frame and wall 

structures. Finite element models of the frame and wall system from the test 

building were created and subjected to the same displacement history that was 

applied during experimental testing. To validate the numerical modeling 

techniques, the results of the numerical analysis were compared with 

experimental data.  

12.3. FLOOR MODELLING  

The in-plane response of timber-concrete composite floor systems was examined using 

numerical models, which were calibrated using experimental data, to determine the 

influence of in-plane floor flexibility on the seismic response of post-tensioned timber 

buildings. Key outcomes from this research are as follows: 

• Three models were suggested to capture the effects of floor flexibility; a multi-

degree-of-freedom (MDOF) model, a single-degree-of-freedom (SDOF) model, 

which considered only the stiffness of diaphragm connections (SDOF-1) and 

another SDOF model which considered the stiffness of connections and the 

floor plate (SDOF-2). All three models were applied to a large range of building 
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geometries and design floor accelerations. The results from the models were 

compared to gauge their relative accuracy. 

• When modeling only the diaphragm the SDOF-2 model was sufficient to 

capture the floor displacements and accelerations. This indicated that for post-

tensioned timber, a complex MDOF model is not necessary to capture floor 

flexibility. 

• The floor models were then applied to single storey frame and wall buildings. A 

rigid floor assumption was found to be sufficient for frame buildings. For wall 

buildings, at least the SDOF-1 is required to accurately capture the peak 

displacement of the diaphragm. 

• The SDOF-2 model was implemented into a finite element model of a 

multistorey post-tensioned frame. Inelasticity of the diaphragm connections was 

included within the model. It was found that inelasticity of the diaphragm 

connections reduced the response of the frame system for high earthquake 

intensities. While the response of the frame was reduced, the drift demand in-

between floors, which would include gravity columns, increased. 

• Procedures were proposed to estimate the peak acceleration, which can be used 

to design the floor diaphragm connections. These procedures considered either 

the floor or ground acceleration spectrum. 

12.4. SEISMIC LATERAL FORCE DESIGN 

Taking into account conclusions from experimental testing, frame, wall and floor 

modeling, seismic lateral load design procedures were developed, based on the existing 

displacement-based design (DBD) theory. Key outcomes from this work are given 

below: 
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• The elastic or intrinsic damping appropriate for post-tensioned timber was 

considered, using experimental data from previous research. Damping values of 

5% and 2% of critical damping based on the secant stiffness of the structure 

were recommended for frames and wall respectively. 

• Key aspects of the DBD procedure were considered for frame and wall systems; 

the displacement profile, yield displacement and equivalent viscous damping. It 

was proposed that the existing displacement profile, used for the design of 

reinforced and precast concrete frames, can also be applied for timber frames. 

Because the yield displacement and equivalent viscous damping (EVD) of a 

hybrid post-tensioned timber system depends on its strength, it was proposed 

that a conservative EVD is specified for DBD and then verified using either an 

analytical model or an adaptive cyclic pushover analysis.  

• Step-by-step procedures were presented for the modified DBD process for post-

tensioned timber buildings. Further recommendations were made for cases 

where the spectral demand, from the code design spectra, is exceeded. 

• A simplified sensitivity study of the governing lateral load cases was performed, 

considering sites located in Auckland, Wellington and Christchurch. For elastic 

response, it was found the either serviceability limit state (SLS) or ultimate limit 

state (ULS) earthquake loads governed. This depended on the design drift limit 

for SLS design. For inelastic response (under ULS design), it was found that 

SLS earthquake loading is more likely to govern. Comparing wind and 

earthquake loading; wind was most often critical for Auckland, either wind or 

seismic was critical in Christchurch and earthquake was most often critical in 

Wellington.  
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12.5. TIME-HISTORY ANALYSIS VERIFICATION  

The accuracy of the seismic lateral force design and modeling procedures for post-

tensioned frames and walls were verified using pushover analysis and time-history 

analysis. Key findings are listed below: 

• Existing displacement profiles, used for reinforced and precast concrete frame 

design, were appropriate, albeit slightly conservative, for post-tensioned timber 

frames. A linear displacement profile was appropriate for both cantilever and 

coupled walls. However, the accuracy of the displacement-based design (DBD) 

could be improved for tall cantilever timber walls by including the flexural 

deformation in the displacement profile.  

• Slight modifications to existing interstorey moment and shear dynamic 

amplification factors were proposed. Amplification factors were increased to 

ensure that brittle failure of timber columns is avoided. Furthermore, it was 

determined that deflection, rather strength, would dictate the section geometries 

for both frame and walls system. Therefore, conservatism in the dynamic 

amplification factors could be afforded. 

• For wall systems, higher mode amplification was significant and was 

exacerbated by the low elastic damping. Coupled walls were more susceptible to 

higher mode amplification than cantilever walls. Higher mode amplification 

significantly increased drift, shear and moment demands, especially for coupled 

walls. Future research was recommended to determine the effect of higher mode 

response on drift demands for coupled timber wall systems. Furthermore, it was 

suggested that refinement of the elastic damping models for time-history 

analyses are required.  
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12.6. FURTHER RESEARCH 

While this thesis attempts to lay a sound basis for predicted the lateral response of post-

tensioned timber buildings, as for any relatively new structural system, there is a 

significant amount of further research required. Some specific aspects that have been 

identified from this thesis are listed below: 

• The strength and stiffness of timber elements or fasteners are often characterized 

using only monotonic loading. Far more dynamic cyclic test data is required to 

understand the strength degradation and damping potential of timber materials 

and fasteners. This can lead to improvements in connection and reinforcing 

details for seismic applications.  

• Furthermore, improved detailing of connections between external steel 

reinforcement and timber elements are required. The performance of these 

connections during experimentation on the test building left much to be desired. 

For example, the beam-column and column-base connections produced a 

pinched hysteretic response, due to deformation of the reinforcement 

anchorages, and the effectiveness of U-shaped flexural couplers was reduced 

due to perpendicular-to-grain deformations of the wall elements.  

• Detailed verification of the connection modeling procedures proposed in 

Chapter 6 and 7 is required. The proposed analytical procedures were compared 

with experimental data and complex inelastic finite element models. Further 

experimental verification is necessary, especially for armoured connection 

arrangements. The connection modeling procedure is critical because it defines 

the strength of the entire structural system.    

• The interaction between the floor, the supporting gravity system and the 

structural wall system requires more attention. This interaction was found to 

significantly increase the strength of the test building. However, it is unclear 

whether this is a peculiarity, due to the geometry of the test building.  
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• For the displacement-based design (DBD) of post-tensioned frame systems 

(which have a non-linear elastic hysteresis) it was found that the drift demand 

reduced at the upper levels. It was suggested that this was due to the change in 

hysteretic shape up the height of the frame. Further research is necessary to 

determine if the displacement-based design process should be corrected to 

account for different elastic hysteretic shapes.  

• For DBD of cantilever wall systems, improvements could be made to the 

assumed displacement profile. Potentially, flexural deformation of the wall 

elements should be considered. For coupled timber walls, further investigation 

into higher mode effects is necessary. In addition, more information on the 

inherent damping properties of post-tensioned timber wall systems is required. 

• It was found that the elastic damping model can have a significant effect on the 

dynamic response of post-tensioned timber frame and wall buildings (with and 

without hysteretic damping). In this thesis, an approximate damping model was 

used that was consistent with DBD assumptions at the design drift. However, 

higher mode response would have been under-damped. Improved elastic 

damping models are required, to give consistent damping forces irrespective of 

the drift demand or modal response of the structure. 

12.7. CLOSURE 

Post-tensioned timber systems rate highly as a structural system when one considers the 

principles of current performance-based earthquake engineering. The controlled rocking 

mechanism within the connections, allows the timber elements to remain essentially 

elastic, while the restoring force from the post-tensioning avoids residual deformations. 

Due to the elastic deformation capability of the timber elements, damage to the floor or 

gravity systems is minimized. The relatively low initial stiffness of the structure reduces 

floor accelerations. In addition, significant energy dissipation can be achieved with the 
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inclusion of replaceable hysteretic or viscous damping devices, which can limit 

displacement and accelerations.  

All these performance attributes can lead to minimized financial losses due to loss of 

life, structural damage and/or loss of business operation in a major earthquake, due to a 

highly resilient structural system. Furthermore, the required materials are abundant 

within the New Zealand construction industry and offer benefits in terms of 

sustainability.  

Lateral force design and modeling approaches described within this thesis aim to enable 

designers to implement post-tensioned timber building solutions more widely within the 

New Zealand construction industry.  
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GLOSSARY OF SYMBOLS AND ACRONYMS 

SYMBOL DESCRIPTION 

∑N Sum of the axial forces on the wall from gravity load, post-tensioning 
and coupling elements 

Ah Area enclosed by a hysteresis loop 
Apt The area of the post-tensioning tendons 
Apt,i The area of the ith post-tensioning tendon 
AR Aspect ratio of a wall element (interstorey height over wall length) 
As,i Area of the ith layer of additional reinforcement 
Ash The horizontal shear area 
Asv The vertical shear area 
Asw The shear area of wall 
Asw,v The vertical shear area of the wall 
Atrib Tributary area 
Aw Area of wall 
bb Width of a beam 
bp The width of a plate 
bc Width of a column 
c The neutral axis depth 

C1 
Coefficient for the dynamic amplification of moments at the mid-
height of a wall 

C2 
Ratio of the average shear between the wall-base and the effective 
height and the base shear 

C2,T Coefficient for the dynamic amplification of shear that depends on the 
first mode period of the wall 

cc 
The distance from the compression centroid to the extreme 
compression fiber 

cD Damping coefficient applied to velocity 
Cs Compression force within a layer of additional reinforcement 
Cs,i The compression force within the ith layer of additional reinforcement 
Ct Compression force applied by the timber 

d Distance from the extreme compression fiber to a layer of tension 
reinforcement 



Seismic design of post-tensioned timber frame and wall buildings. M. P. Newcombe 

464  

df The diameter of a fastener 
D Dead gravity load 

d' The distance from the extreme compression fiber to the first layer of 
reinforcement 

db The diameter of bar used for additional reinforcement 
Econ The elastic modulus of the timber within the connection 
ep Length of the plate etrusion outside the beam 

Epara The parallel-to-grain elastic modulus of the timber 
Eperp The perpendicular-to-grain elastic modulus of the timber 
Ept Elastic modulus of the post-tensioning tendons 
Es The elastic modulus of the additional reinforcement 
Et The elastic bending modulus of the timber 
F Applied lateral force 

fa,h The resultant applied stresses in the horizontal direction 
fa,v The resultant applied stresses in the vertical direction 

FaRk The axial withdrawl capacity of a fastener 
φb Maximum curvature within the beam 
φc Maximum curvature within the column 
fc Stress at the extreme compression fiber 
FD Force due to damping 
φdec The curvature at decompression of the connection  
φf Flexural strength reduction factor 
fh,k The embedment strength of timber material 
Fi Inertial equivalent lateral force applied at the ith floor 
Fm Maximum lateral force 
φp The plastic or inelastic curvature 
fpt Stress in a post-tensioning tendon 
φs Shear strength reduction factor 
ft Stress within the timber 

Ft 
An additional lateral force applied at the roof to account for higher 
mode amplification 

ft,t The transverse stress within the column 
φu The ulitimate or maximum curvature 
fu The ultimate stress 
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Fu The ultimate lateral force 
Fu,ufp The ultimate force applied by the U-shaped flexural plate couplers 
FvRk The load carry capacity of a fastener per shear plane 
φy The curvature at the yield point of the connection  
fy The yield stress of the additional reinforcement 
Fy The yield lateral force 
Fy The yield lateral force 
Fy Yield axial force 
fy,pt The yield stress of the post-tensioning tendons 
fy,t Yield stress of the timber within the connection 
φyw The yield curvature of a wall 
G The elastic shear modulus 
H The interstorey height 
hb Height of a beam 
hc Height of a column 
He The effective height of a single-degree-of-freedom system 
Hi The height of the ith floor 
Hn The height of the top floor 
Ib The second moment of area of the beam  
Ic The second moment of area of the column 
Iw The second moment of area of the wall 
KA Axial stiffness 

Kbeam The axial stiffness of the beams 
Kc The stiffness of the diaphragm connections 

Kcol The transverse axial stiffness of the columns  
Kdia The stiffness of the diaphragm excluding the diaphragm connections 
Ke Effective stiffness 

Ke,sls The effective stiffness for servicability limit state loading 
Ke,uls The effective stiffness for ultimate limit state loading 

KF0 
The friction sitffness of the net compression area for a rocking timber 
connection 

ki Initial stiffness 
Ki The initial stiffness of the lateral load resisting system 

KLLRS The stiffness of the lateral load resisting system 
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Kpt The axial stiffness of the post-tensioning tendons 
Kpt,c The corrected axial stiffness of the post-tensioning tendons 
KR Rotation stiffness 

KR0 
The rotational sitffness of the net compression area for a rocking 
timber connection 

ks Secant stiffness 
kt Tangent stiffness 
L Length of a building 
Lb The bay length of a frame 

Lcant The cantilever length of shear span 
lcl The distance between wall centerlines 
Le The effective length of an equivalent winkler spring 
Lp The length of the plastic hinge zone 
lpt,c The corrected unbonded length of the post-tensioning tendons 
ls Distance between the top and bottom layer of reinforcement 
lsp The strain penetration length 

lsp,tot The combined strain penetration length 
lub The unbonded length of the post-tensioning tendons 
l'ub The unbonded length of the additional reinforcement 
lw Wall length 
M Mass 
MA Applied moment 

MCE,B The base moment provided by the coupling elements 
Mcon The conneciton moment 

Mcon,u The ultimate connection moment 
Mcon,y The connection moment at yield of the additional reinforcement  

me The effective mass of a single-degree-of-freedom system 
ME The earthquake moment demand 

ME,base The earthquake moment demand at the base of the structure 
mf Floor mass 
mi The inertial mass of the ith floor 
Mn The nominal moment capacity 
MN The moment provided by the gravity induced axial force 
Mo

E The overstrength earthquake moment demand 
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Mo
E,0.5H The overstrength earthquake moment demand at the mid-height of the 

structure 
Mpt The moment provided by the post-tensioning 
Ms The moment provided by the addition reinforcement 
Mwi The moment demand on the ith wall 

Mwi,B The base moment of the ith wall 
MyRk The yield moment of a fastener 

n The number of floors 
N Axial force due to gravity loading 

nbay Number of bays in a frame 
ncon Number of connections 
NG Axial force due to gravity loading 
P Total gravity load 

PAMDOF Peak acceleration of the multi-degree-of-freedom floor model 
PASDOF,i Peak acceleration of the ith multi-degree-of-freedom floor model 
PDMDOF Peak displacement of the multi-degree-of-freedom floor model 
PDSDOF,i Peak displacement of the ith single-degree-of-freedom floor model 

Q Live gravity load 
r Post-yield stiffness ratio 
R Radius of the U-shaped flexural plates 

Rcon The ratio of the roof deformation due to connection rotation and the 
total deformation for a wall 

Rhyst Correction factor of area-based hysteretic damping 
Rξ Spectral reduction factor for eqivalent viscous damping  
S The plastic section modulus 
Sξ Inelastic spectra 
T Design tension force in a exterior column 
tb The thickness of a plate 
Tc Natural period of the diaphragm connections 
Te The effective period 
Ti The natural period of the ith mode 
Tpt Tension force within the post-tensioning tendons 
Tpt,i The force in the ith post-tensioning tendon 
Tpti The initial post-tensioning force 
Ts Tension force within a layer of additional reinforcement 
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Ts,i The tension force within the ith layer of additional reinforcement 
Tt The tension within the timber 
tw Wall thickness 
v Velocity 

V1D,i The first mode ductile shear demand at the ith floor 

V2E,i The second mode elastic shear demand at the ith floor 
Vb Base shear 
VB,i Beam shear at the ith floor 

Vbeam The shear force within the beam 
VCE The shear force applied to the wall from the coupling elements 
Vcol The shear force within the column 
VE The earthquake shear demand 

VE,base The earthquake shear demand at the base of the structure 
Vjh The horizontal shear force in the joint panel region 

Vjh,avg The average horizontal shear force within the joint panel region 
Vjh,max The maximum horizontal shear force within the joint panel region 

Vjv The vertical shear force in the joint panel region 
VMMS,i Shear demand at the ith floor for the multi-modal-superposition method 

VN The nominal shear capacity 
VN,base The nominal shear capacity at the base of the structure 
VN,roof The nominal shear capacity at the roof of the structure 

Vs,i Storey shear at the ith floor 
W Width of a building 
x The ordinate perpendicular to the connection interface 
y The ordinate parallel to the connection interface 

ys,i 
The distance from the ith layer of additional reinforcement to the 
extreme compression fiber 

α The exponential displacement profile coefficient for the Pasternak 
model   

α0 The low limit for the re-centering ratio  
αt The angle of the fastener relative to the direction of the timber grain 

β Proportion total overturning moment which is enclosed by the 
hysteresis loop (2/(1+λ)) 

βCE The ratio of the base moment provided by coupling elements and the 
total overturning moment  
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βe The ratio of the embedment strength of two timber layers 
γ The rotation due to shear distortion 
γh The rotation due to horizontal shear distortion 
γLS Limit state reduction factor 
γv The rotation due to vertical shear distortion 
δ The surface displacement profile 

Δa 
The anchorage deformation of additional reinforcement  
(analogous to Δsp) 

Δa,e 
The lateral deformation at the effective height that corresponds to a 
given axial deformation of the wall element  

δc The magnitude of the mode shape at the critical floor 
Δcon Lateral deformation due to connetion rotation 

Δcon,e 
The lateral deformation at the effective height due to connection 
rotation 

Δd The design lateral displacement 

Δd,ω The design displacement reduced by the drift reduction factor to 
account for higher mode amplification 

Δdec The lateral displacement at decompression of the connection  
Δf Lateral deformation due to flexure 
δi The magnitude of the mode shape at the  ith floor 

Δi The lateral dispalcement of the ith floor 
Δm Maximum lateral displacement 
Δpt Elongation of a post-tensioning tendon due to a gap opening 

Δpti 
The elongation of the post-tensioning tendons due to the initial post-
tensioning force 

Δr Deformation of additional reinforcement due to a gap opening 

Δr,i 
Deformation of the ith layer of additional reinforcement due to a gap 
opening 

Δr,y 
Yield deformation of the additional reinforcement due to a gap 
opening 

Δroof Lateral deformation of the roof 
Δs Lateral deformation due to shear 

Δs,e 
The lateral deformation at the effective height due to shear 
deformation of the wall element  

Δsh,e 
The lateral deformation at the effective height due to horizontal shear 
distortion of the wall element  

Δsp Strain penetration deformation of the additional reinforcement due to a 
gap opening 
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Δsv,e 
The lateral deformation at the effective height due to vertical shear 
distortion of the wall element  

ΔT,ξ 
The spectral displacement at a given period and equivalent viscous 
damping 

Δu The ultimate lateral displacement 

Δufp Deformation of the U-shaped flexural plate anchorage relative to the 
wall 

Δufp,e 
The latearl deformation at the effective height due to the U-shaped 
flexural plate couplers  

Δw,e 
The lateral deformation at the effective height due to elastic 
deformation of the wall element 

Δy The yield lateral displacement 
Δy,e The lateral displacement at yield at the effective height 
Δy,i The lateral displacement at yield at the ith floor 
δεpt Change in post-tensioning strain due to gap opening 
δεpt,i Change in post-tensioning strain for the ith tendon due to gap opening 
εc Strain in the timber (or concrete) at the extreme compressive fiber 
εc,t The peak transverse strain within the column 
εpt The strain in the post-tensioning tendons 
εpt,i The strain in the tendons due to the initial post-tensioning force 

εpti 
The strain in the post-tensioning tendons due to the initial post-
tensioning force 

εs The strain in the additional reinforcement 

εs,b The approximate uniform strain in the bonded region of the additional 
reinforcement 

εs,i 
The strain within the ith layer of additional reinforcement due to a gap 
opening 

εt Strain in the timber 
εy The yield strain for additional reinforcement  
εy,t Yield strain of the timber within the connection 
ζF The friction stiffness distribution function 
ζR The rotational stiffness distribution function 
θb The drift due to beam deformation 
θc The drift due to column deformation 
θcon The drift due to connection deformation 
θD The design drift 
θdec The connection rotation at decompression of the connection  
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θf Lateral drift due to flexural deformation 
θimp The imposed connection rotation 

θimp,Eqn The imposed connection rotation determined analytical expressions 
θimp,FEM The imposed connection rotation inferred from finite element models 

θj The drift due to joint panel deformation 
θs Lateral drift due to shear deformation 
θy The yield rotation or drift 
θΔ Stability (or P-delta) index 
κ Elastic damping correction coefficient 
λ The re-centering ratio  

λc 
Power coefficient applied to ductility for elastic damping correction 
coefficient  

λR Plan aspect ratio of the floor 
λs Scaling factor between model and prototype for similatude 
μeq The equivalent ductility for a non-linear elastic system 
μf The friction angle 
μo Ductility including overstrenght  
ξel Elastic damping 
ξel,i Elastic damping based on the initial stiffness 
ξel,s Elastic damping based on the secant stiffness 
ξel,t Elastic damping based on the tangent stiffness 
ξeq Equivalent viscous damping 
ξhyst Hysteretic damping 
ξhyst,ab Area-based hysteretic damping 
χ The ratio of the peak surface and transverse timber strain 

ψE Live load reduction factor for the earthquake load combination 
(NZS1170.5) 

ωf Dynamic amplifcation factor for interstorey moment 
ωV Dynamic amplifcation factor for interstorey shear 
ωθ Drift reduction factor to account for higher mode amplification 
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ACRONYMS DESCRIPTION 
BC Beam-column 

CLT Cross-laminated timber 
DBD Displacement-based design 

DDBD Direct displacement-based design 
EB Edge-beam 

EC5 Eurocode 5 
EDP Engineering demand parameter 
EVD Equivalent viscous damping 
EW East-west 

FAM Floor acceleration magnification 
FEM Finite element model 

FS Flag-shape 
Glulam Glue-laminated timber 

HM Higher mode 
IBC International Building Code 
IC Initial stiffness constant (damping) 
IR Initial stiffness Rayleigh (damping) 

ITHA Inelastic time-history analysis 
L2 Level 2 
L3 Level 3 

LLRS Lateral load resisting system 
LVL Laminated veneer lumber 
MBA Monolithic beam analogy 
MCE Maxmum credible event 

MDOF Multi degree of freedom 
MRBC Moment-resisting base connection 

MS Multi-spring 
NS North-South 

NZCS New Zealand concrete society 
OSB Orientated strand board 
OTM Over-turning moment 

PA Peak acceleration 
PBEE Performance-based earthquake engineering 
PCBC Pinned column-base connection 

PD Peak displacement 
PFA Peak floor acceleration 
PGA Peak ground acceleration 

PRESSS Precast seismic structural systems 
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RS Rotational-spring 
SC Secant stiffness constant (damping) 

SDOF Single degree of freedom 
SHS Square hollow section 
SLS Servicability limit state 

STIC Structural Timber Innovation Company 
TCC Timber-concrete composite 
THA Time-history analysis 
TR Tangent stiffness Rayleigh (damping) 
TT Thin Tekada 

UBC Uniform Building Code 
UFP U-shaped flexural plate 
ULS Ultimate limit state 
WS Wayne-Stewart 

X-Lam Cross-laminated timber 
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APPENDICES 

The title of each appendix is given in the table below. In addition to the appendices, raw 

experimental data, photographs and video for the two-storey test structure is provided in 

an attached compact disc.     

APPENDIX TITLE 
A Design and construction of the test building 
B Further detail on the experimental response of the test building 
C Experimental observations for the test building 
D Modelling frame systems 
E Modelling wall systems 

F Earthquake records 

G Designs for time-history analysis verification 
 

 

 


