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Abstract 

In the past few decades, engineers have realized that an appropriate estimation of 

energy dissipation on the structural system is one of the important roles in aseismic design of 

building structures located in hazardous seismic areasH26
,P26,V9. The inelastic load-deformation 

behaviour of the structural members and vibration of the foundations on the flexible soil 

medium are two important features of the energy dissipation. Soil-structure interaction is the 

way to refine the existing common methods in structural analysis as it able to take into account 

the soil-foundation energy dissipation from the structural system. 

Study of the response of building structures supported by a soil medium using lumped 

parameter methods have been carried out by some researchers. However, most of these studies 

used unrealistic physical or structural responses and soil-foundation models which did not have 

real application in modern building aseismic design. The current New Zealand code NZS 

4203: 1992 states that a special study should be carried out where energy dissipation in the 

structural system is primarily through the rocking of foundations. 

Analytical investigations using the same methods in more realistic applications of 

aseismic design in building structures was carried out. The investigations cover several inelastic 

damage indicators for both frames and fram~-wall structures with a different numbers of 

storeys, numbers of frames, hysteresis rules, rigid joint lengths, supported by different

foundation types, soil models, soil stiffnesses and exited by different earthquake inputs. It was 

found that rocking structures exhibit advantages or disadvantages and show the inadequacy of 

the current wall moment design envelopes for frame-wall structures. 

Methods to overcome the disadvantages need to be developed. A new simple wall 

moment design envelope for different types of foundation and soil-foundation hysteresis rules 

has been proposed. In addition, the minimum required static bearing capacity factor for soil

under minimum wall gravity load and the approximation of the building'S lateral fixity are also 

discussed. 
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Chapter I 

Introduction. 

1.1 GENERAL 

Efficiency and safety are two important considerations in the seismic resistant design 

of structures. Sometimes these considerations compromise each other because they are 

negatively correlated. To maximize the efficiency is the general goal in the seismic resistant 

design and construction of the building structures, however, this goal tends to increase the 

structural risk since maximizing the efficiency tends minimizing the apparent structural safety. 

An optimization between efficiency and safety in aseismic design and construction, therefore, 

needs to be achieved although the optimum value itself is relative and difficult to define 

quantitatively. 

Evidence from recent earthquakesA21 ,B28,H28,M31,W32, indicates that the building damage is 

mainly due to defective application of the principles of seismic resistant design of structures. 

These defects involve unclear application of the design philosophy, poor building 

configurations, energy dissipation, detailing and construction. These all lead to a minimum 

value of the structural safety factor. Therefore, one of the most effective ways of mitigating 

the destructive effect of earthquakes is to improve the existing methods of structural analysis, 

to develop new or better methods in designing, detailing, constructing and maintaining 

structures. This also includes the retrofitting of existing hazardous facilitiesB
2.5. 

The structural analysis may be able to estimate the response demands, while the 

capacity response can be shown by laboratory tests. The seismic design limit states, consisting 

of serviceability, damage control and survival limit states, currently have been clearly 

definedPl8
• The estimation of the seismic responses of the structures has improved significantly 

since the development of more rational inelastic structural analyses. This is aided by 

considering more rational member models and energy dissipation models. However, the 

quantitative safety margin is still difficult to define because some uncertainties are involvedK22
, 

1 
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i.e modelling the input ground motion and modelling of structural system. Ref. PIS states that 

the input motion corresponding to the boundaries between these limit states, cannot be defined 

precisely, and the analysis commonly ignores the coupling effect between soil-foundation and 

superstructure. In an uncoupled system, the superstructures are assumed to be fixed at the soil 

base. However, soils are not a rigid material and are not bonded to the superstructure. 

An improvement of the common methods of structural analysis is the use of soil

structure interaction which has been developed over the last few decades. Two different 

approaches have been made to the solution, either a continuum-impedance approach or discrete

numerical methods can be utilized. By considering the coupling effect between the soil

foundation and superstructure to be a whole structural system, more. confidence in the results 

from the structural analyses in estimating the structural safety can be achieved. The apparent 

factors of safety can be reduced when this confidence increases, enabling optimization of the 

cost of constructionH29
• 

Two important phenomena that distinguish the uncoupling and coupling effects between 

soil-foundation and the superstructure in soil-structure interaction are the effects of the 

kinematic and inertial interactions. These phenomena are due to the fact that the earthquake 

ground motions are not directly transmitted to the superstructure but pass through the soil

foundation system. The kinematic interaction refers to the effect of spatial variation of the 

seismic motions at different points due to differing elevation or incoherent seismic motions with 

respect to a common motion at the relatively stiff basement. The inertial interaction refers to 

soil deformation inducing rocking, vertical and horizontal displacement vibration modes of 

superstructures. In addition to soil-material damping due to the non-linear inelastic behaviour 

of soil, a radiation, spatial or geometrical damping occurs during these vibration modes i.e an 

amount of energy is dissipated through the vibration energy transmitted away into the 

surrounding foundation footings. 

Several aspects affect the incoherent seismic motions and the studies carried out in 

Ref. V 10, Vll and VI2 concluded that the kinematic interaction is less significant in 

comparison with the inertial interaction, especially for relatively shallow foundations. The 

kinematic interaction in the continuum-impedance method of soil-structure interaction on a 

stmcture with shallow foundation is often neglected. The foundation input motions are assumed 

to be the same as the free field motions. 
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The improvement in the analyses using the continuum-impedance method in soil

structure interaction can be achieved by using more rational soil models. These models involve 

incorporating the layering of the soil over a half_spaceH17,L8,L9,W22, the fictitious layer due to non

linear behaviour of soil adjacent to the footing surfaceP11l
• the homogeneous layer over the 

horizontal rigid boundaryGS, using more degrees of freedom and elements of lumped 

modelsD14
,w9 and using more refined analysis such as boundary element and partially embedded 

arbitrary shaped foundationsD3,F4,H7.G1,G2,G13. 

Both analytical and experimental investigations of building structures supported by 

foundation compliance to simulate effect of soil-foundation flexibility have been reported in 

some references. CHOPRA & GUTIERREZ (1974) presented the analytical investigation of 

elastic MDOF structures resting on rigid circular disk footings supported by an elastic half

space soil model. CLOUGH & HUCKELBRIDGE (1977) reported the results of laboratory 

tests of three storey steel frames where the foundations were allowed to lift-off. 

HUCKELBRIDGE & CLOUGH (1978) carried out similar analytical and experimental 

investigations of nine-storey steel frames. PRIESTLEY, EVISON & CARR (1977) conducted 

laboratory tests of a SDOF structure supported by both rigid and flexible rubber pad 

foundations. YIM & CHOPRA (1983, 1985) reported the analytical investigation of elastic 

SDOF structures supported by Winkler foundation and elastic MDOF frame structures 

supported by two spdng-damper element foundations. PSYCHARIS (1983) discussed the 

response of elastic MDOF structures supported by two spring-damper element foundations. 

HIFNA WY & NOV AK (1986) investigated an elastic MDOF structure supported by pile 

foundations. 

1.2 OBJECTIVES OF THE RESEARCH 

Some research, either analytical or experimental investigations on the effects of the 

foundation compliance on the response of building structures has been carried out. However, 

most ofthese investigations are based on gross assumptions i.e by using very simple structures, 

simple soil and foundation models, elastic response of superstructures and as a result the 

investigations place greater emphasis on the scientific aspects rather than the engineering 

assessment. More realistic superstructures, soil and foundation models, structural responses and 

essential guidance for both the analysis and the design of rocking structures are needed. 
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The first objective of this research is to ascertain the advantages and disadvantages of 

rocking structures when compared to the system where rocking is prevented, using more 

realistic superstructures, structural responses, modelling of soil and supporting foundations and 

including effects of partial lift-off of the footing foundations. 

Using the results obtained in the first objective, the second objective will be to attempt 

to develop the essential guidance for analysis or design of rocking structures including the 

partial lift-off phenomenon of the footing foundations. 

1.3 SCOPE AND OUTLINE OF THE THESIS 

More uncertainties are found in the nature of soils than that in superstructures. Part of 

the rationale in engineering methods is to minimize the uncertainties by the use of logical 

assumptionsH29 so that the expected solution to the problems can be achieved without any 

significant loss of accuracy. A number of assumptions were made in this thesis. 

To evaluate the developments, the results, and the proper selection for the further 

research on rocking structures, a review of the previous research needs to be carried out. This 

research review is presented in Chapter II. The selection of several aspects including the 

building prototypes, configurations, number of stories and the preliminary design of the 

corresponding building prototypes are presented in Chapter ill. The preliminary design and 

selection of these aspects are based on the principles of aseismic design of building structures 

and the New Zealand building codes. 

Soil-foundation impedances are a function of soil-shear modulus which is strain 

dependent. Chapter IV discusses the dynamic properties of soils and the maximum possible soil 

shear strain induced by earthquakes and the simple soil rheological models in terms of 

engineering applications. 

Soil-foundation impedances are also functions of the soil and footing foundation model 

being used. A number of possible uses of these models for substructure modelling are presented 

in Chapter V and followed by the selection of the more realistic soil-foundation models. The 

corresponding soil mechanical model and the selected soil properties are also presented. 

Superstructure modelling is presented in Chapter VI. This chapter involves the modelling of 
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horizontal load resisting systems, modelling of inelastic reinforce concrete members, effective 

stiffness, inelastic load-deformation relationships and the modelling of plastic hinge and rigid 

joint zone lengths. 

Several soil-foundation impedance formulae have been proposed by researchers based 

on the various soil and foundation models, methods of analysis and level of soil shear strain. 

The soil-footing foundation responses and impedances are discussed in Chapter vn. The 

procedures of the analysis of soil-structure interaction is presented in Chapter VIII. This 

chapter involves the mathematical expression of the motions of the structural system, the 

overall damping of the structural system, the choice of the numerical integration schemes, 

earthquake excitations and the methods used in the analyses. 

Chapter IX discusses the inelastic response parameters, damage indicators and these 

response parameters on the corresponding building prototypes supported by the flexible soil

foundation system in comparison with the more common fixed base structures, when subjected 

to the 1940 El Centro N-S component earthquake. This earthquake has often been used as the 

standard earthquake excitation in many codesA2,x4. 

Some parameters may show diverse effects on the structural responses. The effects of 

different rigid joint lengths, number of frames and flexural member hysteresis rules on the 

seismic responses of frames and frame-wall structures supported by flexible foundations and 

fixed base foundations are presented in Chapter X, Chapter XI investigates the effects of 

different soil moduli, soil shear strains and soil models on the same structural system. The 

effects of different earthquake excitations on the same structural system are presented and 

discussed in Chapter XII. 

Based on the results obtained from the four foregoing chapters, the suggested analysis 

methods and proposed design guidance for rocking structures is presented in Chapter XIII. 

Finally, some conclusions and recommendations for further research are presented in Chapter 

XIV. 



Chapter II 

Review of the Usage of Lumped Parameter Methods in 

Rocking Olf Building Structures 

2.1 INTRODUCTION 

The analysis and design of multistorey buildings subjected to earthquake excitations is 

very important in seismically hazardous regions. The response of the structures cannot be 

computed unless the method of transmission of the ground excitation from the soil into the 

superstructure has been determined. 

At the present time, the most common assumption is that the free-field strong motion 

accelerogram may be applied directly at the base of the building. The superstructure is also 

assumed to be firmly bonded to a perfectly rigid baseeJ
,C6.M3 i.e the building is assumed to be 

fixed at its foundations. This assumption is usually adopted in the analyses of multi-degree of 

freedom structuresX4
• 

Depending on the site conditions, the actual soil may be soft or firm, but it is not 

infinitely stiff. In addition, the structures may rest on the ground under the force of gravity 

only and are not restrained from rocking. A more accurate response analysis may be achieved 

when the soil is modelled as a flexible material and not assumed to be infinitely rigidMJ•
H2

• 

Taking into account the effect of the soils on the analysis of building structures is usually 

referred to as a soil-structure interaction analysis. A lumped parameter method is often used 

in this soil-structure analysis, where the flexibility of the soil is represented by a system of 

springs and dashpots. The earthquake excitation is not directly transmitted to the superstructure 

but passes through the soil-foundation interaction system. The effects of the soil-structure 

interaction on the superstructure response may be of great significanceWIO for building structures 

resting on soft soilsxl. 

6 
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The effects on the responses of building soil-structure interaction have been reported 

by researchers. Major research results, especially using lumped parameter methods, are 

described in the following sections. 

2.2 EXPERIMENTAL INVESTIGATIONS 

2.2.1 Clough and Huckelbddge (l977)C7 

In some earthquakes the overturning moment at the base of the structure due to the 

lateral inertia forces may exceed the available overturning resistance available from the weight 

of the structure. Partial transient separation of the foundation from the ground may occur when 

additional anchorage systems are not provided. However, greater effort to provide overturning 

constraint to the structure in which the separation is prevented under a major earthquake would 

seem uneconomicalC7. Therefore, a better understanding of the behaviour of the rocking 

structure is necessalY. 

CLOUGH & HUCKELBRIDGE (1977), investigated simulated earthquake excitation 

induced dynamic response of a simple structure in which the columns are allowed to lift-off. 

A three dimensional three-storey single bay steel frame structure was tested where the total load 

of 8 kips was equally distributed on each floor. The structural test model is shown in Fig. 2.1. 

The structure model was placed on a shaking table. The experiments showed that the structural 

model would result in a relatively high lift-off response. The column's bases were pinned so 

that the columns could rotate freely. Two types of impact pads with different stiffnesses were 

provided beneath the column bases during the lift-off responses. 

Two strong motion accelerograms were used to excite the table, the 1940 EI Centro N

S and the 1971 Pacoima Dam S47W records. The El Centro record was used both with and 

without the corresponding vertical component of the input motion. Each signal was run at a 

wide range of scale factors, from a maximum acceleration of 0.1 g to 1.1 g. Hundred's of data 

channels recorded the time histories of table acceleration, floor displacements, floor shears, 

overturning moments, column responses and column axial forces. Typical results from these 

tests are shown in Fig. 2.2 and Fig. 2.3. 
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The floor accelerations and storey shears from the scaled El Centro N-S excitation with 

maximum acceleration of 0.74 g with lift-off of the column bases prevented, are shown in Fig. 

2.2. The maximum floor accelerations were approximately 1.46 g and 1.95 g with the 

corresponding storey shears being approximately 28 kips and 18 kips for the second and third 

floors respectively. Fig. 2.3 shows the floor accelerations and storey shears when the base-mat 

is allowed to lift-off. In this case, the building model is subjected to a scaled 1940 N-S El 

Centro earthquake with maximum acceleration of 0.67 g. Maximum floor accelerations were 

approximately of 1.03 g and 1.16 g, and the corresponding storey shears were approximately 

of 18.1 kips and 10.8 kips for the second and third floors respectively. 

Even though these structural responses are not exactly comparable because of the 

slightly different applied table accelerations, it is clear that when column base is not allowed 

to lift-off, the floor accelerations are greater than when column base lift-off is permitted. The 

storey shears of the structure without column lift-off are greater than those when lift-off is 

allowed. It was also found from this experiment that for a low level applied loading, only 

slightly different responses resulted from these two different base mat stiffnesses. The general 

result of the investigation showed that lift-off results in a definite reduction of the structural 

response. 

2.2.2 PRIESTLEY, EVISON AND CARR (1978)1':3,1'4 

The possibility of the foundation rocking of shear wall structures designed to NZS 

4203: 1976 was reported by Priestley, Evison and Carr (1978). When using the building code 

NZS:4203, to derive the physical properties of a structure in particular seismic zones, the 

product of the Structural Type Factor S, Materials Factors M, and capacity factor cf>jcf>f may 

be greater than 2.0. The code states that: 

/I ••• flO -foundation system need to be designed to resist the overturning 

moments greater than those resulting from hon'wntal forces corresponding 

to SxM = 2.0. 11 
•• clause 3.3.6.1 

Because of this limitation, some ofthe building systems will be allowed to rock on their 

foundations under seismic excitations. 
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Laboratory tests were conducted to describe the mechanism of the rocking process and 

finally a simple design method was proposed to predict rocking displacement at the centre of 

mass of the structures under an earthquake excitation. The experimental structural model was 

a single degree of freedom stiff steel column placed on a mild steel plate. A similar steel 

member was used as a foundation beam and rigidly welded to the base plate and column. The 

model was placed on the shaking table as shown in Fig. 2.4. 

The model was a 1/6 scale model of the prototype, and was sUbjected to free vibration 

or earthquake excitations. The example of the response to 0.6 EI Centro 1940 N-S is shown 

in Fig. 2.5. The laboratory measurement of the reduction of horizontal response due to 

foundation impact was compared with the formulas derived for the Rocking of a Rigid Block 

on a Rigid Base by HOUSNER (1963). After i impacts, the horizontal displacement of the 

centre mass in terms of the initial displacement IPo may be written as, 

(2.la) 

in which rand lPo respectively are, 

[ 
mRl r r = 1 - T(l - cos2a) (2.th) 

(2.k) 

where m is the mass of the rigid block, 10 is mass moment inertia of the block about the 

rocking point, ~ is the distance of the line between the centre of mass to the rocking point, 

~ is the angle between this line and vertical plane of the block and 60 is the initial angle of the 

rocking block. 

Several test runs were made and the horizontal displacement was plotted against the 

measured frequency as shown in Fig. 2.6. Good agreement was found between the measured 

reSUlts and the theoretical response. It was found that the damping ratio ~ was 0.1 fn where 

fr is the rocking frequency. A relationship between the damping ratio ~ and the frequency f and 

horizontal rocking displacement of the centre of mass Ym against the frequency was then 

obtained. From an Elastic Response Spectrum and these relationships, it was possible to 

predict the horizontal rocking displacement of the prototype for a given damping ratio ~. The 

prediction procedures are follows: 
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1. Assuming the peak horizontal rocking displacement Ym for the model, then the 

model rocking frequency foo may be determined from Fig. 2.6, 

2. The damping ratio ~ro (A in the figure) can be found from Fig. 2.7, 

3. The resulting rocking frequency fro of the model is then scaled to the 

equivalent value for the prototype frequency ~ by using the scale factor ( in 

this case equal to 6). Based on these values ~ro and 4 and using an elastic 

response spectrum, the prototype horizontal rocking displacement Yl' may be 

found. The resulting Yp is then scaled to the horizontal rocking displacement 

of the model Y ml, 

4. Yoo from step 1 and Yml from step 3 are then compared. IfYm and Yool do not 

agree with each other, a second trial must be made by using the new horizontal 

rocking displacement Yml and re-starting from step 1. Trial and error-iteration 

are repeated until Ym i-I = Ym i and tm i-I = tooi, where i = 1,2 ... n, are the 

iteration numbers. 

2.2.3 HUCKELBRIDGE AND CLOUGH (1978)H8. 

Having been successful on their first experiment -in the three story steel frame 

structure, HUCKELBRIDGE & CLOUGH (1978) undertook a similar experiment and 

analytical investigation on the behaviour of a more complicated structure. The model was three

bay nine-story steel structure with open-frames, and approximately one-third scale of the 

prototype. A gravity load of 10 kips is applied equally distributed on each floor. This structural 

model was placed on the shaking table as shown in Fig. 2.8. In this experiment, the column 

bases were designed to allow lift-off or act as fixed-bases. In order to carry out the fixed base 

test the elements to accommodate column lift-off were removed and the column bases were 

bolted rigidly to the foundation. 

The experimental investigation had two primary objectives; first, to obtain data 

describing the lift-off behaviour of the frame and to obtain comparative data when column base 

lift-off was allowed or prevented under similar ground excitations. Meanwhile the analytical 
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program was to evaluate the available non-linear numerical techniques for predicting the lift-off 

response of these open frame structures. The second objective of the analytical program was 

to evaluate the current computer program capabilities for predicting non-linear frame response 

through the use of concentrated plastic hinges located at the end of the members. The 

mathematical model used in the analytical investigation is shown in Fig. 2.9. 

Free-field 1940 EI Centro NS and Pacoima Dam S74W ealthquake ground motions 

were used as input to the shaking table. Each record was applied over a wide range of 

intensities both with and without the vertical component of the ground motion. The structural 

response quantities recorded included horizontal floor accelerations, floor displacements, 

member forces and deformations and column lift-off displacements. The typical records of story 

shear and overturning moment for both fixed and lift-off cases are shown in Fig. 2.10 and 2.11 

respectively. 

As shown, the story shears and overturning moments when lift-off is allowed in general 

are smaller than those when lift-off is prevented. The maximum storey shears of the sixth floor 

when base lift-off was allowed was approximately 45 Kips compared with 49.5 kips when lift

off was prevented. Many short-duration transient responses and impacts are seen on the lift-off 

response shown in Fig. 2.11. 

Computed results provided very good agreement with the responses from the 

experimental tests both with and without lift-off. As shown in Fig. 2.10, the structural response 

is dominated by the first mode. The horizontal floor displacement for the fixed base case is 

slightly less than when lift-off is allowed. The structures in which lift-off is allowed showed 

damping ratios ~ as being quite small. For steel structures it is possible to assume that they are 

undamped. The equivalent damping ratio ~ of the structure without lift-off was approximately 

3.2 % which is considerably greater than when lift-off was allowed. 

The final conclusions of this investigation are similar to those for the earlier three story 

bUilding. The structural responses and ductility demands are reduced when the column base is 

allowed to lift-off. Providing a large ductility in a reinforced concrete structure or braced steel 

frame can be costly. 
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2.3 ANALYTICAL INVESTIGATIONS. 

2.3.1 Chopra and Gutierrez (1974)C6. 

An efficient method of soil-structure interaction analysis was proposed by CHOPRA 

& GUTIERREZ (1974) for a multistorey building where its foundation rested on a linear 

homogenous elastic half space as shown in Fig. 2.12. The dynamic stiffness and damping force 

of the soil-structure interaction depend upon the frequency of excitation. The governing 

differential equations of motion of the soil-structure interaction must therefore be written in 

term of the frequency domain. Analytical solution of these differential equations leads to a large 

amount of complex computation effort because the solution has to be repeated for many 

excitation frequencies c6, A lumped parameter method was used in that the flexibility of the soils 

was represented by spring and dashpot systems. 

The building is assumed to have N rigid floors resulting in a single degree of freedom 

per floor. The foundation is assumed to be a rigid circular footing and its thickness is 

neglected. Coupling between the horizontal and rocking vibration modes was considered, thus 

the system has N + 2 governing differential equations of motion. Those equations can be 

determined by considering dynamic equilibrium of the corresponding vibration modes. The 

dynamic equilibrium of the N floor masses due to ground acceleration fig are, 

(2.2) 
j :::: 1, 2, •... N 

where U/ = u& + Uo + hj 8 + Uj is the total horizontal floor displacement at level j. 

The governing equations of motion corresponding to horizontal translation and rocking 

are, 

j=N 

Emj U/+ m" (ug+u) + V(t) :::: 0 
j=l 

j=N 

Emj hj iJ/ + Ite + M(t) :::: 0 
j=1 

(2.3) 

(2.4) 

where M, C and K are the mass, damping and stiffness matrices respectively, ID.i = mass of 

floor j, mo = mass of the base-mat, Uo = horizontal translation of the footing in addition to the 
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free field motion, ug = free field horizontal ground motion, hj = height of the floor j, Ij = 

moment of inertia of mass j, 10 = moment of inertia of base and 0 is rocking angle. 

where, 

Eg. 2.2, 2.3 and Eg. 2.4 may be rewritten in form, 

j=N 

It = 1(} + Ll} 
j=l 

j=N 

L; = Emj hj 
j=l 

(2.5) 

(2.6) 

(2.7) 

(2.8) 

(2.9) 

A steady state harmonic loading with frequency w is applied to the system. The 

horizontal reaction V and moment M acting at the foundation can be expressed in terms of 

V = Vo eiUA and M = Mo eiUA. The resulting horizontal displacement and rotation are uo(t) = 
Vo eiUA and 8(t) = e ei<d. The linear force and displacement relationship of the system can be 

expressed in matrix form, 

== [(kM +ia./::;,)Khh 

(k'h +iaocrh)Krh 

(2.10a) 

(2.10b) 

where Khh = horizontal static stiffness, KIT is static rocking stiffness, Khr = Krh is translation

rotation static stiffness, k'g and C'g are dimensionless dynamic coefficients, ~ = dimensionless 
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frequency, 1'0 = radius of footing foundation. The values of k's and c's may be determined 

from available graph V4 as shown in Fig. 2.13, or from formulae V2.WlO. 

For a given ground acceleration Og(t) ::: eitA
, the response quantity u(t) can be expressed 

in term of a complex frequency response u(t) = u.(w) eilAt and similarly for the response 

quantities u,,(t) = uo~w)eiWi, O(t)= OrCw)ei<.t, V(t)= V~w)eiWl and M(t) = M~w)eiWi. Substituting 

these expressions into Eqs. 2.5, 2.6 and 2.7 and after dividing by eitA lead to, 

--i(o)111'Mu,(i(o) -cil-m,uo!i(o) -i(o)'J.L;Ojf.J» +K" .. «o)uoff.J» + 

K.,m«(,)Oj(o) =-mt 

-f.t)
2h I'Mug «(,) -(,)2L;uof(,) -6lI1IhOjf.J» -(o)+Krnif.J»uoff.J» + 

K_(w)OJ6lI) = - ,. 

(2.11) 

(2.12) 

(2.13) 

where Kvv, Kvm, K",y and K",m are from Eq. 2.10. The complex frequency response u.(w) , uarCw) 

and OrCw) for any particular applied frequency w may be determined by solving the 

simultaneously equations of motion of Eq. 2.11, 2.12 and Eq. 2.13. The response of the system 

due to an arbitrary ground motion Ug(t) may then be determined by Fourier Synthesis. 

The computational effort to determine the unknown complex frequency responses from 

Eq. 2.11, 2.12 and Eq. 2.13 is quite expensive because the calculation has to be repeated for 

many values of w for the N +2 equations. An efficient approach to the analysis is introduced 

by reducing the number of degree of freedom of the superstructure by using only S vibration 

modes, where S is much less than N. Assuming that the structural system has classical 

vibration modes similar to those of a fixed base structure, the complex frequency response of 

the superstructure u.(w) may be written in terms of the first S modes contribution as, 

t~ 

ug ( w) = I: Y;( (ol) 
(2.14) 

~4 

where = unknown generalized displacement, ¢i = coordinate of mode i. 
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Substituting Eq. 2.14 in Eq. 2.11, 2.12 and 2.13 and pre-multiplying by <PiT and 

utilizing the orthogonality properties results in S + 2 simultaneous linear algebraic equations 

with the unknown Y1(w), i = 1,2 .. S, UoAw) and 0Aw), 

An example of this approach applied to a 25-story building with a fundamental period 

of 0.5 sec was presented. It must be noted that this fundamental period of free vibration is not 

realistic for such a tall buildings. However, the model requires a large number of stories Nand 

the building needs to be stiff relative to the foundation so that the soil-structure interaction is 

significant. 

The building has a damping ratio of 5 % , radius of footing foundation ro = 50 ft, 

Poisson's ratio 1I = 0.333, and shear wave velocity Vs = 1000 ftlsec and was subjected to unit 

ground motion Uit) = 1 eic.t . The accelerations for the 25th
, 13th

, pt floor and base mat are 

shown in Fig. 2.14 and Fig. 2.15. These results indicate that the complex frequency response 

using the limited contribution of S vibration modes are relatively close to the exact value. 

Although this system does not possess classical normal modes, it does show advantages in 

simplifying the analysis. 

2.3.2 Yim and Chopra (1984)C3·C4 

2.3.2.1 Flexible Elastic SDOF Structure on tbe Winkler Foundation 

Foundation vibration whether generated by machine vibration or earthquake 

excitation usually exhibit three vibration modes, vertical translation, horizontal translation and 

a rocking oscillation. Among these vibration modes, the rocking oscillation may be the most 

critical mode for foundation stability M;lI7, as a partial lift-off of the foundation base may occur, 

especially for an unbonded soil-foundation system. 

Effects of transient lift-off of the foundation on a single degree of freedom 

flexible structure was investigated by YIM & CHOPRA (1984). The structure with mass m 

was supported by a rigid foundation-mat of mass IDa resting on a Winkler foundation system 

as shown in Fig. 2.16. Vertical vibration and rocking oscillation were considered in this 

analysis, resulting in 3 differential equations of motion. The structural system is excited by a 

horizontal ground acceleration Uit). The horizontal and vertical displacements are denoted by 
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u(t) and vet) respectively. When the system is vertical a static load (m + mo)g is applied in the 

centre of the foundation mat, the static displacement v. is, 

(2.15) 

where g is the acceleration of gravity, b is one-half of the foundation width and ~I is the 

foundation spring stiffness per unit length of footing foundation. 

When the soil-foundation system is unbonded, one edge of the foundation mat 

is at incipient lift-off when the ultimate foundation rotation au reaches as the value, 

(m+m,) g 

2 k b2 
wl 

(2.16) 

The corresponding ultimate base shear BSu, base shear coefficient BSCu and 

horizontal displacement Vu are, 

(m+m,)g b 

3h 

(m+m,)g b 

3kh 

(2.17) 

(2.18) 

(2.19) 

where I = mjm is the mass ratio, ex = h/b is the slenderness ratio and W = m g is the total 

weight of the system. 

The critical forces correspond to the eccentricity reaching one-half of the 

footing length and the building is in the point of overturning. The limiting value for the critical 

overturning moment Me. base shear BSe and base shear coefficient BSCe are, 

(2.20) 
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BSc 

(m+m) g b (2.21) 

h 

BSCt; 
BSc (m+m) g b = 1+y (2.22) 

- -- == 
W hmg a: 

At the maximum displacement Umax' the corresponding maximum base shear 

coefficient BSCm is, 

= BS ... 
BSC". 

W 
(2.23) 

mg g 

The governing differential equations of motion of the system can be derived by 

taking the dynamic equilibrium of the corresponding vibration modes. The resulting differential 

equations are highly non-linear. Considering horizontal equilibrium at the free body of the top 

mass, including the P-delta effect, yields, 

m ii + m he + c U + k u M (A '" ) (u+h6) -m u. 'J-m~..v +g -'---":'" 
K g It 

(2.24) 

This differential equation of motion of the structural system is now written in 

a general form so that it is valid for both full contact and partial lift-off of the foundation. The 

reaction R(t) and moment M(t) that are generated by partial lift-off of the foundation can be 

written in terms of the contact-width of the foundation d. Substitution of the reaction and 

moment to the vertical and moment equilibrium equations of the structural system leads to, 

(2.25) 

(2.26) 
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where kwl and Cwl are the soil-foundation stiffness and damping per unit length and I:J = dlb, 

where d is the width of paltial contact of the foundation. Value of 1:1 and 1:2 depend on whether 

the foundation is in full contact or under partial lifted-off. The complete derivation of the above 

two equations may be found in Appendix B and the modal calculation procedure in Appendix 

C of Ref.C3. 

Response of the structure subjected to the N-S El Centro 1940 earthquake can 

be found by the numerical solution of the equations of motion of Eq. 2.24, 2.25 and Eq. 2.26. 

The displacement and rotation response ratio for a relatively slender structure with 0: = 10, 

'Y = 0, f3 = 8 ({3 = wlwy , w = Vklm , Wy = V(2 kwl b)/(m + mJ ), I; = c/(2 m w) = 0.05, 

tv = 2 Cw1 b/{(2 ww(m + mJ} = 0.4, with fundamental period T = 1 sec is shown in Fig. 

2.17. In full contact, the structural response is dominated by the first mode, but the response 

of the structure during foundation lift-off is very complicated due to the presence of higher 

frequency modes. 

Effects base fixity or lift-off on the maximum base shear coefficient ESc.n is 

shown in Fig.2.18. The BSCm of the structure on the Winkler foundation is always smaller than 

that on the rigid foundation, especially where T > 0.4 second. The base shear also reduces 

when the foundation is allowed to lift-off. The structures with shorter periods of free vibration 

( smaller T ) have a greater tendency to have lift-off of the foundation. 

The effect of the slenderness ratio 0: = hlb, frequency ratio {J, mass ratio 1', 

and P-delta on the maximum base shear coefficient were also presented in the analysis. The 

effect of frequency ratio (3 on the maximum base shear coefficient is illustrated in Fig. 2.19. 

For smaller values of (3 (smaller value of kwl or relatively soft soil), a smaller maximum base 

shear coefficient is found. The final conclusion of this investigation is that, there is a great 

tendency for structures of relatively long fundamental period to develop a smaller base shear 

when compared to the static shear value at incipient lift-off. In general, where foundation lift

off is allowed a smaller base shear is observed when compared to the rigid foundation. 

2.3.2.2 Flexible Elastic SDOF System on a Two Spring-Dashpot System 

A similar investigation where the foundation was supported by two spring

dashpot systems was repOited by YIM & CHOPRA (1984). The spring and damping values 
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are assumed to be constant and independent of the excitation frequency. The properties of the 

structural system are shown in Fig. 2.20. 

Initial static displacement v, , ultimate foundation rotation ()u, base shear BSu, 

base shear coefficient BSCu, horizontal displacement Uu, critical overturning moment Me, base 

shear BSe and the base shear coefficient BSCe respectively, are similar to Eq. 2.15 to Eq. 

2.n. The governing differential equations of motion corresponding to the horizontal, vertical 

and rocking vibration modes are, 

(2.27) 

b • b 
(m+m.)v + ~ c V + tEzc(-) hO + ~ kv + tEz k(-)hO= -(m+m)g 

It It 

(2.28) 

m b1... b[ b· b ] -" - htl-cu-ku+- E.C (-)h8+F-C V+E1k (-)h8+€~k v = 0 
3h 1. h A r h -.z. & S h .. t 

(2.29) 

where k, and c. are the soil-foundation stiffness and damping respectively. Values of E1 and Ez 

depend upon whether the foundation is in full contact or in partial lift-off. Those values can be 

found in Appendix B of Reference C3. 

The response of the structural system subjected to the N-S component of El 

Centro 1940 ground motion was computed by numerical integration ofEq: 2.27, 2.28 and Eq. 

2.29 respectively. Those equations are nonlinear as indicated by the dependence on the 

coefficients El and Ez. The structural responses-ratios are similar to those of the previously 

investigation. During full contact, the displacement response-ratio is dominated by the first 

mode, whereas during partial lift-off the displacement response becomes very complex due to 

a higher frequency response. 

The effect of the slenderness ratio ~ and frequency ratio .13 on the base shear 

coefficient are shown in Fig. 2.21. It is clear that these effects resemble the investigation of 

the structure supported by a Winkler foundation. When the foundation-mat is permitted to lift

off, the base shear coefficients are smaller than when up-lift is prevented. Slender structures 

have a greater tendency to uplift and have a greater reduction in the base shear coefficient. This 

is because smaller ultimate base shear BSu is required when one edge of the foundation-mat is 
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at incipient lift-off (Eq. 2.17). In general, the conclusions of this investigation are similar to 

the previous investigations. Because foundation lift-off provides positive effects in reducing the 

structural deformations and forces, foundations should be allowed to lift-off. 

2.3.2,3 Flexible Elastic MDOF Structure on a Two Spdng-Dashpot System 

The response of a flexible N-floor system to the vertical and rocking vibration 

modes was investigated as the continuation of the two previous studies. The structural system 

was supported by spring-dashpots at each edge of the rigid rectangular massless foundation as 

presented in Fig. 2.22. Spring stiffnesses and damping coefficients are assumed to be 

independent of the excitation frequency. 

The N +2 governing differential equations of motion can be determined by 

considering dynamic equilibrium of the corresponding vibration modes. As in Ref. C6, the 

structure is assumed to possess the classical normal modes of the building on a rigid fixed base 

foundation. The horizontal floor displacement vector u(t) due to structural deformation of mode 

i, therefore is conveniently defined as, 

1_ 

u(t) == L VP) ci>l 
(2.30) 

1=1 

By introducing Eq. 2.30, and pre-mUltiplying by ~T and utilizing the 

orthogonality properties, the uncoupled governing differential equations for horizontal, vertical 

and rocking modes are respectively, 

(2.31) 

m,v + R(t) 
(2.32) 

l=l'I 

L LtYi + Ib 8 + M(t) == - L: (;/t) 
(2.33) 

1=1 
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j=N 

Lr ::::: Em) ~iI'g) 
}=1 

(2.34) 

(2.35) 

The overturning moment M(t) and the vertical reaction R(t) are similar to these 

of the Winkler foundation model described in Section 2.3.2.1. Eq. 2.31 consists of n 

uncoupled differential equations of motion. This equation can be transfonned to a single 

differential equation of motion by pre-multiplying by ~h)2/(MlL.h) and introducing, 

/;n (2.36) 

u(t) = L Yt- (t) .p; 
1=1 

where, 

(2.37) 

and 

(2.38) 

The transformation of Eq. 2.33 can be carried out using Eq. 2.37. Finally, 

Eqs. 2.31 and 2.33 leads to , 

1=,. 

L mt htit + If) a + M t = -L: Ug(t) 
14 

(2.39) 

(2.40) 

lithe foundation rotation term in Eq. 2.39 is transferred to the right hand side, 

then this equation will represent the equation of motion of a single degree of freedom system 
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with mass m" and height h' as shown in Fig. 2.23. However, these modal equations are 

coupled through the unknown base rotation 0 and vertical displacement v. Hence, the N + 2 

equations (Eq. 2.32, Eq. 2.39 and Eq. 2.40) must be solved simultaneously to determine the 

unknowns Y-+(t), OCt) and vet) respectively. Solution ofthose equations may be carried out by 

using numerical integration for a specified ground motion. The displacement and horizontal 

inertia force at floor j are, 

1=<1 

up> == E Yi~(t) ~; (2.41) 

1=1 

i=i<l 

Fit) = E fI)/' mJ ~UY4~(t) 
(2.42) 

4=1 

Critical values of the base shear BSc are similar to Eq. 2.21 if Il\ replaces (m 

+ mo)' Responses of a ten-story building with 5 % critical damping ratio, slenderness ratio O! 

= 10, massless foundation m.. = 0 subjected to 1940 N-S El Centro earthquake allowing for 

the effects of foundation lift-off, foundation flexibility and the effects of higher mode 

contributions on the structural response were investigated. The base shear coefficient shown 

in Fig. 2.24, in which the higher mode contribution have been plotted to an amplified scale. 

The base shear coefficients were dominated by the first mode as found in previously 

investigations. As in the earlier investigations, lift-off results in smaller base shear coefficients 

than when lift-off is prevented, except for fundamental period Tl = 4 to 9 seconds as shown 

in Fig. 2.25. In these longer periods, lift-off results in greater base shear coefficients than when 

lift-off is prevented because the higher vibration modes contribute significantly to the base 

shear. Again, foundations of the slender structures have a greater tendency to lift-off. 

As shown in Fig. 2.26, the contribution of higher modes of the buildings 

supported by flexible foundation are more significant than for those buildings with a fixed base. 

In this case, the mode shapes and ratios of the natural vibration periods are independent of the 

fundamental period T1• The increased contribution of the higher modes is due only to the 

relative values of the response spectrum coordinates, which in tum depends on the spacing of 

the vibration periods. This shows that the contribution of higher vibration modes becomes more 

significant in a more flexible structureA2
,AM4. The simplified analysis method considered only 

the contribution of the first mode. 
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2.3.3 Psycharis (1932?5,P6,P7 

PSYCHARIS (1983) presented the dynamic behaviour of rocking structures where the 

foundation~mat was allowed to lift-off. The rigid block and flexible superstructure were 

supported by either two springs or a Winkler foundation-mat. A vertical acceleration Vg and a 

horizontal acceleration Xg applled to the system resulting in vertical and rocking vibration 

modes. Horizontal translation of the base was usually very small when compared with the 

rocking effect, and could be neglected. 

Only structural systems with a flexible elastic superstructure will be discussed herein. 

The superstructure is a multistorey frame with N -floors and N + 1 rigid masses and is supported 

by a two spring-dashpot system as illustrated in Fig. 2.27. The mass of the superstructure was 

assumed to be concentrated at each rigid floor, so that there is one degree of freedom per floor. 

The spring stiffnesses and damping coefficients are assumed to have constant values and are 

independent of the excitation frequency. P-delta effects were taken into account in this analysis. 

The corresponding vertical and rocking displacements, as functions of time, are denoted 

by vet) and OCt) respectively. The governing differential equations of horizontal motion can be 

determined by taking the dynamic equilibrium of the corresponding vibration modes, 

M ii {- M he {- M ge {- c u {- K u -Mi 
K 

(2.43) 

where u is floor horizontal displacement of the superstructure. 

Taking the dynamic equilibrium in the vertical and rocking modes during full contact 

leads to the equations, 

where, 

- m V t g 

(2.44) 

(2.45) 
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j=N 

"', = Emj' j = 1,2."N 
j=O 

(2.46) 

where Vg is the ground vertical displacement, mj , hj and Ij respectively are the mass, the height 

and the centroid moment of inertia of floor j. Meanwhile k.f and C.f are spring stiffness and 

damping coefficients of the soil-foundation system, h., is the height of the centre mass of the 

superstructure and ~ is the total mass of the structure. 

During lift-off of the foundation, Eq. 2.44 and Eq. 2.45 become: 

(2.47) 

(2.48) 

j=N m$ m$ 
~-u = - -~-mih L.J 2 j 2 r-g c 
j=l 

Eq. 2.43 consists of N-coupled differential equations of motion. Analytical procedures 

using Laplace Transforms were used to solve Eqs. 2.45, 2.47 and 2.48 resulting in a very 

complicated equation. Eq. 2.44 was solved directly using Duhamel's Integral. Approximate 

solutions considering only the contribution of the first mode in the case of an undamped and 

a damped structure was presented. In this case, it is assumed that the classical fixed base mode 

shapes exist in the structure. 

A numerical example for a ten-story building subjected to the Pacoima Dam S61E 

earthquake ground motion was carried out. Damping ratios were assumed to be 6.5 % for the 

first mode and 5 % for the other modes. The differential equations of motion were integrated 

numerically using a Runge-Kutta method, taking the first five-modes only. The roof horizontal 

displacement relative to the base and the base shear coefficient history are shown in Fig. 2.29 

and Fig. 2.30. 

Fig. 2.29 shows that the approximate structural response was close enough to the total 

response, and that the structural response is dominated by the first few modes. Meanwhile, a 

very short transient response exists in the base shear coefficient as depicted in Fig. 2.30. The 



33 

maximum base shear coefficient where the foundation is allowed to lift-off, in general, is 

slightly smaller than when foundation lift-off is prevented. Other results of this investigation 

are that the apparent fundamental of period of the system will increase with increasing lift-off 

and that the contribution of the higher modes on the structural response are not significant. The 

final conclusion of this investigation was that, in general, it was not evident whether base-mat 

uplift was beneficial to the structure. The result depends on the structural parameters of the 

structure and the characteristics of the ground motion. 

2.3.4 El-Hifnawy and Novak (1986)E2 

The elastic response of five and ten-story shear buildings supported by pile foundations 

in which the pile caps were allowed or not allowed to lift-offwas reported by EL-HIFNAWY 

& NOVAK (1986). Three pile foundations were considered; a), pile heads are fixed to the cap 

and pile tips are socketed, b), pile heads are fixed to the cap but the pile tips are end bearing 

and c), the pile heads are not rigidly connected to the cap or the connection is secured only due 

to the dead load of the building. These three pile foundation types are shown in Fig. 2.31. 

For socketed or floating piles, the stiffness, damping coefficient and pile reaction was 

the same when the pile was in tension or in compression. For end bearing piles, the pile 

tension reaction depends only on a relatively small of pile skin resistance. In the case of free 

head with end bearing piles, the pile does not have the ability to provide a tension reaction. The 

three types schematic of pile vertical stiffness Ie.. and damping Cy are shown in Fig. 2.33. 

In this analysis, the S90W horizontal component of San Fernando Valley earthquake 

record scaled by factor of 1,2 and 4 were applied to the structural system. Horizontal, rocking 

and coupled horizontal and rocking vibration modes were considered. Vertical vibration modes 

were not considered in the analysis. The governing differential equations of motion can be 

determined by taking dynamic equilibrium of the corresponding vibration modes of the 

mathematical model shown in Fig. 2.,32. Taking the dynamic equilibrium in the horizontal 

forces of the elastic superstructure yields, 

M U + M ii" + M h V + C Ii + K u - M U,;<t) 
(2.49) 



34 

Dynamic equilibrium for horizontal displacement and rocking of the whole structural 

system leads to the equations. 

J=N 

nat = m!J+Emt , 
j=1 

J=N 

It = I[) + Em} h/ 
}=1 

(2.50) 

(4.51) 

(2.52) 

The terms kllb. chh , ~f and cff are the stiffness and damping coefficients of the pile for the 

horizontal and rocking modes respectively. The terms khf (~h = khf) and Cbf (cfh = Chf) 

respectively are the pile stiffness and damping coefficients due to coupling between horizontal 

and the rocking modes. The mass and height of floor j is denoted by mj and hj , ub and 1J; are 

the translation of the base-mat in addition to the free-field horizontal motion and the base-mat 

rotation respectively. Stiffnesses and damping coefficients of the pile were calculated according 

to Ref.N3. 

The Wilson-OcE numerical integration technique was used to solve Eq. 2.49, 2.50 and 

Eq. 2.51 with a time step of 0.02 and 0 = 1.37. In general, the story displacement of the 

building supported by floating piles is greater when compared to the building on end bearing 

piles, except for the foundation with a 15 pile rigid connection. A consistent relationship was 

found in the case of pile forces, where the pile forces in floating piles are always greater than 

those of the pinned end bearing piles. The story displacements generally increase if the pile cap 

is not rigidly connected to the pile head, except for the building supported by 27 pinned 

floating piles. It is clear that, the type of pile cap connections, pile tip conditions and the 

number of piles significantly affect the building response. 

Base shear coefficients for the building supported by end bearing and floating piles is 

shown in Fig. 2.34. The relationship between the base shear coefficient and number of 

supporting piles in both cases is not clear. The rigid connection of the pile caps may reduce 

or increase the base shear, depending upon the number and types of pile. Reduction of the base 

shear in the case of rigidly connected socketed piles may appear surprising because in a linear 
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analysis an increase in the stiffness usually results in an increase in the seismic loading. 

Finally, the effect of the foundation mat lift-off may reduce the seismic loading but also 

substantially increase the compressive load on the piles. In the case of socketed piles with a 

rigid connection, the building seismic base shear may also increase or decrease. Many factors 

such as the number of piles, the size of the building, the type of pile cap connections and the 

intensity of the ground shaking appears to affect the building response. 

2.4 SUMMARY AND CONCLUSIONS 

Effects of foundation rocking on the response of elastic superstructures subjected to 

either harmonic or earthquake excitation have been reported by the aforementioned researchers. 

Rocking of the foundation may result in a partial lift-off of the foundation-mat or maintain full 

foundation contact. All of the researchers assumed that the circula~6 or rectangular 

foundationC7,H8,P4,C3,C4,S9,slO was perfectly rigid and rested on an elastic half space. The 

foundation was supported by a Winkler foundationeJ ,CA,P7 system, equivalent two spring-dashpot 

systemC6,S9,P6,F1, rubber pad materialsEl ,P4, a spring systemH8, or a pile foundation systemE2 . In 

the case of a spring-dashpot foundation system, the stiffnesses depended on the excitation 

frequencyC6 or was frequency independent, both cases being modelled by a linear spring 

system. 

The superstructure was a single degree of freedom systemC3,CA,EJ.F4, or a multi-degree 

of freedom building systemC7,E2,HB,SIO, The structure was a concrete masonry shear wall 

structureEJ ,P4, a steel structureC1,E2,H8, or not definedC3 ,C'A,s9.slo. All of the analyses assumed that 

each floor has only one degree of freedom, with the superstructure response being either non

linearc7 ,H8 or linearly elasticc6.c7.E2,P6. To simplify the solution of the problem, the response of 

the linear multi-degree of freedom building was calculated by approximate methods, using 

either fe-normalized as an equivalent single degree of freedom systemS10, or considering only 

the contribution of the first or the first few modesC6,PS,P6.P1. Solution of the governing 

differential equations of motion was carried by analytical proceduresP6,P7 and by numerical 

integration techniques. The investigations were experimentalC7
,El,P4, an experimental and 

analytical investigationHB, and analytical investigations onlyC3,C4,c6,s9,siO. 

The experimental and analytical dynamic soil-foundation responses indicate that the 

foundation mat may lift-off during earthquake excitation. The superstructures are generally 
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assumed to be elastic and only a few went into the inelastic rangeC7
•
Hll

• The superstructure 

responses of the building may be categorized by three types of result. Firstly, partial lift-off 

of the rocking foundation, in general, gave a positive effect on the building 

responseC3·C4·C6·E3·HB.P4.S9.SlO. Secondly, the effect of a partial lift-off of the rocking foundation 

on the superstructure response was not clea~·P7. Third, partial lift-off of the foundation may 

increase or decrease the superstructure response. 



Chapter III 

Conceptual Overall Design, Preliminary Analysis, Design 

and Evaluation 

3.1 INTRODUCTION 

For many engineers and students the design of reinforced concrete structures covers 

only the estimation of the size of the building members, the calculation of the member strengths 

and the amount and distribution of the required bar reinforcements. However, these steps are 

only a part of the complex Earthquake Resistant Design (EQ-RD) processB17. 

The conceptual methodology for EQ-RD is an essentially trial and error iteration 

procedureB17,BI8,F6,T18consisting ofthree main interacting aspects involving both architectural and 

structural engineering tasks. Firstly, Earthquake Ground Motions (EQ-GM); secondly, the 

Building Conceptual Overall Design (BC-OD) and thirdly, the Building Conceptual 

Methodology for Numerical (BC-MN) Earthquake Resistant Design. The last aspect involves 

preliminary analysis, preliminary sizing and reinforcing, modelling of structural system and 

analysis for the preliminary design of the building. The flow-chart for the Earthquake Resistant 

Design (EQ-RD) of a reinforced concrete structure is shown in Fig. 3.1. 

The first aspect covers the selection and processing of the earthquake ground motion 

for both serviceability and safety limit states. The results are presented in the form of Smoothed 

Linear Elastic and Inelastic Design Response Spectra denoted by SLEDRS and SIDRS 

respectively. The selection of the earthquake ground motion and the methods of structural 

analysis will be discussed in Chapter VIIl. 

This chapter discusses the building overall conceptual design, preliminary analysis, 

member sizing and reinforcement. Modelling of the sub-structure and superstructure will be 

described in Chapters V and VI respectively. 
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It is necessarily to recognize the relationship between the analysis and design for 

identifying all aspects of the earthquake resistant design. This basic design equationD17 

expressed as, 

Demand Supply (3.1) 

The demand and supply covers all structural propelties such as stiffness, strength, 

energy absorbtion and energy dissipation. Determination of the demand can be carried out by 

the numerical analyses of a mathematical model of the entire building system. Prediction of the 

supply is carried out during the preliminary design procedures. Evaluation of the demand and 

the prediction of the supply, in general, are not straightforward because of many uncertainties 

such as the critical seismic excitation, the entire building system, and the difficulty in predicting 

the real structural propertiesB18
• 

3.2 BUILDING CONCEPTUAL OVERALL DESIGN (BC~OD) 

The Building Conceptual Overall Design (BC-OD) involves four main steps which are 

the selection of the building configuration, structural system, structural material and type of the 

non-structural elements. 

3.2.1 Building Configuration 

An important aspect of the conceptual design is the configuration of the building. The 

configuration can be interpreted as the size, shape, and the proportions of the three-dimensional 

form of the buildingAls
• The design includes the shape, size, location and orientation of the 

structural elements such as frames and structural walls as well as the non-structural elements. 

The architect is a main palticipant in the seismic design because the earthquake excitation acts 

on the whole building and does not distinguish between the structural system and the non

structural elements. The structural engineer is in a position to advise the architect on the most 

desirable location and orientation of the structural elements, because the configuration of the 

building will influence its response under dynamic loadingA17,P18. Factors to be considered 

during the design of the building configuration are follows. 
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1. The Building Plan: Defining of the building plan is the first step in the building design. 

Simple and regular building plans are preferable such as symmetry in one or two horizontal 

axes. Building plans with T, L, U or Z shapes should be avoided or else subdivided into 

simpler forms. Lack of symmetry may lead to a significant torsional response during the 

earthquake excitation. It is also preferable that the building should not too long in plan so as 

to avoid the possibility of different soil responses along the building foundation during the 

earthquakes. 

2. Height to Base-Width Ratio: As the building height Hb to the base-width Bb ratio increases 

the outer columns and foundations will receive the higher overturning forces during seismic 

excitation. This is because the buildings has a reduced resistance to overturning moments. The 

higher the ratio the larger will be the inertial effects on the soil-structure interaction. 

3. Lateral-Load Resistance Systems: Lateral-load resisting systems of frames, structural walls 

or a combination of frames and walls are usually employed. The location and orientation of 

these system should be made so that, at every floor level, a symmetry in the lateral stiffness 

will be achieved. 

4. Distribution of Mass and Stiffness: The distribution of the masses and stiffnesses are ideally 

uniformly distributed in both the horizontal and vertical directions. Increasing the floor mass 

with the building height will result in greater overturning moments and sensitivity to higher 

mode effects. The vertical distribution of the inter-storey stiffnesses and strength should be 

made such that no soft-storey effect exists in the building. 

3.2.2 Structural Materials 

Reinforced concrete, steel or timber may be used for multistorey buildings. In this 

study, however, reinforced concrete structures are considered. A relatively low concrete 

compressive stress fe = 25 MPa is used. A nominal diameter of 28 mm (D28) for the 

reinforcing bars with a specified yield stress fy = 300 MPa is used for the reinforcement of all 

beams, columns and walls. A similar steel yield stress with a nominal diameter of 10 mm 

(DlO) is used for the floor slab reinforcement. The concrete Poisson's Ratio Yc = 0.19 is also 

used. The concrete elastic modulus Ee and concrete shear modulus Gc can be computed as, 
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(3.2) 

2 (1 + v~ ) 
(3.3) G 

c 

where Ee and fc are in Mpa. 

For fa == 25 MPa, the concrete elastic modulus Ee and concrete shear modulus Gc are 

23500 Mpa and 9874 MPa respectively. 

3.2.3 Non-Stmctl.lral Elements 

The majority of the analyses of moment resisting frames assume that the structural 

frames are open so that they have no infill elements. In reality, non-structural elements are 

nearly always present in the form of masonry or brick walls, partitions, doors and windows. 

Frames infilled by non-structural walls are invariably stiffer than the open-frames and reduce 

the possible excessive lateral deformations under small earthquakes. In this case it may be 

unnecessary to separate the non-structural elements from the lateral-force resisting systemsP18
• 

However, under moderately severe earthquakes the damage to the non-structural element is 

difficult to avoid and may cause failure of the columns in the infilled framess28
• 

3.2.4 Building Prototypes 

To satisfy the above considerations, a simple plan building prototype as shown in Fig. 

3.2 is used in this study. The width of the building plan Bb is 18.40 metres with the building 

length depending on the number of frames being used. The building plan is symmetric in both 

the x and y-axes where the main lateral-load resisting system consists of parallel reinforced 

concrete frames and structural walls. The number of frames and structural walls are adjusted 

to provide the different responses for each structural combination. The distance between the 

parallel frames and structural walls is 9.20 metres as was used in previously studiesJ6
,G7,G8,G9. 

The earthquake excitation is assumed to act parallel to the main lateral-resistant systems. 

A two bay symmetry frame with beam span of 9.20 metres is used in the regular in

plane frame as shown in Fig. 3.3.a. The in-plane wall-frame consists of a single structural wall 
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centrally placed between two columns as shown in Fig. 3.3.b. The building prototype has a 

typical floor height hj of 3.65 m. The first storey height for the LFlex, LEx and SCFlex 

(hi +hJ building is 5.0 m and is 3.65 m for the SFix bUilding. 

The ineltial interaction will be significant in relatively high building structures. For 

this purpose, the 12-storey and IS-storey building prototypes are used in this study. These 

buildings have a total height Hb of 45.15 and 67.05 metres corresponding to H.,IBb ratios of 

approximately 2,45 and 3.64 respectively. The secondary and transverse beams are considered 

to have the same size of 0.35 by 0.70 m with the slab thickness of 0.14 m. 

3.2.5 Structural Systems 

Three structural systems were considered in this study; first, the building prototypes 

were assumed to be fixed at the ground surface as shown in Fig. 3.4; second, the building 

prototypes were assumed to be fixed at the footing level as depicted in Fig. 3.5 and third, the 

building prototypes were suppOlted by footing foundations partially embedded in the soil 

system. In the last case the analyses were carried out by considering the effects of the 

foundations on the whole structural system and denoted by a structure with flexible foundations 

as shown in Fig. 3.3. The response and impedance of the soil-foundation system will be 

discussed in Chapter VII. The methods of analysis of the whole structural systems will be 

described in Chapter VIII. 

3.3 PRELIMINARY ANALYSIS 

Preliminary structural analyses estimate the structural member actions under applied 

gravity and horizontal loads. The gravity loads usually consist of the structural dead load (DL) 

and live-load (LL). These loads are discussed in the following sections. 

3.3.1 Building Gravity Loads 

Different utilizations of the structure will influence to the magnitude of the building live 

load. Office building's are considered in this study. The building prototypes were designed 

according to Code of Practice for Design of Concrete Stl1lctures NZS 3101: 1982 and New 

Zealand Standard Code of Practice for General Structural Design and Design Loadings for 

Buildings NZS 4203: 1984 followed the publication of NZS 4203: 1992. No significant 
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difference on loading effect between NZ 4203: 1984 and NZS 4203: 1992. The building dead

load, live load and equivalent static ealthquake loads are described in the following sections. 

3.3.1.1 Dead Load (DL) 

The dead load of the building consists of the self weight of the structural and 

non-structural elements such as partitions, brick-walls, ceiling, ducting and piping which are 

permanently installed in the buildings. Normal weight reinforced concrete structures of 2.4 tlm3 

was used. Floor finishing, ceiling, ducting and piping are considered to be uniformly 

distributed over the floor area with unit weight of 0.122 tlm2
, The curtain wall and partition 

are assumed to have self weight of a 0.051 t/m2
• 

3.3.1.2 Live Load (LL) 

The live load varies with the usage of the buildings and is considered to be 

uniformly distributed over the floor areas. Both dead and Jive load are normally specified by 

Codes. As mentioned above, the building prototypes are office buildings and according to Table 

no.2 NZS:4203,1984, the basic minimum floor distributed live load is 2.5 kPa. 

3.3.2 Lateral Seismic Load (E) 

Various techniques has been used for simulating the effects of earthquake excitation for 

preliminary design of the buildings. These mayan equivalent static lateral load or more 

complex procedures using approximate mode shapes and Smoothed Elastic and Inelastic Design 

Response SpectraP17
•Pl9• The first approach is preferred by most designers and is used for the 

preliminary analyses because its simplicity and familiarity in the structural engineersP12
,P18. 

Using Section 3.4.2 NZS 4203: 1984, every building was designed to withstand a total 

horizontal seismic force Vb in each direction under consideration according to the formula, 

(3.4) 

in which, 
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Cd = C R S M (3.5) 

where Vb is the base shear, W is the total dead weight of the building, R, 5, M are the 

basic seismic coefficient, the seismic risk factor, the structural type factor and structural 

material factor respectively. 

In computing the base shear force Vb it was assumed that only a fraction of the live 

load 0.333 LL was used in calculating the total weight of the building WPlR
• The difference 

in the total dead weight of the plane frames and frame-walls was small and they were assumed 

to have the same total dead w~ight. 

The basic seismic coefficient is a function of the seismic zone, the subsoil flexibility 

and the fundamental period of the structure in the direction under consideration according to 

Fig.3 in NZS:4203,1984, while the R, S, and M factors can be determined Table noA, 5 and 

6 of NZS:4203,1984 respectively. The building prototypes were assumed to be on an 

intermediate subsoil in seismic zone A of NZS:4203, 1984. The value of structural type factor 

S for frame-wall structures is not specified in Table 5 NZS 4203:1984, and an S of 1.0 based 

on an engineering judgmentG1 was used in this study. 

Several formulae exist for the calculation of an approximate value of the building 

fundamental periods T1. According to SEAOC (1988), the value of T1 can be approximated 

byB20, 

(3.6) 

where Ct is equal to 0.030 and 0.035 for reinforced concrete frame and steel structures 

respectively. Hb is height of the building, in feet, from the base. 

BERTERO et a1.(1988) evaluated the current approximate formula and compared with 

the observed results from the data recorded from the 1971 San Fernando earthquake in several 

existing reinforced concrete moment resisting frame buildings. The variation between 1'1 and 

building height are shown in Fig. 3.6 and 3.7 respectively. They shown that the current 

approximate formula with Ct = 0.035 represents a lower estimate of the fundamental period 

T1• 
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BENDIMERAD at a1.(1991) extended the previous investigation to cover 10 moment 

resisting ductile frames, 8 moment resisting non-ductile frame buildings and 5 frame-wall 

buildings. The fundamental period was calculated from the data recorded in the 1971 San 

Fernando and the 1989 Lorna Prieta earthquakes. The relationship between Tl and building 

height for moment resisting frame and frame-wall buildings are shown in Fig. 3.8 and 3.9 

respectively. The value of Ct :::::: 0.035 was suggested for the design procedures even though 

this value shows a lower bound compared with the results of the investigation. Fig. 3.9 shows 

that this suggested value of Ct gives good agreement with the investigation results. Fig. 3.7 

shows that when the building height is less than 45 m. the value of Tl = 0.1 N represents a 

lower bound compared that based on ~ = 0.035. Accordingly> the value of Tl = 0.1 N was 

used in this study because it gives a higher value of the basic seismic coefficient Cd- The 

parameters used in Eq. 3.5 are given in Table 3.1. 

3.3.3 Reduction of Live-Loads and Tributary Area 

The self weight of the slabs, ceilings and the live load are uniformly distributed over 

the floor area and are transmitted to the columns through the secondary and main beams. 

Assuming that the beam strength capacities are greater than the slab capacity, this load is 

distributed to the column using the floor tributary areaP18
,Xl. 

Past experience indicates that the probability of the floor area being subjected to the 

maximum intensity of an uniformly distributed live-load decreases as the floor area increases. 

The floor slab reinforcement, however, is based on the maximum intensity of the live-load 

specified by the Code. The main and secondary beams are designed for a tributary area with 

a reduction ofthe live-load Lr when the tributary area is greater than 20.0 m2
, NZS 4203:1984 

recommends that for all occupancies of the floor and roof, except for retail store, storage and 

garage, the reduction of live-load Lr can be computed by, 

JOT At> 20.0 m 1 (3.7) 

For the building under consideration, 

3.0 
+-

~ 
(3.8) 
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where Rd is the reduction coefficient, Lu is the minimum uniformly distributed live-load 

specified by the Code and Ar is the area of the tributary floor under consideration. 

Table 3.1 C, R, S, M and Cd Parameters. 

Type of structures C R S M Cd = CRSM 

1. 12-storey buildings 

a. Frame structures 0.075 1.00 0.80 0.80 0.0480 

b. Frame-wall structures 0.075 1.00 1.00 0.80 0.0600 

2. 1 B-storey buildings 

a. Frame structures 0.075 1.00 0.80 0.80 0.0480 

b. Frame-wall structures 0.075 1.00 1.00 0,80 0.0600 

The base shear force V" shall be distributed over the height of the structure with the 

formula according to Section 3.4.6 NZS 4203: 1984. 

3.3.4 Member Forces and Capacity Design Procedures 

Given the building configuration, the gravity load and the lateral seismic force, the 

structural member flexural moments, shear and axial forces can be computed. The Capacity 

Design Procedure was used in this analysis in which the corresponding design philosophy and 

step-by-step application is briefly described Ref.PI8. The total base shear V" and the 

distribution of the lateral seismic load acting at every floor level was calculated from the 

equivalent lateral static loads specified by NZS 4203: 1984. 'The following steps are required 

to determine the actions of the structural members. 

3.3.4.1 Effective Member Flexural Rigidity (EI) 

The building design may be based on an elastic or inelastic analysis. Inelastic 

response of the structures allows for significant cracking of the structural members due to large 

deformations. Test on a full scale 7-storey building indicated that the cracking of the structural 

members is not concentrated at a particular section but is spread out along the membersOIO
• As 

the member cracks the flexural rigidity EI reduces significantly. 

Other parameters affecting of the beam flexural rigidity is the contribution of 

the monolithic floor slab. During an inelastic response the effect of the monolithic floor slab 
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on the beam flexural stiffness is represented by the effective width of a T beam, beff and its 

effect in the flexural strength is not necessarily the same. This effect is discussed further in 

Section 3.4.1. PAULAY & PRIESTLEY (1992) discussed the calculation of the member 

actions in the preliminary analysis using an effective member flexural rigidity EI" taking into 

account the effect of the slab. The modelling of the effective member flexural rigidity EI" as 

discussed in Chapter VI was adopted from ReLP18 and was also used in the calculation of 

member actions in this preliminary analysis. 

3.3.4.2 Rerun and Column Forces 

As presented by Ref.P1S, the beam moments from the gravity loads are simply 

the beam fixed end moments. The column moments due to gravity loads were ignored. The 

member actions from the lateral loads acting at floor level were computed by the approximate 

method developed by MUTO (1975). This method is similar to the cantilever methods but the 

location of the column inflection points has already been tabulated as functions of the storey 

number and the relative stiffnesses between the beams and columns at the storey under 

consideration. The beams moments are calculated using the equilibrium of forces at every joint. 

The total member actions are obtain by superimposing these two load combinations. 

3.3.4.3 Moment Redistribution 

One of the important characteristics of the capacity design philosophy is that 

the superstructure dissipates energy by developing plastic hinges in the members. For frame 

structures, the beam sway-mechanism in which plastic hinges occur at the beam-ends and 

column bases was selected. The negative moments computed from the combination gravity and 

lateral loads are usually much greater than the positive moments. During preliminary analysis, 

these negative moments are redistributed such that no significant difference occurs between the 

negative and positive moments. The amount of redistribution moments is restricted and is 

discussed in Section 3.5.1. 

The essential requirement of the moment redistribution process is that the 

equilibrium of the total moment from the seismic and gravity loads before and after 

redistribution is maintained. During moment redistribution no loss of member demand from the 

beam-end moments occurs at all storey levels. By applying the moment redistributions and 
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utilizing the beam moments at the column faces the design of the beam members may be more 

efficient than that from elastic design. 

3.3.4.4 Strength Definition and Their Inter-relationships 

Strength expresses the resistance of the structure, member sections or structural 

materials. The material strength or the resistance of the member cross section, however, is not 

precisely known but varies about a certain probable limif'lll. The strength developed at different 

levels involves the Required Strength (5..), the Ideal Strength (5;), the Probable Strength (Sp) 

and the Over-strength (50)' Inter-correlation factors for these strengths are the Strength 

Reduction Factor (cp), Flexural Over-strength Factor (CPo), Probable Strength Factor (cpp) and 

Over-strength Factor (Ao) and can be found in Ref. PI8. 

The behaviour of the structure under dynamic loadings is much more complex 

than for static loadings and factors need to be introduced in the application of the capacity 

design procedures. Such factors are The Dynamic Moment Magnification Factor (UlnJ, The 

Dynamic Shear Magnification Factor (Ul.), Moment Reduction factor (R.,,) and Axial Force 

Reduction Factor (R). The definition of these level of strengths, factors and their inter

relationships can be found at Ref.PI8. 

3.4 PRELIMINARY SIZING AND REINFORCEMENT 

3.4.1 Design of Beams 

All parameters used in the beam design such as minimum distance between the 

longitudinal bars in one layer, minimum distance between layers, minimum concrete cover, 

minimum bar reinforcement, and ultimate concrete compression strain were taken from NZ5 

3101: 1982. Other important parameters are as follows. 

3.4.1.1 Effective Flange Width of T .Beams under Positive Moment 

The beam cross section with a monolithic slab is T -shaped rather than a 

rectangular. When a beam is subjected to a positive moment the floor slab undergoes 

compression and contributes to the beam stiffness. The effect of the slab width, beff on the beam 
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strength and stiffness are reported in Ref.CI9, P32, X2 and X3. Ref.PlS reported that the 

flange contribution to the stiffness of T or L-beams is typically less than its contribution to the 

flexural strength. The effective flange width, berr in T-beam stiffness, as presented in Section 

3.3.6.2 NZS 3101: 1982, is adopted in this study. For the building prototype described in 

Section 3.2.4, an effective flange width, belT of one-folllth of the beam span was used to 

calculate the T-beam stiffness. 

304.1 EtIective Flange Width of T~beams under Negative Moment 

In seismic-force dominated ductile reinforced concrete frames the plastic hinges 

are expected to occur at the beam-ends at the column faces. When a T-beam is subjected to a 

negative moment the upper part of T -beam will be in tension and makes little or no contribution 

to the beam stiffness or beam strength. The top bar reinforcement at the location of the plastic 

hinges will be expected to yield in tension. Moreover, the slab reinforcement which is parallel 

and adjacent to the beam may also yield extensively. Accordingly, during large inelastic cyclic 

displacement the flexural strength of a T-beams section can increase significantlyl'l8. 

Even though some intensive experiments. have been conducted, the exact value 

of the contribution of slab reinforcement to the flexural strength of T-beams is still difficult to 

predict because it is influenced by many factorsPlE
• PARK & PAULA Y (1975) suggest that an 

approximation of the flange steel reinforcement within a width of four-times the slab thickness 

each side of the web may be considered as contributing to the T-beam flexural strength. 

CHEUNG (1991) recommends that the effective flange width beff within which effectively 

anchoraged slab bars should be assumed to contribute fully to the negative flexural strength of 

T -beam is the lesser of : 

a. one-fourth of the beam span under consideration, extending each side from the 

centre of the beam section, 

b. one-half of the span of the slab transverse to the beam under consideration, 

extending each side from the centre of the beam section, 

c. where the beam extended to an exterior column, one-fourth of the span of the 

transverse edge beam extending each side from the centre of the beam section. 

However, a more conselvative effective flange width berr from which the slab 

reinforcements contribute to the T-beam flexural strength is given in Section 6.S.3.2.e NZS 

3101:1982 and was adopted in this study. The effective flange width berr in each side is four 
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and two times of floor thickness extending from the column face for interior and exterior 

columns respectively. 

The ideal flexural strength Mi = Mi¢ at the critical section of the T-beams were 

obtained using ultimate state design principles that satisfy Eq. 3.1. Mu and 1> are the ultimate 

required flexural strength of the beam section after applying the moment redistribution and 

flexura I strength reduction factor respectively. For practical purpose, the beams of a series of 

floors were designed using the same reinforcement. An example of the beam moments before 

and after redistribution and the required beam flexural strength was presented in Ref. J6 and 

G7. 

3.4.2 Design of Columns 

The determination of the column actions according to Capacity Design Procedures has 

been clearly defined at NZS 3tOl: 1982. In the case of frame-wall structures the step-by-step 

procedures for the column actions is presented Ref. P18. These steps are similar to those for 

frame structures except that there is a modification of the dynamic moment magnification 

factor. 

The dynamic moment magnification factors for frame-walls are smaller than these for 

frame structures. This is because the effect of higher modes on the column moment of frame

wall structures decrease as the floor deformations are controlled by the wallG7
,G8.G9,P18. A 

smaller value of the dynamic moment magnification factor implies no'reduction of the column 

moment, or Rn = 1.0 for a column with a relatively smaIl axial load. The calculation of the 

column axial load and bending moment are obtained from steps 9, to and 11 in Ref, P18. An 

example computation of the column actions is given in Ref. J6 and G7. 

Square columns reinforced on four sides were used in the preliminary design. The size 

of the columns and number of bars in the strong and weak axes are arranged such that the 

columns provide a satisfactory strength and the reinforcement content is with in the code limits. 

For convenience, the columns over a series of stories have the same reinforcement. Since the 

plane-frames are symmetric, the two outer columns have the same reinforcement. The load 

combinations between maximum column axial load Puma or minimum column axial load Pumi 

with column moment Mu have ben considered. The combination between Purni and Mu governs 

in most cases. 
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3.4.3 Design of Structural Walls 

During a small intensity earthquake the column bases of the frame structures are 

designed to be able to resist the overturning moment and shear without excessive stress. Under 

this condition the use of the structural wall in the building is uneconomic. Under larger 

earthquakes, large member deformations at the critical sections will occur folloWing the 

development of the plastic hinges. The main aim the structural wall is to control the plastic 

deformation of the structural membersPlB
• 

Stiffness, strength and ductility are three important structural properties required in 

seismic design of reinforced concrete structures. A structure with an adequate stiffness will 

limit lateral deformation to tolerable levels. A structural wall is one of the lateral resisting 

system possessing stiffness, strength and ductility, if appropriately designed. Aspects of the 

design is discussed in the following sections. 

3.4.3.1 Shape and Section of the Structural Walls 

Various structural wall sections can be used as presented in Ref.PI8. When the 

earthquake forces become significant the shear strength and stability requirements may govern 

and a minimum wall thickness is necessary to avoid premature out-of-plane lateral buckling. 

BERTERO (1980) investigated the effect of the shape of the wall cross-section on the wall 

stability and energy dissipation capacity. It was found that when compared with the rectangular 

shape the barbel cross section or a wall with boundary elements provided higher stability 

against premature lateral buckling and dissipates more energy with a stable hysteresis loop over 

a wide range of displacement ductilities. The stability against out-of-plane lateral buckling is 

the critical mode as discussed by PAULAY & PRIESTLEY (1992). The use of the barbel 

section to increase the wall stability was also suggested by Ref.X2 and X3 and such a cross 

section was used in this study. 

3.4.3.2 Ductility Relationship in Structural Walls 

During a large earthquake the structure might sustain damage but must not 

collapse. Thus, the structure must sustain large plastic deformation without loss of strength. 

The curvature and displacement ductility are two parameters describing the wall plastic 

deformations. The displacement ductility Jl,tJ, is related to the curvature ductility Jl,q,. In a wall, 
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the parameters effecting this relationship are the wall length lw and the wall plastic hinge length 

lp. The relationship between curvature ductility Iloll and displacement ductility /-LA can be 

expressed by the approximate formula PIO,Pl8, 

(3.9) 

The variation between the curvature ductility demand Ilq. with the wall height

length ratio for any required displacement ductility /-Lt;. of a cantilever wall based on the plastic 

hinge length in the range of 0.30 < l/lw < 0.80 is presented in Fig. 3.10. 

3.4.3.3 Stability of Structural Walls 

Instability of the structural wall occurs when parts of a thin wall are subjected 

to large compressive strains. To avoid unexpected premature buckling an appropriate wall 

thickness bWb normally should be taken as not less than one-tenth of the height of the first 

storeyP1S,P33. To evaluate the buckling mechanism and the critical web thickness for structural 

walls PAULAY & PRIESTLEY (1992) presented a simplified model analysis as shown in Fig. 

3.11. Based on the theory of stability, out-of-plane buckling of the waH will occur when the 

wall thickness bWb is less than the critical wall thickness be
PlB

, 

b ~ b = /* ~ 
wb c ~8TP 

(3.10) 

where 1* ~ 0.5 lw is the length of the buckling, lw is the wall length, em is the predicted 

maximum steel strain, ~ is the axial load eccentricity and fJ is the effective wall thickness. 

The out-of-plane buckling is associated with an axial load with an eccentricity 

e = ~ bWb and the neutral axis is located at a distance of {3 bWb from the wall surface as shown 

in Fig. 3.11. The in~plane neutral axis is located at a distance of {3 lw from the boundary 

element surface. Using ¢m = /-Lq, ¢y from the curvature ductility relationship shown in Fig. 3.12 

and Cu = {3 lw from the wall cross section, the maximum predicted steel strains esm can be 

expressed as, 
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(3.11) 

Ref.P18 stated that ~ = 0.333, {3 = 0.80 for the two-faces of the longitudinal 

wall reinforcement, 1$ = 0.5 Iw and t{>y = 0.0032/1w can be taken as an approximate values. 

Substituting these values in Eq. 3.11 and re-substituting in Eq. 3.10 leads to, 

Jor !l = 0.80 (3. 12a) 

for p = 0.50 (3.12b) 

The value of J.I.<b can be determined by using Fig.3.10 for a given value of wall 

height to length ratio hwllw. When the waH thickness bWb is less than the critical wall thickness 

according to Eq.3.12 the boundary element as shown in Fig. 3.13 with a cross section area of 

Awb should be provided from the approximate formula, 

(3.13) 

The bwb should be greater than h,/16 where hi is the height of the first storey. The variation 

between be versus the wall height to length ratio for any wall displacement ductility J.l.A is shown 

in Fig. 3.14. 

3.5 DESIGN EVALUATION 

3.5.1 Moment Redistribution of Beams 

From NZS 3101:1982, the maximum value of the redistributed beam moment is 

restricted to not more than 30 % for two main reasons. Firstly, when the required beam 

flexural strength reduces because of the moment redistribution the section will begin to yield 

at a moment somewhat less than the moment computed from an initial elastic analysis. The 

limitation ofthe redistributed moment is to ensure that the member plastic hinge does not occur 

prematurely. Secondly, the consequence of the smaller beam flexural strength is that the 

rotational ductility demand will increase. An example of the redistributed beam moment is 

presented in Appendix B. 
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The average of the ratios of the redistributed moments of the exterior and interior 

columns for frames and frame-wall structures were less than 30 %. The percentage of the 

redistributed moments decreased as the beam moment induced by the equivalent static load ME 

increased. The superimposed negative and positive moments have almost the same value 

because the dead and factored live-loads are only small fractions of ME' 

3.5.2 Tension Reinforcement Ratio 

The Tension reinforcement ratio may be used to determine whether an appropriate 

member preliminary sizings has been achieved. The column tension reinforcement ratio varied 

from O.S to 2.1 % and satisfies Ref. X2 and X3. Some of the top floor beams were given a 

minimum tension reinforcement ratio and the maximum tension reinforcement ratio is 1.2 %. 

All the beam and column reinforcement ratios are in an acceptable range, meaning that an 

appropriate preliminary member sizes were achieved. The requirements ofEq. 3.1 are assessed 

over whole structural systems. 

3.5.3 Design of Structural Walls 

As mentioned earlier, barbel shape cross section structural walls are used. To avoid 

premature buckling, a wall thickness bwb and the size of the barbel was arranged to satisfy the 

requirements of Eq. 3.12 and 3.13. It was found that most critical load combinations was the 

combination of minimum wall axial load Pwumi and wall ultimate moment Mwu. 

The selection of the wall length is carried out by trial and error and depends on the 

amount of reinforcement steel. When the wall length is too small it is difficult to satisfy the 

required flexural strength with a relatively high steel reinforcement ratio. In this case the 

flexural strength will govern. In contrast, when the wall length is too large it is difficult to 

provide the required axial load as only a relatively small concrete compressive zone is 

necessary to satisfy the required flexural strength. In this case the axial load will govern. It is 

necessary to develop an approximate formula for the wall length from which both the axial load 

and the wall flexural strength are easily satisfied in the design process. 

For this purpose, a number of barbel wall strength analyses for IS-storey buildings have 

been carried out to determine the relationship between reinforcement content p versus the 

combination of material strength or wall axial load eccentricity for different values of the 
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required wall height to wall length ratio as shown in Fig. 3.15 and 3.16 respectively. For a 

given wall height to length ratio hw/1w the required reinforcement contents decrease as the 

material strength increases and will increase as the eccentricity e = M/V increases where M 

and V are an applied flexural moment and axial load respectively. The strength analyses were 

carried out for the eccentricity ranging from e = 3.5 to 3.8, the combination of concrete 

compressive strength fo = 25 to 45 MPa and steel bar yield strength fy = 300 and 430 MPa 

as shown in Fig. 3.15 and for a wide range of wall height to length ratios of hw/lw == 8.94 to 

14.4 as shown in Fig. 3.16. 

An approximate formula for barbel walls with satisfy both Eq.3.12 and 3.13 is, 

(3.14) 

where fo and t;, in Mpa, e, llw and lw is in metres. 

Equation 3.14 was based on providing a minimum wall web reinforcement and taking 

into account the moment contribution of the yield web reinforcement. Analyses on the 

performance of Eq. 3.14 in the design of the structural wall on the I8-storey frame-walls was 

carried out for the required barbel reinforcement ratio for given combination of material 

strength and axial load eccentricity as shown in Fig. 3.17 and 3.18 respectively. They shown 

that the required tension reinforcement ratio varies from 1.5 to 2.5 % and satisfies the 

reinforcement limits according to Ref.X2 and X3. 

Similar analyses have been carried out in the case of a rectangular wall cross-section 

for the I8-storey frame-wall structures with the results shown in Fig.3.19, 3.20 and 3.21 

respectively. As mentioned earlier, a minimum wall thickness of one-tenth of the first storey 

height or hJllw ratio as suggested by Ref.P18 and P32 is adopted here. Fig.3.21 shows that the 

reinforcement ratio decreases as hJ/lw decreases. An approximate formula for wall height to 

length ratio can be computed from, 

::: 12.75 + _f_c--=-
1500 e 

- 050 ~ 

where C{ = h/lw is the desired value of the first storey height to wall length ratio. 

(3.15) 

Fig. 3.22 shows the numerical test results of the required wall reinforcement content 

for a 12-storey wall with e = 2.6 metres and an 18-storey wall with e = 3.20 metres for a 
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wide range of material strengths. The tension reinforcement in the wall was assumed to be 

placed in the 1.25 b to 1.75 b distance from each wall with minimum reinforcement ratios 

between these end segments. The main wall tension reinforcement ratios are nearly 2.0 %. 

3.6 SUMMARY CONCLUSIONS 

The relationship between The Conceptual Overall Design, Preliminary Analysis and 

Design aspects in an integrated Earthquake Resistant Design (EQ-RC) for buildings has been 

discussed. The selection of the building plan and type, stiffness distribution, location and 

orientation of the building lateral-resistant systems affect the building response during 

earthquake excitationA15
,P18 and needs to be emphasized in the designing process. 

Twelve and eighteen storey symmetrical, reinforced concrete frames and frame-wall 

structures were selected as building prototypes. These were designed to NZS 3101:1982 and 

NZS 4203: 1984. Three types of foundation were considered; the building was assumed fixed 

at the ground surface, at the footing level and the building was supported on a flexible 

foundation system. 

Capacity design procedures were used in the preliminary design . An appropriate 

design for the beams and columns was achieved as indicated by an acceptable reinforcement 

ratio according to NZS 3101:1982. The beam and column flexural strengths were computed 

using an ultimate strength analysis. 

The structural walls were designed for the flexural actions considering not only the 

required wall ductility but also wall stability against lateral buckling. To ease the selection of 

wall length 1w approximate formulae for the wall height to length ratio hjlw for barbel and 

rectangular cross-sections were developed. Numerical tests to evaluate the performance ofthese 

formulae were carried out and the required tension reinforcement ratio p are in the range 

indicated in NZS 3101:1982. 



Chapter IV 

Dynamic Properties of Soils, Shear Strains and Rheological 

Model of Soils 

4U INTRODUCTION 

In structural engineering the dynamic loading may be due to earthquakes, vibration 

effects of unbalanced machines, wind loads, blast loads, ocean waves or vibration resulting 

from vehicle movement. Patterns of wave propagation, cyclic amplitudes and frequency content 

of these loadings vary with the type of generating mechanism. Strong motion accelerograms 

recorded from earthquakes are very random both in amplitude and frequency content. Based 

upon experience, the frequency range of the energy release by earthquake may be significant 

between 0.1 Hz - 10 Hz01 ;n. Waves resulting from steady state loading such as machine 

foundation vibration, may be considered as a sinusoidal loading. For low speed, moderate 

speed and high speed machines, the generated frequencies may be considered in the range of 

1-10, 10-25 and 25-50 Hz respectively-u which are much higher than those for earthquakes. 

This input frequency is one of the important parameters in the analysis offoundation vibrations. 

Under static loading with constant soil stress, soils may undergo creep where the soil 

strains may increase or decrease in strain-rate with time. Under dynamic loads, either from 

earthquakes or steady state loadings, the stress-strain behaviour of soils are non-linear and 

hysteretic. Stress strain hysteresis loops of soils indicate that even though relatively small, soils 

have internal material damping, The non-linearity depends on the soil type. Under cyclic 

loading sands tend to show a high non-linearity, whereas non-linearity of clay soils strongly 

depends upon the plasticity index pF6. All of these characteristics such as the stress-strain 

relationship, material damping and the non-linearity of soil properties basically represent a 

viscoelastic behaviour of the soilsCS ,K3,Wll. A large number of factors may affect the behaviour 

of soils and a comprehensive general stress-strain relation of soils is very complexH5.H6.Z1. 

64 
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41.2 DYNAMIC PROPERTIES OF SOILS 

The analysis of soils under dynamic loading is one of the most interesting problems 

discussed by geotechnical engineers over the past few decades. The dynamic properties of soils 

are the soil shear modulus G, the soil material damping C, the soil Poisson ratio /I and the 

shear wave velocity V •. These properties are very important parameters in the analysis of soil

foundation vibrationsH3,Rl. 

In general, the dynamic properties of soils may be categorized in two groupsID . The 

first group covers dynamic loading on soils where the shear stress and shear strains are 

relatively small. In this group are soil vibrations due to unbalanced machines, conventional 

blasting, traffic loadings and small earthquakes. The second group are problem where soils are 

subjected to nuclear explosions and large earthquakes which produce strong waves propagating 

with relatively large soil shear stress and shear strain. 

4.2.1 Sherur Modulus (G) of Soils 

As mentioned above, the shape of two dimensional cyclic load-deformations of soils 

are both non-linear and hystereticD5,H5,M2,ol. In the case of soil vibration problems, the shear 

stress-shear strain relationship is the most important. The soil shear modulus and the soil 

material damping can be computed directly from this relationship. Examples of the shear stress

shear strain relationship is depicted in Fig. 4.1 and a simplified model is shown in Fig. 4.2. 

There are three important parameters that can be defined from the shear stress-shear 

strain relationship; first, the initial slope of the loading curve represents the maximum value 

of the soil shear modulus Gmax; second, the slope of a line through its end point of any 

hysteresis loop indicates the secant or apparent shear modulus Gsee and third, the area of the 

hysteresis loop indicates the amount of energy dissipated during the corresponding loading 

cycle. Generally, the measurement of maximum soil shear modulus Gmax, may be defined at 

a low level of shear strain as small as 0.25x1(J4 and frequency about of 0.5 Hz. The main aim 

of measurement at low frequency is to avoid the effects of the inertia forces on these three 

parameters. The shear modulus and material damping of soils are affected by a number of 

important parameters. Those important parameters are tabulated in Table 4.1 below. 
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Table 4.1 Parameter Effecting Shear Modulus & DampingHS • 

[mportant to 

Parameters Shear Modulus Damping 

Clean Sllnds Cohes. Soils Clean Sands Cohes.Soils 

1. Strain Amplitude V V V V 
2. Confining Pressure V V V V 
3. Void Ratio (e) V V V V 
4. No. of Load Cycles Rb R V V 
5. Degree of Saturation R V L U 
6. Overconsolidated Ratio R L R L 
7. Effective Strength Envelope L L L L 
11. Oetahedml Shear Stress L L L L 
9. Frequency of Loading R R R L 

10. Time Effects R L R L 
11. Grain Chametenstic, Size, Shllpe, 

Gradation, Mineralogy R R R R 
12. Soil structure R R R R 
13. Vol. Change Due To Shear Strain 

(strain less 0.5 %) U R U R 

V : Very Important, L : Less Important, R : Relatively Unimportant except as it may effect 
another parameter, U : Relatively Important, but is not clearly known at present time, Rb : 
Except for satumted clean sand where the number of cycles of loading is less important 
parameter. 

The parameters are grouped into 3 categories; i.e very important, less important and 

relatively unimportant. For aU types of soil, the shear strain amplitude 'Y •• , the effective mean 

principle stress (confining pressure) Uo , and the void ration e are the most important 

parameters influencing the soil shear modulus and damping. Recently, it was also found that 

the plasticity index PI of cohesive soils gives an even more significant effect on the soil 

modulus and damping when compared with that of the confining pressureV6,S13,Zl. 

HARDIN & BLACK (1969) and HARDIN & DRNEVICH (1972) have shown that for 

sand and cohesive soils, the maximum soil shear modulus may be expressed in the respective 

forms, 

Gmax 
(4.1) 

C
g 

F(e) OCR'l (4.2) 
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The upper and lower bound of the constant Cg respectively are, 

C = 1576 620 150 (ha kips kg) 
g " ""1' , , 

inch 2 cm Z 

and the value of F and m respectively are, 

F(e) == (2.972 - e)2 

1 + e 

m = 0.5 

(4.3) 

(4.4) 

(4.5) 

(4.6) 

Cg and m are constant, F is constant function of void ratio e, 0'0 is the mean effective 

principle stress (confining pressure). 

If soils samples are normally consolidated, Eq. 4.2 is equal to Eq. 4.1. In the case of 

overconsolidated clay soils, the value of q may be found to depend on the soil plasticity index, 

as represented in Table 4.2. 

ZEN & UMEHERA (1978) examined the validity of the constant Cg by in situ and 

laboratory tests. A number of undistributed and remoulded clayey soil samples were tested and 

the results are represented in Fig. 4.3. As shown the results of the laboratory test, in genera], 

agree with Eq. 4.2. It was also found that the value of constant Cg ( coefficient A in Fig. 4.3) 

is not always equal to Eqs. 4.3 or 4.4 but varies with the plasticity index PI. Fig. 4.4 is 

represents the shear modulus of clayey soil presented by some researchers and shows that the 

shear modulus computed by Eq. 4.2 is relatively high. 

Results of tests on cohesive soils was reported by KIM & NOVAK (1981). Several 

different undisturbed soil samples were used. The properties of soils varied from hard, highly 

overconsolidated, normally consolidated to very soft glacial soils. Plots of normalised shear 

modulus F(e) against confining pressure for a normally consolidated different clay soil is shown 

in Fig. 4.5. Compared with the HARDIN & BLACK (1969) results, the range of these soils 

shear moduli lie near a lower bound. It was also found that constant Cg varies from 893 to 

1726 with an average value of 1395 (shear modulus in kPa). 
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Table 4.2 Coefficient qRS 

Plasticity Index (PI) Coefficient q 

o 
20 
40 
60 
80 

>100 

4.2.1.1 Effect Soil Shear Stain "I .. 

o 
O.lB 
0.30 
0.41 
0.48 
0.50 

The maximum shear modulus GmOll computed from Eq. 4.1 and Eg. 4.2 was 

based upon low levels of soil strain. Vibration in soils due to some types of dynamic loadings 

do not necessarily generate low levels of shear strain. As mentioned in Section 4.3 the soil 

shear strains induced by earthquake loading varies from approximately 10 -4 to 10 .3. It is 

important therefore, to know the soil shear modulus G for any soil shear strain. 

Through intensive laboratory tests it was found that the soil modulus G 

decreases very rapidly with increasing shear strainH5 .H5
.K2, especially after the shear strain 

exceeds a threshold level. Fig. 4.6 and Fig. 4.7 represents the soil shear modulus reduction 

curve for clean dry sand and various clayey soils respectively. The variation of the soil shear 

modulus with strain from these figure seems to differ. This is because of different abscissa 

scales, i.e linear and logarithmic scales respectively. Fig. 4.7 shows the normalised soil shear 

modulus (G/Gm,J variation with strain amplitude. 

4.2.1.2 Effect of Void Ratio (e) 

Soils where the void ratio e is relatively small can be considered dense or stiff 

soils. Results of laboratory tests indicate that the soil shear modulus is inversely proportional 

to the void ratio e as represented in Eq. 4.5. HARDIN & BLACK (1968) proposed an 

empirical formula for the effect of the void ratio e on the soil shear modulus Gmox• Laboratory 

tests were carried out for a range of void ratio e from 0.5 to 1.90. For clayey soils" three soil 

samples were tested namely Leda Clay, Lick Greek Silt and Brown Loam. During the tests, 

applied confining pressures (To were 1.0 kg/cm2, 0.89 kg/cm2 and 1.0 kg/cm2
, with void ratios 

1.9,0.91 and 0.61 respectively. The respective maximum shear moduli Gmox were 1.7 lesi, 6.5 

ksi and 11. 0 lesi. It appears that the value of dynamic shear modulus is a strongly inverse 

function of the void ratio. 
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Effects of void ratio e to normalised shear modulus of clay silt was also 

reported by SUN eLall (1988). Data from laboratory tests for about 70 cohesive soils from 

many countries were collected. Most of the samples were normally consolidated clayey soils. 

The relationship between the normalised soil shear modulus reduction curve G/Gm"" against the 

soil shear strain "I •• for any value of void ratio e is shown in Fig. 4.8. Again, the soil shear 

modulus is strongly dependent on void ratio e. 

4.2.1.3 Effect of Confining Pressure (0'0> 

The effect of the confining pressure (Jo on the shear modulus G and normalised 

shear modulus G/Gmwr. for sand and clayey soils are clearly shown in Fig. 4.9 and Fig. 4.10. 

As shown, higher applied confining pressure (Jo gives higher soil shear moduli. No.2, No.3 

and No.6 in Fig. 4.9 refer to clay soils with 22 %, 41 % and 70 % fractions of sand 

respectively. As shown in Fig. 4.9 sand is more sensitive to the effect of confining pressure 

rather than clay soils. The value of m in Eq. 4.1 or Eq. 4.2 is affected by the corresponding 

soil shear strainOl
• For low levels of soil shear strain the value of m = 0.5 can be usedH3. 

Fig. 4.5 shows the effect of confining pressure on the maximum soil shear 

modulus Gm J3J[' This results were conducted for a low level of soil shear strain of "I., = 0.002 

%. The slope of the relationship varies from 0.46 - 0.61 with an average value of 0.55. This 

slope indicates the value of min Eq. 4.1 or 4.2. The effect of applied confming pressure on 

the soil shear modulus is very significant. This result is significantly different from Fig. 4.9, 

ZEN et a1.(1988). 

4.2.1.4 Effect of Soil Plasticity Index (PI) 

The effect of the plasticity index PIon the shear modulus is shown in Eq. 4.2. 

The constant k in this equation is a function of the plasticity index PI. However, Eq. 4.2 is 

used only for calculating the maximum soil shear modulus Gmax for low levels of soil shear 

strain. The effect of the plasticity index on the shear modulus for any value of soil shear strain 

is not available. 

Only a few researchers have reported this effect. SUN et a1.(1988) found that 

the plasticity index strongly influences the shear modulus of clayey soils as illustrated in Fig. 

4.11. In soils with a high plasticity index (Mexico clay) the shear modulus seems to remain 
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constant for a wide range of shear strains. This result was based on data as mentioned in 

Section 4.2.1.2 . ZEN et a1.(1988), also reported an effect of the plasticity index Plan the 

shear modulus was even greater than the effect of the confining pressure. DOBRY & 

VUCETIC (1977) and VUCETIC & DOBRY (1991) presented shear modulus reduction curves 

for normally and overconsolidated soils as illustrated in Fig. 4.12. As shown, the soil with a 

high plasticity index tends to behave more linearly-elastic even at a high soil shear strain. The 

effect of the plasticity index PI on soil parameters are presented in Table 4.3. PENDER et 

a1.(1992) reported that dynamic properties of Auckland clay follows closely the curves C2 and 

C3 in Fig. 4.11. The soils plasticity index PI varies in the range from 20 % to 30 %. The 

shear modulus reduction curve for Auckland clay is illustrated in Fig. 4.13. 

Table 4.3 Effect of Plasticity Index to Soil Parameters 

Soil Parameters 

l.Initial Shear Modulus" 
2.Modulus Degradation 
3.Damping 
4.Soils Amplification 
5.Non linearity of Soils 

Low PI 

Low 
High 
High 
Low 
High 

.. For overconsolidated clay soils 

4.2.1.5 Effect of Cyclic Loadings 

Plasticity Index. (PI) 

High P 

High 
Low 
Low 
High 
Low 

Fatigue phenomena may reduce the strength or stiffness of the materials. Under 

a large number of cyclic loadings, the soil shear modulus may reduce significantlyll.v5.v6. An 

example of the effect of the number of cycles of loading N on the normalised modulus 

reduction curve is illustrated in Fig. 4.14. It is clear that the effect of cyclic loading on the 

shear modulus is more significant for soils with low plasticity index than for those with medium 

to high plasticity indices. 

The effect of cyclic loading on the soil shear modulus can be evaluated by a,' 

so called, degradation index OIl.V6. This index can be written as, 

(4.7.3) 
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(4.7.b) 

where GN is the secant or apparent shear modulus after N cycles. Go is the shear modulus at 

the first cycle and t is a degradation parameter. Eq. 4.7.b can be expressed as, 

Il = - (4.8) 
log N 

Variation of the degradation parameter t versus the cyclic shear strain is shown 

in Fig. 4.15. The smaller the degradation parameter t the smaller the degradation of the shear 

modulus. As shown, sand has a higher degradation parameter t than clay which means that 

sand is more sensitive to cyclic loading than clay. 

4.2.2 Material Damping of Soils 

Even at relatively small levels of shear strain the cyclic stress-strain relationship of soils 

is not linear elastic but possesses a hysteresis loop as illustrated in Fig. 4.1. Energy is 

dissipated by a process of particle slippage within the soils. The amount of energy dissipated 

at every loading cycle is indicated by the area of the corresponding hysteresis loop. Energy 

dissipated by this mechanism is usually called material damping or internal damping of the 

soils. 

As for the soils shear modulus, the material damping of soils is dependent upon the 

level of soil shear strain 'Y ••. Unlike the soil shear modulus, material damping of soils increases 

rapidly with shear strain as shown in Fig. 4.16. The effect of the void ratio e on the soil 

material damping is not clear. Ref. H5 reported that material damping decreases as the void 

ratio e increases. 

Accompanying Fig. 4.13, PENDER et a1.(1992) reported that the damping ratio for 

Auckland clay lay within the range of the SEED & IDRIS (1970) results, as shown in Fig. 

4.17. It was also found that the stiffness and damping was not greatly affected by the number 

of cycles, meaning that the soil shear modulus and damping ratio depended only on the level 

of applied soil shear strain. The impOltant aspects on the soil shear modulus and the soil 

material damping are illustrated in Fig. 4. 18G12. 
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4.2.3 Poisson's Ratio (1') of Soils 

Poisson's ratio J,I may be defmed from the strain ratio of the axial compression and the 

lateral expansions21
• Poisson's ratio of the soil has a direct relationship on the stiffness of the 

soil-foundation interaction and an appropriate value of the Poisson's ratio must be used in the 

analysis. 

Soil deposits are non-homogenous both in the vertical and horizontal direction. This is 

because of natural sedimentation of rock debris and other soil particles. The strength and the 

elastic properties of the soil deposits may not be the same in the vertical or horizontal 

directionsill
• Accordingly, soil is really an anisotropic material, i.e the elastic properties of soil 

are different in any direction. For simplicity, however, it is common to assume that most of 

the engineering materials are homogeneous and isotropic. Typical values of soil Poisson's ratios 

presented in the literature are presented in Table 4.4. 

Table 4.4 Typical Value of Soil Poisson Ratio 

Types and Condition of Soils 

1. Clay, saturated 
2. Clay with sand and silt 
3. Clay, unsaturated 
4. L1ess 
5. Sandy Soils 
6. Sand 

4.2.3 Shear Wave Velocity (Vs) 

Poisson ratio 

0.50 
0.30 - 0.42 
0.35 - 0.40 

0.44 
0.15 - 0.25 
0.30 - 0.35 

The shear wave velocity V. near the ground surface has been recognised as one of the 

important soil properties in earthquake engineering. The dynamic stiffness and damping 

coefficients are dependent on the dimensionless frequency a., which is inversely correlated with 

the shear wave velocity V •. The relationship between the shear wave velocity and the shear 

modulus G is written as, 

(4.9) 

where p is the mass density of soils 
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Other expressions for the shear wave velocity have been reported by HARDIN & 

BLACK (1969) and KIM & NOVAK (1981)K2 respectively, 

~ = (103.6 - 34.93 e) OCRlf1. o/lj°.l§ (4.10) 

(4.11) 

The expressions for the shear wave velocity in Eq. 4.10 and Eq. 4.11 are similar to Eq. 

4.2, where the shear wave velocity is a direct function of the void ratio e, over-consolidated 

ratio OCR, and confining pressure (fo. Compared with Eq. 4.10, the shear wave velocity 

computed from Eq. 4.11 is significantly smaller. 

The shear wave velocity may also be obtained from in situ downhole or crosshole tests. 

A crosshole test is probably the best geotechnical method for determining the variation with 

depth of in situ low strain shear wave velocity Gl2. The crosshole method is based on a very 

simple concept. A shear wave is generated in a borehole and the arrival time at the same 

elevation is measured in a neighbouring borehole. The shear wave velocity V. is computed 

from the travel time and the distance between boreholes. The measurement of the shear wave 

velocity in clayey soils using this method has been reported by Ref. BlO and C12. In general, 

the results of the tests indicate that the shear wave velocity will increase with depth. 

Shear wave velocities in the upper 30 metres from the ground surface was also reported 

by BERRILL et al.(1993). Six sites around Christchurch, New Zealand were investigated. The 

soil composition of each site and the variation of shear wave velocity with depth is illustrated 

in Fig. 4.19. As shown, the shear wave velocities depend upon the type and elevation of the 

soil layers. The variation of shear wave velocity with depth in some sites is not clear, but at 

site D and F this variation is more obvious. 

Site investigations of shear wave velocity using Standard Penetration Test (SPT) are 

also reported by some researchers. Even though the SPT is mainly used for granular soils, this 

method may also used for clayey SOilSD6•I2.I2.14,09. From this method, several empirical formulas 

for shear wave velocity have been proposed. By using more than 940 data samples, lMAI 

(1977) presented an empirical formula for soil shear modulus as a direct function of the number 

of blows N of the SPT value. The data was collected over 10 years for clay, sand and gravel 

for a range of geological soil ages. The correlation is plotted in Fig. 4.20 and mathematically 
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expressed in Eq. 4.12. It is clear that the shear wave velocity is well correlated with the N

SPT value, especially for relatively stiff soils. The coefficient correlation was 0.889. 

(mlsec) 
(4.12) 

IMAl & TONOUCHI (1982) also presented an empirical formula for soil wave velocity 

V •. The SPT data were collected from approximately 250 sites, using 386 boreholes distributed 

throughout Japan. The soils consist of peat, clay, sand and gravel, covering more than 1650 

data items. Empirical correlation between the shear wave velocity and the N-SPT value is given 

in Eq. 4.13 and presented in Fig. 4.21. 

v - 97 0 N°.314 :r - • (m/sec) (4.13) 

An empirical formula for the shear wave velocity based upon soil type, geological age, 

N-SPT value and soil depth Z was also investigated and reported by OHTA & GOTO (1979). 

An empirical relationship was formulated by using 300 sets of available data from alluvial 

plains in Japan. This empirical formula· is given in Eq. 4.14, where the coefficient of 

correlation is 0.856. 

v = 68 79 ~.171 Z 0.199 s • (mlsec) (4.14) 

Similar investigation was also carried out in Florence, Italy as reported by 

CRESPELLANI et al.(1989). More than 200 observations of N-SPT values were collected on 

clayey soils. Empirical formula for shear wave velocity resulting from this investigation is 

expressed in Eq. 4.15 and illustrated in Fig. 4.22. 

Vs = 261.0 N-{J·o1 ZO.24 (m/sec) (4.15) 

No.1 and 2 in Fig. 4.22 are variations of the shear wave velocity with depth computed 
, 

from Eq. 4.15, while No. 3,4 and 5 are adopted from the OHTA & GO TO (1979) 

investigation. As shown in this figure, Eq. 4.15 gives a shear wave velocity greater than that 

from Eq. 4.14. 
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4.3 SOIL STRAIN INDUCED BY EARTHQUAKES 

When soils are in an rest condition, there are only two types of stresses acting on the 

soil element at a particular depth beneath the ground surface_ These stresses are the vertical and 

horizontal geostatic effective stresses, which are generally denoted by (1" and (1h 

respectivelyMl1.H12.V5. Without any disturbance, both of these stresses remain in an equilibrium 

condition. The equilibrium of soil stresses may change whenever an external applied loading 

such as earthquakes, vibration of machine foundations, blasting, pile driving or vibration by 

a soil compactor acting on the corresponding soil element. 

If the soil shear strain 1' .. generated by the normal static load isextremely small, it does 

not have significant effect. This is because deformation associated with very small shear strains 

will not produce distressl7
• However, the combination of small shear strain and the inertia force 

initiated by high frequency excitation may have a significant effect on the soil response. The 

response of soil deposits under earthquake excitation, for instance, is a complex phenomenon VS. 

This is because the soil deposits have nonlinear properties, are nonhomogenous and anisotropic 

materials, and the waves generated by the earthquakes propagate in three directions. Upward 

propagating earthquake shear waves will normally generate soil shear stress and shear strain 

'Yss which are amplified as the ground surface is reached. 

The estimation of the soil shear strain induced by earthquakes is essential, especially 

for soil-foundation interaction or soil-structure interaction. As mentioned before, the dynamic 

properties of the soils depend on their stress-deformation relationship. These properties vary 

to a large extent depending upon the magnitude of the corresponding soil shear strain. 

Having an estimation of the soil shear strain induced by earthquakes, enables the choice 

of appropriate soils models and analysis methods. This is shown systematicaHyI6,l7 in Fig. 4.23. 

As shown, within the range of infmitesimal shear strain lcrs up to approximately lO-4. the linear 

elastic soil models and linear methods of analysis are fully justified. For soil shear strains of 

approximately 10-4 to 10-2
, viscoelastic modelling of soils and equivalent linear methods may 

be used. For soil shear strains greater than 10-2 and up to the failure strain, step by step 

integration methods are suggested. 

How large are the actual soil shear strains induced by an earthquake or seismic ground 

motion? Several studies have been carried out by researchers. A study to estimate the soil 
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shear strain induced by earthquake ground motions has been reported by SUGIMURA (1977). 

Classical wave propagating theory was used in this study. The analysis was conducted by using 

the May 1940 Imperial Valley earthquake and the 1952 Kern County earthquake. This study 

concluded that the soil shear strains can be estimated to be in the range of about 1O .. ~ (%) for 

the EI Centro site to about 10-4 (%) for the Taft site .. These results are much smaller than the 

maximum soil shear strains as shown in Table 4.5. 

SHINOZUKA et.al (1983) estimated the expected maximum ground strain as function 

of emthquake magnitude M and epicentral distance R. A wave propagation model were used. 

The relationship between the soil strain and the epicentre distance R for any level of earthquake 

magnitude M is depicted in Fig. 4.24 .. O'ROURKE et.al (1984) reported the soil strain between 

pairs of recording stations during the 1971 San Fernando earthquake. By using the different 

ground displacements at particular times between pairs of stations laying along the same radial 

line from the epicentre and knowing the distance between them, the average ground strain was 

computed. Result of this study show that the maximum ground strain fell in the range of 

0.6x1Q4 to 6.37xlO-4. MIDORIKAWA (1992) also reported a case study during the April 5, 

1985 Chile earthquake. Acceleration time histories from Almendral Valparaiso (VPA) and Vila 

Der Mar (VDM) were used. The acceleration time histories are recorded from accelerographs 

which were installed on the soil deposits. A rough estimation of the soil shear strain 'Y .. 

proposed by TOKIMATSU et.al (1989) reported in this study may be computed from, 

= 0.4 (PGV) 
Yss V 

fI 

(4.16) 

where PGV is the peak velocity of horizontal ground motion, and V. is shear wave velocity. 

The soil shear strains obtained from VP A and VDM site during main and after shocks 

is illustrated in Fig. 4.25. It was found that during the main shock, the maximum soil shear 

strains are approximately 3xl0-4 and 5xl0-4 for VPA and VDM respectively. 

Research to estimate soils shear strain induced by earthquakes near the ground surface 

were also carried out in Japan. The research was conducted by using ground acceleration 

record data observed by a dense instrument array installed at the Public Work Research 

Institute (PWA Campus)A12,TIB,T9. The site profiles where the accelerographs were installed is 

composed of clay, sand, loam and gravel. The data has been collected during the period from 

1979 to 1989 covering more than 100 earthquakes, with magnitudes from 4 to 7.9 and 
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epicentral distance from 3 to 758 km. The observed maximum ground accelerations have been 

plotted against epicentre distance R for any earthquake magnitude M as shown in Fig. 4.26. 

By using a double integration technique, the three components of acceleration history were 

converted into three components of displacement history. Knowing the ground displacement 

history, the estimation of ground strain history may be computed by using standard tetrahedron 

finite element models. The placement of the instrument array and the finite element calculation 

procedures are discussed in Ref.T8 and T9. The proposed empirical formula for the maximum 

soil shear strain 'Ys. near the ground surface is, 

== { 0.894 10°·548 M (R + 30)--iI·714 } 10--6 (4.17) 

where M is the earthquake magnitude and R is the epicentral distance in Km. 

The maximum soil shear strain '1 .. versus epicentre distance R for any value of 

earthquake magnitude is summarized in Fig. 4.27. By using empirical formula expressed in Eq. 

4.17 and assuming that each earthquake mechanism is independent of the local or global 

geological conditions, the approximate maximum soil shear strain for particular earthquakes 

are presented in Table 4.5. 

4.4 THRESHOLD SHEAR STRAIN AND CYCLIC PORE WATER PRESSURE 

Under cyclic loading, soils show different stress-deformation relationships. VUCETIC 

(1992) slated that under certain values of soil shear strain, the soil volume does not change 

during applied cyclic loading. This level of soil shear strain is called the threshold shear strain 

and is denoted by 'Y.t. If the applied soil shear strain is greater than the threshold shear strain, 

the volume of the soil will change by either compaction or dilation. Dry cohesionless granular 

soils tend to compact, while in the saturated granular soils develop an excess of pore water 

pressure, sometimes followed by soil liquefaction. Several studies of the threshold soil shear 

strain have been carried out by some researchers and the results are shown in Fig. 4.28. The 

approximate range of threshold shear strain in the modulus degradation curve and the damping 

curve for any plasticity index are presented in Fig. 4.29. As shown, sand has a thresbold shear 

strain 'Yst of approximately 0.01 % which is much smaller than that for clay soil at around 0.1 

%. In Fig. 4.14, if the applied shear strain 'Yu is less than the threshold shear strain 'Ys1;, there 

is no degradation of the soil stiffness during cyclic loadings. 
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If saturated soil deposits are subjected to an upward propagating shear wave, the 

hydrostatic pressure or pore water pressure between particles of soil may change. This depends 

upon the type of soil and the level of the applied shear strain. As shown in Fig. 4.28 sand has 

a smaller threshold shear strain does than clay soils, which means that sand has greater 

tendency to change its volume than clay. If the volume of the soil does not change during cyclic 

loading i.e with the applied shear strain less than the threshold shear strain, no permanent pore 

water pressure remains after the cyclic loading has stopped. In contrast, the pore water pressure 

remains permanent if the applied shear strain is greater the than threshold shear strain. 

Commonly, clay soils show smaller changes in pore water pressure than do sandsM9
• 

Table 4.5 Maximum Ground Shear Strain 'Y .. 

Earthquakes Ground Type M R (Km) Max. Shear Strain 

1. El Centro, 1940 Soil 6.7 9 0.000246 

2. Taft, 1952 Soil 7.2 49 0.000282 

3. Parkfield, 1966 Soil 5,6 10 0.000060 

4. Mexico, 1962 Soil 7,1 260 0.000245 

5. Chile, 1971 Soil 7.5 120 0.000238 

6. Rumania, 1977 Soil 7.0 165 0.000104 

7.Tokachi-Oki,1968 Soil 7.8 200 0.000280 

8.Miyagi-Ken-Oki,78 Soil 7.4 100 0.000234 

9.New Zealand,1966 Soil 6.0 77 0.000046 

Pore water pressure increases with the number of cycle of loading. When the pore 

water pressure increases, the effective confining pressure or inter-granular pressure of the soil 

particles will reduce. It has been mentioned earlier that the soil confining pressure has a 

significant effect on the soil shear modulus, particularly for clay sands or sands. Soil shear 

moduli reduce with reducing confining pressures. 

When the applied soil shear strain 'Yss is less than the threshold shear strain 'Y.l, 

therefore, the soil shear modulus G will not degrade under cyclic loading and there will be no 

degradation of the soil confining pressure lJo• 



87 

4.5 SIMPLE RHEOLOGICAL MODELS OF SOIL 

Deformation of soils under static or dynamic loading may be rapid or relatively slow. 

Creep due to static loading or hysteretic response due to cyclic loadings indicate that soils 

deform from their original state with time. The study of the time-dependent deformation of 

materials, in general. is called rheology from the Greek word rheas, means moving flowKl,TI. 

During the analysis of soil-foundation interaction, the actual physical soils need to be 

modelled both mechanically and mathematically to describe their behaviour under cyclic 

loadings. A mechanical model is really much more easily understoodA1
,TI than a mathematical 

representation. 

The basic elements of the mechanical model are usually a linear-elastic spring, a 

dashpot and Coulomb friction modeL A single linear-elastic spring mechanical model is called 

a Hookean model, since its behaviour exactly follows Hooke's rule, whereas a single dashpot 

model is called the Newtonian modeL Describing cyclic time-dependent behaviour of non-linear 

materials only using single elements of a mechanical model is not normally reasonable. 

Utilizing a combination of the elements is usually recommended, even though this may lead to 

complex problems. Ref.K3 stated that as a result of laboratory tests, two important parameters 

should be considered during selection of the soil mechanical modeL These parameters are the 

stress level and the soil water content. Simple mechanical and mathematical model for soils will 

be described as follows. 

4.5.1 Elastic State 

If materials behave purely elastically, a Hookean model can be used to represent their 

stress-strain or load-displacement relationships. Soils will behave purely linearly elastically 

whenever the applied stress and strain is relatively small. The Hookean model is represented 

by single spring as shown in Fig. 4.30. The relationship between stress-strain or load

displacement is linear and independent of time as described by Hooke's rule. Stress (J and strain 

E or load P and displacement y has a linear relation, then 

u == E IE 
11 

(4. 18a) 
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P = k y 
(4. 18b) 

where Es is the elastic modulus and k is the spring stiffness. 

4.5.2 Viscous State 

If .the level of the water content is greater than the liquid limit W'm then the soils will 

perform as a viscous materiafO. The Newtonian model is used for this condition and is 

sometimes called viscous model, since to generate any stress or force the model may use the 

viscosity of the liquid material 'YI. Visualization of this mechanical model is generally 

represented by motion of a piston in a cylinder (dashpot) as shown in Fig. 4.31. In this model, 

the relationship between stress and strain is non linear, but is a linear function of the change 

of the displacement with respect to time. Its relationship may be written as, 

or 

4.5.3 Coulomb State 

p = 11 dy 
dt 

p 

dt 11 

(4.19a) 

(4. 19b) 

This model is shown in Fig. 4.32, in which the strain or displacement will occur if only 

if, 

(4.20) 

where Py is the yield force below which strain or displacement will not occur. 

4.5.4 Elasto-plastic State 

This model is composed of series of Hookean and Coulomb models to represent the 

elasto-plastic behaviour of materials. When the applied force or load is less than yield force Py , 
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the behaviour of this model is purely elastic. If the applied load is equal or greater than the 

yield load, purely plastic behaviour will occur. This model is shown in Fig. 4.33. The 

corresponding load-deformation relationships are therefore, 

(4.21. a) 

P = k y for y < y, 

(4.21.b) 

P = k Yy for Y ~ Y, 

where yy is the yield displacement. 

4.5,5 Viscoelastic State 

When the water content of soils is less than the plastic limit, the soils may be semi-solid 

or solid. An increase in the water content and stress may change the physical state of the soils 

from elastic to plastic or even to a liquid state. In terms of engineering materials, however, soil 

is not necessarily purely linear elastic or purely plastic. Hysteretic loops of the soils indicate 

that soils have viscosity. In engineering practice the soils can be assumed to be viscoelastic 

materialsL2,v2. 

4.5.5.1 Simple Composite Models 

As mentioned before, use of a single element cannot represent the actual stress

strain behaviour of soil materials. Combinations of single mechanical elements to form 

composite models may appropriate. Voigt-Kelvin and Maxwell are the simplest composite 

mechanical models. Both mathematical and mechanical models will be described in the 

following. 

4.5.5.1.1 Voigt-Kelvin Model 

This model is represented by a parallel combination of a single linear 

spring and a single dashpot and shown in Fig. 4.34. In this model, the principle of equal strain 
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'between two elements must be satisfied. Total stress or force in the model can be calculated 

from the summation of individual stresses or forces, therefore, 

P "'" k y + 'I] dy 
dt 

The solution of Eq. 4.22.b is, 

p _!., 
y:=.-!.(l-e 'I) 

k 

(4.22.a) 

(41.22.b) 

(4.23) 

The displacement y of Eq. 4.23 versus time t will indicate a creep 

phenomenon in the soils, where the strain or displacement increases rapidly with time as 

indicated in Fig. 4.34. The detail solution of Eq. 4.22.b can be seen in Appendix A.I. 

4.5.5.1.2 Maxwell Model 

The Maxwell model is series combination of a single-linear spring and 

a dashpot as represented in Fig. 4.35. The equality of the stress or force in the spring and 

dashpot is required. Total strain or displacement of the model is the summation of the 

individual strain contributions of the spring and the dasbpot, thus, 

or 

dy = !dP 
dt kat 

Eq. 4.25 may also be written in the form, 

(4.24) 

p 
+ - (4.25) 

'I] 
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dP +!p :=: k dy 
dt 11 dt (4.26) 

where y. is associated with spring displacement and yp refers to the displacement in the dashpot 

element. The solution of Eq. 4.26 is, 

(4.27) 

If Eq. 4.27 is plotted against time t, the shape of the curve is an 

exponential function as shown in Fig. 4.35, meaning that the stress or force will decrease 

rapidly when t is small. This is a relaxation phenomenon of the materials. Accordingly, the 

Maxwell model is used to describe the relaxation stress behaviour of materials. The detail 

solution of Eq. 4.26 can be found in Appendix A.2. 

4.5.5.2 Complex Composite Models 

To achieve a better approach in describing the cyclic behaviour of soils, the complex 

composite mechanical model is introduced. Various complex composite models have been 

developedA" C5,K3. Some of these more complex mathematical expressions are not always 

applicable in practice. Two complex composite models are described below. 

4.5.5.2.1 Standard Linear Model 

This model is composed by parallel single elastic spring and a Maxwell model 

as shown in Fig. 4.36. Again, the concept of equal strain between the two parallel elements 

must be satisfied. The generating stress or force initiated by this model can be computed by 

the summation of the forces from the individual parallel elements, therefore, 

(4.2S.a) 

(4.28.b) 
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(4.28.c) 

where PI and P2 are the stress or force contribution of the elastic spring of the Maxwell model 

with displacement YI and elastic spring of the Hookean model with displacement Y2' Note that 

YI = Y2 = y. The force contribution from the Maxwell element may be computed from the 

following relationship. 

(4.29.a) 

(4.29.b) 

(4.29.c) 

The subscript s1 and d1 in EqA.29.a indicate the spring and the damper for the 

Maxwell element. Substituting of Eq. 4.29.c to Eq. 4.28.a results in the total stress or force 

generated by the two parallel elements yields. 

(4.30) 

If one assumes the stress at any time Pt = Po = P is a constant value, the first 

derivative of dP/dt is equal to zero, and from Eq. 4.28.a leads to, 

where, 

(4.31) 

Substituting Eq. 4.31 into Eq. 4.30, and after rearrangement leads to, 

dy + (k2 1) Y = A P 
dt 

(4.32.3) 
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(4.32.b) 

The solution of Eq. 4.32.a is, 

(4.33) 

The detail solution of Eq. 4.32.a can be found in Appendix A.3. 

4.5.5.2.2 Burget' Model 

The Burger model consists of series of two simple composite mechanical 

models, a Voigt-Kelvin model and Maxwell model in series. This model is represented in Fig. 

3.37. Stress equality between the Maxwell and Voigt-Kelvin element must be satisfied. The 

total strain or displacement of the system is the summation of the strain contribution from each 

element. Thus, 

(4.34) 

Subscript K and M are indicate the Voigt-Kelvin model and Maxwell model 

respectively. If the stress or force at any time Pl = Po = P is constant, then the total strain of 

the system is the summation of the strain developed by the Voigt-Kelvin model from Eq. 4.23 

and strain contribution of the Maxwell model from Eq. A.2A, therefore 

[ 

kl 1 _ 1 t 1 1l1t 
Y - P - + - + -(1 - e ) 

k2 112 11 

(4.35) 

Eq. 4.35 may be able to describe the correlation between the strain and the 

constant stress as a function of time, with kl , kz, 111> 11z taken as constant values. Taking the 

first derivative of Eq. 4.34 gives, 



95 

(4.36) 

The first and second terms of the right hand of Eq. 4.36 have been defined in 

Eq. A.1.3 and Eq. 4.25 respectively. Substitution of these equation into Eq. 4.36 leads to, 

(4.37) 

After rearrangement Eq. 4.45 can be expressed as, 

(4.38.a) 

where, 

(4.38.b) 

Eq. 4.38 is similar to Eg. 4.26 thus the corresponding solution may be found 

in a similar way. All of the mathematical derivation can be found in Ref. TI. 

The soil rheological models have been used by researchers to describe the time 

dependent behaviour of soils. CHRISTENSEN & WU (1964) used the standard mechanical 

model as shown in Fig. 4.36 to simulate a soil under creep behaviour. Analytical and 

laboratory tests were carried out. A good agreement between the experimental and theoretical 

stress and strain have been achieved and followed by the evaluation of the spring stiffnesses 

and dashpot coefficients. KOMAMURA & HUANG (1974) proposed a new rheological model 

to simulate the creep behaviour in sliding soils. The mechanical model consists of the series 

of the Bingham and Voigt-Kelvin models. Laboratory creep tests have been carried out and 

followed by procedures to determine the parameters of the proposed mechanical model. 

PENDER (1983) proposed a new mechanical model to simulate the behaviour of the soil 
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beneath a foundation under earthquake excitation. The model consist of series of non-linear 

springs and the Voigt-Kelvin model. The use of a soil mechanical model in the soil-foundation 

response may depend on the soil state. For a shallow soil layer over a rigid boundary or an 

elastic half-space may require different soil-mechanical models. Unfortunately, the validity of 

this proposed mechanical model has not been shown from laboratory tests. 

4.6 SUMMARY AND CONCLUSIONS 

The dynamic properties of soils from laboratory tests has been reported for both 

cohesive and cohesionless soilsHJ ,H4,H5,H6,J(2,zz. Tests were conducted over wide range of soil 

shear strains. It was found that several parameters had significant effects to the soil shear 

modulus G. The most important parameters are the void ratio e, the confining stress 0"0 , the 

shear strain amplitude ')'SS and the plasticity index PI. Because the soil-foundation stiffness is 

a direct function of soil shear modulus ,),,,, an appropriate estimation of the soil shear modulus 

is essential. 

Research to estimate the soil shear strain induced by earthquakes has been carried out 

by analysisSl6 and back analysis using earthquakes ground motion dataMl3
,04,TB,T9. Empirical 

formulae for the maximum ground shear strain induced by earthquakes have been proposed, 

either as functions of the peak ground velocity and the shear wave velocity or as functions of 

the earthquake magnitude M and epicentral distance R. Results show that the approximate 

maximum soil shear strain ')' •• induced by several earthquakes varies in the range of O.5xlQ4 

to 3xlO-4. 

Meanwhile, to describe the cyclic behaviour of soils, several mechanical models have 

been proposedK3
,M6. Composite soil mechanical models can be relatively simple or complex. If 

a complex mechanical model is being used laboratory tests are needed to show whether the 

proposed mechanical model is in good agreement with the real behaviou~l. It is shown that 

parallel elements will model the relaxation stress, and a series elements will represent creep 

behaviour. The use of these models to describe the dynamic behaviour of soils beneath a 

foundation depend on the stress level and the soil conditions. 



Chapter V 

Substructure Modelling 

5.1 INTRODUCTION 

Depending on the site conditions, Ii building may rest on soft, intermediate, stiff, or 

very stiff soils. When the building foundations rests on and are bonded to very stiff soils, the 

absolute motion of the footings subject to earthquake excitation will follow closely the free field 

ground motion. The buildings can be assumed to be fixed at their bases. When stiff structures 

are supported by relatively soft soils, the conventional fixed based assumption cannot be 

expected to yield a satisfactory result, but for the case of a flexible frame, such an assumption 

may still be justifiedB4
• In the case of fixed base structures, the simple structural response 

analysis can be carried out by ignoring the effect of the soil flexibility. The motion from an 

earthquake is directly transmitted to the superstructure. Furthermore, the structure has no 

ability to radiate energy away into the soil base. 

When the supporting soil is not stiff, a difference in the displacements of the footing 

foundation and the free field ground motion will be observed. The soil flexibility will affect the 

response of the superstructure. The structural analysis must be carried out for the whole 

structural system leading to the called soil-structure interaction analysis. The motion initiated 

by an earthquake is not transmitted directly to the superstructure but passes though the soil

foundation system. The input energy is dissipated within the superstructure and in the soil

foundation system as well as being radiated back into the soil system. This last effect is often 

referred to as radiation damping. 

The effect of the interaction is to modify the structural stiffnesses as well as the 

effective damping and the response to the seismic ground motion. The stiffness and damping 

matrices of the governing differential equations of motion must include both the stiffness and 

damping of the soil-foundation interaction or substructure. 

The dynamic soil structure interaction is a complex systemJ7,Sl,W14. This is because of 

the complexity of the soils beneath the building foundation, the nature of earthquake ground 

97 
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motion and the superstructure behaviour. The complexity of the soils is not only because of its 

physical dynamic properties but also the local soil geometry and the interaction between the 

soils and the foundation. A major effort is required to solve the problems related to the 

SOilS
H1

•
H2

,SI. It is necessary to make major simplifying assumptions to get a clear substructure 

modelling, This substructure modelling is not only the physical modelling of the soil and 

foundation but also the mechanical and mathematical modelling of the soil-foundation 

interaction. 

5.2. SUBSTRUCTURE GENERAL ASSUMPTIONS 

Soil as an engineering material is generally formed by nature and the composition of 

a soil deposit is generally non-homogenous. This inhomogeneity of the soil deposit affects its 

physical properties such as soil density, water content, soil strength and its geometry such as 

position and the thickness of the layers. Examples of soil deposit profiles are shown in Figs. 

5.1 and 5.2. where the soil layers and the stiff boundaries have an irregular form. The soil 

layers may have variable thickness and may not be horizontal. 

In dynamic soil-foundation interaction, the analysis cannot easily cover all problems 

such as the local site conditions as shown in the figures. Simplifications and assumptions are 

made so that the soil-foundation interaction analysis be modelled appropriately. These 

simplifications and assumptions are described in the following sections. 

5.2.1 Soil Water Content and Water Table 

In nature, the soil water content We will vary with depth. The soil will be dry, semi 

saturated or saturated and the degree of saturation of the soil usually changes with the seasons. 

This variation will affect the physical properties of the soi\08 including the dynamic stiffness 

and damping coefficients of the soil-foundation interaction. Laboratory tests indicated that the 

peak soil shear modulus Gp, will be achieved at an optimum water content we,oPtGll
• The soil 

shear modulus G will decrease when the soil water content we is greater or less than this 

optimum water content we,opt. 

The presence of a water table may make the soil model appear to be a layered system. 

This is because soil below the water level will have different properties. For simplicity, the 
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presence of the water table is often ignored, and the water content is assumed to be same for 

the entire depth of the soil beneath the foundation. 

5.2.2 Isotropic Material 

As shown in Fig. 5.1 and Fig. 5.2 the physical properties of the soil are very irregular. 

The physical properties in a particular soil layer change with depth. The irregularity of the 

properties, either in a layer or in the entire depth of the soil profile may lead to a complex 

analysis problem. For simplicity, the soil is often assumed to be an homogeneous material, 

either within a soil layer or over the entire depth of the soil profile. If the assumption of 

homogeny material is accepted, the propelties of the soil are often assumed to be independent 

of direction, i.e isotropic materialss21
• 

5.2.3 Backfill, Soil Added and Foundation Mass Effect 

During foundation construction, the excavated space is not usually totally replaced by 

the footing foundation, but soil is backfilled as shown in Fig. 5.3. Moreover, the footing 

foundation is often not fully embedded but rather paltially embedded as shown in Fig. 5.4. The 

soil backfill may be on both sides or above part of the footing foundation. The physical 

properties of the soil backfill may be different from that of the original soil. The effects of the 

soil backfill on the soil-foundation static stiffness have been reported by JOHNSON & 

EPSTEIN (1977). The static stiffnesses decrease as the shear modulus of the soil backfill 

decreases and as the width of the soil backfill increases. 

As discussed in previous chapters, most research has ignored the effects of the backfill 

on both the dynamic stiffnesses and damping coefficients of fully embedded foundations. In the 

case of a partially embedded foundation as described in Section 7.5, the effects of side and 

upper soil backfill on the foundation response was also ignored. 

During foundation vibration, the soil mass above and below of the footing foundation 

will vibrate in harmony with the footingP19
• The soil shear cone modelling as introduced by 

Ref.M5 indicates a similar phenomenon. The footing foundation also has its own mass. This 

footing and soil added mass can be taken into account during the analysis of soil-foundation 

response. As repOlted by Ref.W4, this added mass will depend on the Poisson's ratio of the 

soil and the mode of vibration. However, as discussed in Section 7.7 the effects of these 
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masses were small. This is because the mass to stiffness ratio as written in Eq. 7.105 is 

usually very small. As discussed earlier, these effects are usually ignored. 

5,2,4 Footing Foundation Flexibility 

In the theory of an elastic half-space the stress distribution beneath of the footing was 

assumed to be equally distributed over the entire width of the footing. The stress distribution 

may be parabolic, unifol'm or an inverted parabola for flexible, intermediate or rigid footing 

respectively. Ref.R2 and R5 reported that the change in the stress distribution beneath the 

footing foundation will affect the response of the soil-foundation system. 

As discussed in the Chapter VII, the footing foundations were assumed to be rigid 

bodies. This assumption leads to a simple soil-foundation response analysis. In a rigid footing 

under vertical or horizontal dynamic force, the displacement will be the same over the entire 

width of the footing. Under a rocking oscillation the vertical displacement will depend linearly 

on the distance from the centre of rotation of the footing. 

5.2.5 Coupling Between Rocking and Horizontal Vibration Modes 

When the centre of the rotation coincides with the centre of mass, coupling between 

rocking and horizontal modes will not develop. However, this case is rare and means that 

rocking motions will develop a coupling between the rocking and horizontal displacements. The 

degree of the coupling depends on the eccentricity between the centre of rotation and lhe centre 

of mass. The coupling stiffnesses and damping coefficients of a fully embedded foundation is 

represented by Eq. 7.43 or Eq. 7.48. 

In the case of partially embedded foundation as described in Section 7.5, the coupling 

between rocking and horizontal modes was neglected. Taking into account the effect of this 

coupling will lead to a more complex form of the governing differential equations of motion. 

The coupling effect is not considered herein. 

5.2.6 Coupling Effect Between Adjacent Footings 

Multi-storey buildings in a city are generally built very close to each other. The footing 

foundations in a building or the footing foundations of two adjacent buildings may be close to 
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each other. The dynamic effects of these adjacent footings is sometimes called the cross

interaction effect. Due to this interaction, both the soil-foundation stiffnesses and damping 

coefficients may be different from those of an isolated footing. The effects of this interaction 

among adjacent footings should not be ignored in seismic designKlO. Two adjacent footings with 

a distance's' apart are shown in Fig. 5.5. 

Several studies on the behaviour of an adjacent footings have been reported. STUART 

(1962) reported the theoretical and experimental bearing capacity of adjacent strip footings on 

sand. The nearly static loading was applied on both smooth and rough surface footings. The 

types of surface failure and the comparison between tests and analytical results are shown in 

Fig. 5.6 and Fig. 5.7 respectively. ~yq is the bearing capacity ratio between the interfering and 

isolated footing. In general, good agreement was obtained between the bearing capacity from 

the laboratory tests and the theoretical results. When the distance between two footings's' is 

less than four times the footing width (4 B), the bearing capacity ratio increases significantly. 

Similar results were also reported in Ref.W16. 

Cross-interaction effects between two adjacent footing foundations was also reported 

by KOBORI et al.(1979). Both theoretical and laboratory tests were carried out on relatively 

close (s = 2 to 4 B) adjacent square surface footings. Steady state harmonic loads were applied 

on one footing called the active footing while the other footing was called the passive footing. 

The velocity amplitudes were plotted over a wide range of frequency excitations. This study 

concluded that the cross-interaction effects of adjacent footings were considerable over a wide 

frequency range as the separation becomes small. The consideration of the cross-interaction 

among adjacent footings would be important in a seismic design of structures in large city. 

KAWAKAMI & TASAKI (1988) repOlted the analysis of c ross- interaction between 

two surface circular footings by using the boundary element method (BEM). Three types of 

incident waves SV, SH and P wave were considered which correspond to parallel, transverse 

and vertical excitations respectively. To reduce the complexity of the problem, the foundation 

was assumed to be supported on an elastic half space and the coupling between rocking and 

horizontal modes was not considered. The amplitude of the foundation motion normalized by 

the amplitude of the applied incident waves was plotted against the dimensionless frequency. 

Results of this analysis indicated that the normalized amplitudes were dependent on excitation 

frequency> foundation separation, mass of the foundation and the type of vibration mode. The 

closer the two adjacent foundations, the greater the cross-interaction between them. 
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Dynamic interaction between adjacent foundations was also reported by ROESSET & 

T ASSOULAS (1987). Rectangular surface and fully embedded foundations were analyzed using 

finite element methods. Five vibration modes respectively, vertical, horizontal, rocking, 

torsional and coupling between the rocking and horizontal modes were considered. The analysis 

parameters were foundation separation, embedment effect and foundation arrangements and 

foundation mass. When the frequency excitation was less than the fundamental frequency of 

the soil stratum, the displacement response increased as the footing foundation separation 

decreased. A substantial coupling between the horizontal and vertical and between rocking and 

torsion modes was found that would not occur for a single foundation. The foundation 

embedment emphasized the effect of the foundation mass, especially for a side-by-side 

foundation arrangement. It was also found that coupling between rocking and horizontal 

excitations becomes more significant with both embedment and the presence of an adjacent 

footing. 

The coupling between two adjacent footing foundations as discussed above was limited 

only in its effects such as footing displacements or rotations. Substantial coupling between 

horizontal and vertical displacement and coupling between rocking and torsion modes lead to 

complex problems. The effects of dynamic interaction between two adjacent identical 

buildingAl2 or buildings with different numbers of storiesF3 yields a more complex problem. 

The dynamic stiffnesses and damping coefficients incorporating the effect of adjacent fully or 

partially embedded footings are not available. The coupling effects due to an adjacent footing 

is therefore not considered in this study. 

5.3 SOIL MODELLING 

5.3.1 Mu1tiple~layers Over an Elastic Half-Space 

For simplification during an analyses, the soH layers as depicted in Fig. 5.1 and the 

rigid boundary can be assumed to be a layered soil as in Fig. 5.9. Each layer i can be 

characterised by the thickness Hi> shear wave velocity Vsj • soil shear modulus G j , Poisson's 

Ration Pi and soil density Pi' 

Under static or dynamic loading acting on the footing foundation, the stress in the soil 

spreads out in a radial three dimensional direction which is usually referred to as the effective 
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depth of influenceS19
• This effective depth of influence depends mainly upon the. radius of the 

footing. PENDER (1983) reported that the zone of soil involved in nonlinear strains is 

approximately one footing diameter deep. SRIDARAN & GANDHI (1990) stated that the zone 

of soil with negligible soil stress is apPfoximately a depth of three times the width of the 

footing. The effective depth of influence of the footing under static loading presented by 

HAJIAN & ELLISON (1985) is shown in Fig. 5.9. Properties of the first layer will be 

important for both footing A and B. However, layers 2, 3 and 4 can significantly affect the 

impedance functions for foundation B only. Layer 5, would not have any effects on either 

foundation. Fig. 5.10 shows the stress distribution in the soil from which the effective depth 

is approximately up to 2 ro for horizontal and rocking and more than 3 fo for vertical 

displacement modes. If the footing foundation rests on a layered soil such as foundation B in 

Fig. 5.9, the impedance functions of the foundation are very complicatecfIl7
•
L8

,L9. 

5.3.2 Layers Over a Rigid Boundary 

The number of soil layers may be as shown in Fig. 5.9, two layers as shown in Fig. 

5.5 Of even a single layer over a horizontal rigid boundary as shown in Fig. 5.8. The numbers 

and physical properties of the soil layers will affect the impedance functions of the footing 

foundation. 

GAZETAS (1983) presented appfoximate formulae for static stiffnesses and impedance 

functions of a circular surface foundation on a single layer over a horizontal rigid boundary as 

shown in Fig. 5.8. The static stiffnesses are linear functions of the footing radius fo and an 

inverse function of the layer thickness. The stiffnesses increase as the layer thickness decreases 

because the soil system becomes stiffer. In contrast, the damping coefficients are inverse 

functions of the static stiffness. The damping coefficients are much smaller than in the case of 

an elastic half-space soil model, particularly at low excitation frequencies. The static stiffnesses 

and the impedance functions of a strip foundation show similar results. Thus, foundation and 

soil models greatly affect the foundation impedance. 

5.3.3 Layer over Elastic Half-Space 

Soil layering conditions naturally vary from site to site. A soil layer over an elastic 

half-space model was discussed by LUCO (1974). The footing foundation was assumed to be 
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Fig, 5.9 Idealized Stress Distribution for a Layered Soils (Hll) 
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a massless rigid circular disk resting on the surface. The soil-foundation model is shown in Fig. 

5.11. The solution of the equations of motion in cylindrical coordinates finally leads to the 

force-displacement relationships. Plots of the stiffness and damping coefficients k's and c's 

versus dimensionless frequency ~ for V./V.z = 004, p/pz = 0.85, VI = 0.30, Vz = 0.25 are 

shown in Fig. 5.12 and Fig. 5.13 respectively. In comparison with Eq. 7.34 and Eq. 7.35 or 

Fig. 7.6, 7.7 and Fig. 7.8, these stiffness and damping coefficients are more complicated. 

HADJIAN & LUCO (1979) also discussed a layer over an elastic half-space soil model. 

To simplify the problem, a rigid circular surface foundation was considered. The elastic half

space and the soil layer were assumed to have a material damping of 3 % and 5 % of critical 

damping respectively. The resulting stiffness and damping coefficients were similar to those 

of Fig. 5.12 and Fig. 5.13 respectively. The effects of the layered system were; first, the 

vertical and rocking vibration modes were the most and the least sensitive modes of the layered 

system; second, the effect of the layered system would increase with increasing difference 

between Vsl and V.z; third, the effect of the layered system decreases as the layer thickness 

increases and fourth, if the layer thickness is more than 4.5 times the footing radius ro' an 

approximate elastic half-space could be used to replace the layered system. 

GAZETAS (1983) also presented the response of a layer over a half space soil modeL 

The approximate formulae for static stiffnesses based on the results provided by HADJIAN & 

LUCO (1979) were presented. The corresponding dynamic stiffness k's and damping 

coefficients c's can be found in Ref. H17. 

S.3.4 Elastic Half-Space Soil Model 

Several researchers have presented the dynamic response of a surface foundation 

supported by a layer over a half-space soil model for circular foundationsH17.L8.L9 or rectangular 

foundations W9,W22. These analyses cannot be generalized because of the number of parameters 

that affect the soil-foundation response. These include the number, thickness and soil-properties 

of the layers, footing shape and footing size relative to the layer thickness. As discussed in the 

Chapter vn the effects of embedment of the foundation impedance should not be neglected. 

The foundation impedance of an arbitrary shaped and partially embedded foundation has been 

developed only for the foundation resting on an elastic half-space. The analysis of the layered 
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soil system becomes more complex when the effects of the foundation embedment is taken into 

account. Because of this complexity> the impedance coefficients of an arbitrary shaped and 

partially embedded footing foundation resting on a layered soil-system have not yet been 

developed. 

To simplify the effects of a layered soil system on the foundation response, two 

alternative approaches, namely an equivalent soil elastic modulus Ee<jSI9.HIl, and an equivalent 

soil foundation stiffness K"qJ2,J3,J4,J5 were introduced. In the first approach, the elastic soil 

modulus of the layered system as shown in Fig. 5.9 or Fig. 5.14 is transformed to an 

equivalent single elastic modulus Ee<).' The soil model is equivalent to an homogenous elastic 

half-space as illustrated in Fig. 5.15. The soil-foundation impedance is based on this equivalent 

soil elastic modulus. In the second approach, the soil-foundation static stiffness for a Jayered 

system is transformed into an equivalent elastic half space soil-foundation static stiffness Keq 

by using an approximate formulae. This approach is limited to the calculation of an equivalent 

static stiffness. The equivalent damping coefficients and the impedance coefficients are not 

available. 

The impedance of an arbitrary shaped and partially embedded foundation resting on a 

layered soil model can be developed when the elastic properties in this layered system shown 

in Fig. 5.14 are transformed to an equivalent soil elastic properties Eeq as shown in Fig. 5.15. 

Therefore, the soil beneath an embedded footing foundation can be modelled as an equivalent 

homogeneous elastic half space. 

5.3.5 Fictitious Layer Over Elastic HaIf-Space 

In Fig. 5.10 it is shown that even under static loading large soil stress distributions 

occur immediately beneath a footing foundation and these stresses diminish with depth. The 

depth where the higher stress occurs depends on the mode of vibration. Similar soil stress 

distributions are discussed in Ref.S19. 

PENDER (1983) reported that the zone of soil immediately beneath the footing 

foundation will deform non-linearly as a fictitious layer, while the soil further away will deform 

elastically as an elastic half-space. Non-linearity of this dynamic soil response corresponds to 

the higher soil shear strain 'Y •• when compared with the smaller soil shear strain associated with 
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the elastic deformation. Thus, there are two zones of soil which exhibit different soil shear 

strains. This fictitious layer over the half-space is shown in Fig, 5.20. 

5.4 FOUNDATION FOOTING MODELLING 

5.4.1 Modelling of Footing Shape 

The modelling of shape of the footing foundation basically follows the development of 

the footing foundation response analyses. In the early applications of the elastic half-space only 

a simple shape of footing foundation could be used, but recently more complex modelling of 

the footing shape has been employed. 

5.4.1.1 Circular Foundation Footing 

Historically, the soil-foundation vertical stiffness constant as expressed in Eq. 

7.15 was derived from the theory of elasticity based on Boussinesq's stress distribution 

assumptionsRS. These assumptions was based on the mathematical theory of elasticity for the 

simple case of a vertical point load acting on the elastic half-space soil model. Among the 

assumptions are that the load-deformation relationship obeys Hooke's rule and the stress 

distribution in the soil will be distributed symmetrically with respect to the vertical axis. The 

equilibrium of forces acting on an element soil a distance of r from the vertical axis and depth 

z from the ground surface subjected to a.vertical loading leads to a set of differential equations 

of equilibrium. These equations are generally more conveniently expressed in cylindrical 

coordinates. Ref.L8 and L9 also used a circular footing for deriving the impedance functions 

for a layer over an elastic half-space soil model. The circular footing is the simplest footing 

shape. 

5.4.1.2 Rectangular Foundation Footing 

Most foundation footings are not circular but rectangular in shape. One 

approach is to use an equivalent circular shape. This approach is used because of the difficulty 

of finding the analytical solution for other shapes. However, results of experimental 

investigations of rectangular foundations show that the use of this approach on the foundations 

where the length to width aspect ratio LIB > 3 is not necessarily correctG1 , There are fewer 
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results available for rectangular footing than for circular foundation shapes. WONG & LUCO 

(1978) presented the impedance function of a rectangular surface foundation using a mixed 

boundary value problem. Evaluation of the surface displacement vector by applying boundary 

conditions and prescribing the surface stress components leads to a system of linear integral 

equations. Due to a lack ofaxisymmetry, the solution of these integral equations may be 

achieved by an approximate numerical method where the soil-foundation contact is divided into 

a numbers of sub-regions. Assuming uniform contact stresses in each region are prescribed, 

the force-displacement relationship for the footing foundation can be computed. 

5.4.1.3 Arbitrary Shape Foundation Footing 

The foundation footings can also be modelled as an arbitrary 

shapeD3,D4,F4,Gl.Gl,H7,W2.1. It is not convenient to use analytical solutions to develop the soil

foundation impedance because the soil-foundation contact surface cannot be generalized to the 

regular coordinate systems. The approximate numerical solutions are generally used either as 

a mixed boundary problem as described above or by using finite element or boundary element 

methodsG2,H? ,P8. 

5.4.2 Modelling of Footing Vertical Embedment 

5.4.2.1 Surface Foundation: As for the modelling of foundation shapes, the 

embedment modelling ofthe foundation footing follows the development ofthe analyses of soil

foundation interaction. In early applications of the theory of an elastic half-space the footing 

foundation was assumed to rest on the ground surface. 

5.4.2.2 Fully Embedded Foundation: Knowing the type of continuum and using 

the [mite element formulationG5
, a fully embedded foundation model was developed. The 

embedded foundation transmits load to the stiffer soil than does the surface foundation. 

However, in the soil foundation interaction, there is no guidance at what depth the soil shear 

modulus G should be calculated. The variation of soil stiffness with depth for cohesive soils 

in tenns of the soil shear modulus can be calculated by approximate formulaeGl2
, 

(5.1) 

or more generally, 
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( 1 + a~ )"I'i 
lJ 

(5.2) 

where Gz and Go are soil shear modulus at depth z and at the ground surface respectively, B 

is one-half of the foundation width, a is a parameter dependent on the soil condition and the 

exponent m is a coefficient. 

5.4.2.3 Partially Embedded Foundation: This foundation model was introduced 

because the footing thickness is not necessarily the same as the depth of embedment and part 

of the footing sidewalls might not be perfectly bonded to the soil backfill. It was found that the 

effect of the degree of the embedment on the soil-foundation static stiffnesses was very 

significant for rocking and torsion modes, substantial for the horizontal mode and only 

secondary for the vertical vibration modeGS. The trench and side wall aspectsG21 affect the 

settlement of the partiai1y embedded foundation footing as shown in Figs 5.16 and 18 

respectively. Figs. 5.17 and 5.19 correspond to the trench and side-wall settlement reduction 

factors versus footing shape-dependent. Effect of these aspects on the soil-foundation 

impedances will be discussed in Section 7.5. 

5.5 THE SOIL-FOUNDATION MODEL USED IN TillS STUDY 

As discussed in Section 5.3 the soil underlying the footing foundation can be modelled 

as multiple-layers over an elastic half-space, a single layer over a rigid boundary, a layer over 

an elastic half-space, an elastic half-space or a fictitious layer over an elastic half-space. Using 

multiple-layers over an elastic half-space soil-model seems to be the most comprehensive 

model. Unfortunately, the soil-foundation impedance of this soil-model is available only for a 

surface foundation. In Section 5.3.4 techniques to treat the multi-layered soil model as an 

equivalent elastic half-space soil-model are discussed. For simplicity, the soil beneath the 

foundation in this study will be assumed to be an equivalent elastic half-space. 

Most building footings are square or rectangular and are partially embedded 

foundations. The soil-foundation impedance for this foundation model resting on an elastic half

space will be discussed in Section 7.5. During dynamic loading the soil immediately below the 

footing foundation will undergo higher shear strains than does the soil remote from the footing 

baseP19 • This condition leads to a fictitious two soil layered system with an upper and lower 

layer. The soil shear modulus G in the upper layer may degrade because of the higher soil 
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shear strains occurring in this layer. The lower layer can be assumed to possess its initial shear 

modulus Gmllx> because the soil shear strain is relatively small. This soil-foundation model will 

lead to a rectangular partially embedded foundation resting on a fictitious layer over an elastic 

half-space as shown in Fig. 5.20. For the comparison, the soil-layer over a rigid boundary as 

shown in Fig. 5.8 and the Winkler soil-foundation model is also considered. 

5.6 THE SOIL-FOUNDATION MECHANICAL MODEL 

As presented in Section 4.5, at least two important parameters should be considered 

during the selection of soil mechanical model, the soil stress level and the soil water content. 

For the simplified analysis of soil-foundation interaction discussed in Section 5.2.1 the soil 

water table does not lie in the soil under consideration, so only a single soil water content was 

considered. In Chapter VII, the soil-foundation impedance is assumed to be independent of the 

soil water content. The soil mechanical model, therefore can be selected by considering only 

the stress level in the soil model under consideration. 

The higher soil stress that occurs in the soil immediately beneath the footing foundation 

as shown in Fig. 5.10 is associated with the higher soil shear strain 'Y •• exhibited in that soil 

layer. The degrading normalized soil shear modulus G/G max with soil shear strain 'Y .. for a 

typical Auckland, New Zealand, clay soil was presented in Fig. 4.13. Under dynamic loading 

such as in earthquakes, the soil shear modulus will degrade and the soil material damping will 

increase with an increase in the level of soil shear strain. The classical question is, how high 

are the soil shear strains induced by earthquake excitations? If an approximate maximum soil 

shear strain 'Y.s of Eq. 4.17 is adopted, the likely approximate maximum soil shear strains 

induced by a particular earthquake can be computed from Table 4.5. From the approximate soil 

shear strain, the approximate soil shear modulus G can be estimated. 

As shown in Table 4.5 the approximate maximum value of soil shear strain 'Y •• varies 

from 0.46x1(J4 to 2.82xlO-4. As discussed in Section 4.3 and illustrated in Fig. 4.23 the level 

of soil shear strain indicates what method should be used during the analysis of soil-structure 

interaction. When the soil shear strain is in the range of 10-4 to 10'2, the use of an equivalent 

linear method is justified. An equivalent linear or apparent shear modulus G1 as suggested by 

Ref.G12, P19 and P20 is used in this study. As discussed in Section 4.3 and as illustrated in 

Fig. 4.28 and Fig. 4.29, the threshold soil shear strain for clay soil is around 10'), greater than 
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the soil strains in Table 4.5. As a consequence, the effect of the number of cycles of loading 

on the degrading soil shear modulus can be ignored and the reduction of soil confining pressure 

(Jo during cyclic loading would not be significant. 

In this study the frequency independent response analysis was used where the response 

analysis considers only a particular value of excitation frequency. By considering the use of the 

soil model as described in Section 5.5, the proposed soil-foundation mechanical model is shown 

in Fig. 5.21. The mechanical model consists of a series of two Voigt-Kelvin models. The upper 

Voigt-Kelvin model is associated with the behaviour of the fictitious upper layer, and the lower 

Voigt-Kelvin model refers to the behaviour of the lower soil-layer. This model is the 

simplification of the soil-foundation model as presented by PENDER (1983). As shown, Pi is 

associated with the applied load corresponding to the ilh displacement mode. The terms K J and 

~ are the upper and lower soil-foundation stiffnesses associated with the apparent shear 

modulus GJ and the maximum soil shear modulus Go = Gmax. respectively. C1 and Co are the 

damping coefficients for the upper and lower layers respectively. In this case, the damping 

coefficients include the radiation damping and material damping ofthe corresponding soil layer. 

The effects of soil material damping on the soil-foundation stiffness and damping coefficients 

will be discussed in Section 7.6. 

5.7 MATHEMATICAL REPRESENTATION OF SOIL-FOUNDATION MODEL 

The soil models shown in Fig. 5.20 and Fig. 5.21 are not yet mathematically tractable 

for practical use in soil-foundation interaction analyses. Analyses of soil-building interaction 

using lumped parameter models need soil-foundation impedances. These soil-foundation 

impedances can be computed by transforming the proposed soil-mechanical model shown in 

Fig. 5.21 to those shown in Fig. 5.22 or Fig. 5.23. Terms K., and Ce in Fig. 5.23 are the 

equivalent soil-foundation stiffness and damping coefficients respectively. 

To be able to transform to the equivalent soil-mechanical model, the equilibrium 

between series of two Voigt-Kelvin models as shown in Fig. 5.21 must be satisfied. This leads 

to, 

dYl 
Pi = P = Kl Yi + C1-

dt 
(S.3a) 
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(S.3b) 

where K1, 1(." C1, Co are the stiffness and damping coefficients for the upper and lower layers 

respectively and Yt. Yo are the displacements of the upper and lower layers respectively. 

Taking the first derivative of the displacements of both Voigt-Kelvin models in terms 

of the element displacements with respect to time yields, 

1 liP (S.4a) 

1 dP (S.4b) 

The total displacement of the system is the summation of the displacements of each 

element yields, 

Y = Yl + Yo 

fly = dYl 
dt dt 

(S.Sa) 

(S.Sb) 

Substituting Eq.5.4.a and 5.4.b in Eg.5.5.b and after rearrangement in terms of the 

global displacement y leads to, 

dP Xl Ko dY-I- Ko + Co Xl (}/-y 

Xl + Xo &1 dt Xl -I- Xo dt 

Integrating Eg. 5.6 yields, 

P=K y+C dy 
61J 6g dt 

(5.6) 

(5.7) 

where Keq and Ceq are the equivalent stiffness and damping coefficients of the system as shown 

in Fig. 5.23 from which, 
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(5,8a) 

C~q (5.8b) 

The series of Voigt-Kelvin mechanical models of the foundation system as shown in 

Fig. 5.21 then can be transformed to the single equivalent Voigt-Kelvin model as shown in Fig. 

5.23. Eqs. 5.8.a and 5.8.b show the mathematical expression of the equivalent single Voigt

Kelvin modeL Given K" Ko, C, and Co, the equivalent soil-foundation impedance then can be 

computed. 

5.8 MODELLING OF SOIL-FOUNDATION DAMPING 

5.8.1 Modelling of Soil Material Damping 

Soil material damping can be modelled as either hysteretic or viscous damping. The 

choice will be determined by the dependency of the cyclic soil damping on the loading 

frequency. If the soil cyclic damping is frequency dependent the use of the viscous model is 

justifiedc8.P19. If the soil cyclic damping is frequency independent the hysteretic model is 

suggested. 

PENDER (1983) stated that the energy dissipated per cycle in the soil is independent 

of the loading frequency. HARDIN & DRNEVICH (1972) reported that the damping ratio of 

dry cohesionless soils were almost unaffected by loading frequency, but were slightly affected 

in the case of the cohesive soils as shown in Fig.5.24. Fig. 5.25 shows that at a shear strain 

'Y" :::::: 0.01 % the cyclic behaviour of volcanic ash soil with plasticity index PI = 25 % is 

nearly elasticP2°. Accordingly, the material damping of the soil can be modelled as a viscous 

damping. 

5.8.2 Modelling of Soil-Foundation Radiation Damping 

The radiation damping generated by the soil-foundation system has been discussed in 

the proceeding chapter. It was clear that this damping is strongly frequency dependent and is 

represented by terms of dynamic stiffness damping coefficients k's and c's respectively. These 
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coefficients are dependent on the dimensionless frequency a., in which is dependent on the 

loading frequency. 

The soil-foundation radiation damping is modelled as viscous damping by all 

researchers. Since this damping is radiated to infinityl'19, the damping phenomenon is 

represented in the proposed soil-foundation mechanical model as illustrated in Fig. 5.21. The 

difference between C1 and Cfj in this figure is because of the different contributions of the 

material damping in the upper and lower layers. The contribution of the soil material damping 

on the soil-foundation stiffness and the damping coefficients given by Eq. 7.98 and Eq. 7.99 

is adopted. 

5.9 SUBSTRUCTURE PARAMETER QUANTITIES USED IN THIS STUDY 

The substructure parameters can be categorized in three groups, the soil properties, the 

physical dimensions of the footing foundation and the formulae used in the design of the 

foundations. Obtaining the representative values for the critical soil properties is the most 

difficult task in the substructure des ignRS , requiring support by intensive laboratory or field 

testing. In general, the soil may not be purely cohesive or purely cohesionless but possesses 

both an angle of internal friction cb and cohesion c. This type is usually called a c-cb soil and 

is assumed in this study. 

The Poisson's Ratio of the soil is one of the important parameters as the stiffness is 

directly affected by this parameter. The Poisson's Ratio of the soil" = 0.38 was used in this 

study. This value is associated with partly saturated c-cb soils. Another soil parameter is the 

angle of internal friction cb. For a c-cb soil, this parameter is affected by the value of the soil 

plasticity index PI. Ref.Mll shows that for PI = 20 % - 30 %, the angle of internal friction 

cb varies in the range of 19o to 36°. Plots of the angle of internal friction 4> against the soil 

plasticity index PI was presented by Ref.B3 and Ref.Bg. From these graphs and for the 

Auckland clay soilPW with the plasticity index of PI ;::: 20 - 30 %, the angle of internal friction 

cb = 22° was selected. 

There is no clear guidance on how to choose the soil cohesion c. The soil cohesion may 

as low as 0.20 kg/ cm2 and as high as 1.14 kg/cmz J3. A relatively high value of soil cohesion 

c = 0.7 kg/crrr was taken in these analyses. A similar difficulty was also found during the 
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choice of soil density 'YIIV with depends on the type of soil and the water content. Data from 

Ref.E5 indicated that the soil density varies from 1350 kg/m3 to 1740 kg/m] and 1815 kg/m3 

to 2050 kg/m3 for dry and wet soils respectively. The soil density 'Ysv = 1800 kg/mJ was taken 

in these analyses. The frequency excitation w = 15.71 rad/sec is used. 

The static safety factor SF for the foundation covers the uncertainties of the structural 

simplifications in the structuralmooelling. the loading, the analysis, the construction and the 

maintenance. Foundation design has a greater degree of uncertainty than in man-made materials 

such as steel or concrete. Ref.B3 states that the factor of safety for cohesive soil is considerably 

higher than that for cohesionless soil because the former is more state dependent. Ref.M19 

suggests that for building foundations the safety factor SF """ 2 - 3 may be used for normal 

static service load conditions. The static safety factor SF = 3 was used in this study. 

The footing foundations of the structures under consideration were assumed to have 

rectangular shapes with a length-width ratio less than 1.75. The ultimate bearing capacity of 

the soil beneath of the foundation was calculated using Terzaghi's equation as presented in 

Ref. WS. The size of the foundation was adjusted so that under the applied vertical load the 

static safety factor SF = 3 was maintained. 

The soil shear wave velocity V. was calculated by Eqs. 4.9 and 4.10 and by the 

approximate formula of Eq. 4. 13. The maximum soil shear modulus GmllX was calculated by 

using Eq. 4.2 and the approximate formula presented by Ref.B. The soil confining pressure 

(Jo of the normally consolidated soil was calculated by the method presented in Ref.P23, where 

the coefficient earth-pressure at rest Ka was calculated fromD9.Mll, 

(5.9) 

The use of some of the formulae for the soil shear wave velocity V. and the maximum 

soil shear modulus GUlIlX was to cross-check the computed values for a given soil void ratio e 

and an approximate N-SPT blow number. The soil void ratio e for the 12 and 18-storey 

foundations varied between 0.7 to 1.2 which is within the range of the validity for the 

corresponding formula discussed in Section 4.2.1.2. 

In the upper layer, the soil material damping of 1 % and 10 % are corresponding to 

the maximum of shear modulus G = Gmax and G = 0.50 Gmax respectively. Ko and Co were 
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computed from Gmax and the damping coefficient at small shear strain. Kj and C1 were 

computed for any value of shear modulus and damping coefficient as a function of the shear 

strain. The equivalent stiffness and damping coefficient ~ and Ceq were computed using Eq. 

5.8. 

5.10 SlJMl\iIARY AND CONCLUSIONS 

The soil-building interaction becomes significant when the superstructure is relatively 

stiff while the supporting soil is relatively soft and when these conditions are met the effects 

cannot be ignored. 

Unfortunately, the soil usually has a very complex geometry and properties. This 

complexity ofthe soil-foundation interaction may also arise from both the foundation shape and 

the degree of the embedment. Accordingly, some simplifications and assumption have been 

made including the soil water content, effects of the soil backfill, coupling between vibration 

modes, footing flexibility and coupling between adjacent footing. 

Among the possible soil models, the fictitious layer over an elastic half-space was the 

main soil model used for this study. The foundation selected is a rectangular partially embedded 

foundation model. The complete soil-foundation model, therefore, is a rectangular partially 

embedded foundation resting on fictitious layer over an elastic half-space. The soil layer over 

horizontal rigid boundary and the Winkler soil model were used for a comparison with the 

principle soil-model. 

The proposed soil mechanical model consists of a series of two Voigt-Kelvin models 

representing the fictitious upper layer and the lower half-space respectively. The mathematical 

expressions for this series is conveniently transformed to a single equivalent Voigt-Kelvin 

model with equivalent spring stiffness ~ and damping coefficient Ceo The material damping 

of the soil and the radiation damping of the soil-foundation system are modelled as a viscous 

damping model. 

The soil parameters included the angle of internal friction ¢, the cohesion c, Poisson's 

Ratio P, the soil density "tsv, the static safety factor SF and the coefficient of earth-pressure at 

rest Ko were based on the appropriate data from many references. 



Chapter VI 

Superstructure Modelling 

6.1 INTRODUCTION 

As described in Chapter III, the earlier steps in the building design will be emphasized 

in the building configuration especially if the building is in a seismic area. Among the 

impOltant parameters in the building configuration are the selection and location of the lateral

load resisting systems. It is desirable that both moment resisting frames and the combination 

of structural frames and walls (frame-walls) are used as the horizontal force resisting systems 

in the building prototypes. SCHUELLER (1977) and ARNOLD & REITHERMAN (1982) 

briefly discuss building configurations for seismic areas. 

If the combination of two different horizontal load resisting systems such as cantilever 

walls and frames is utilized, it is necessary to clarify both the individual and combined 

behaviour of these systems. The problems arising from inelastic analysis is more complex than 

for elastic analysesM2°, and the identification of these problems is important. 

6.2 IDENTIFICATION OF PROBLEMS IN INELASTIC STRUCTURAL ANALYSES 

Assuming that the floor diaphragms are rigid in their planes, the lateral displacements 

of the frames is a storey shear mode, implying that the floors virtually remain horizontal while 

the beam column joints can rotattf6. The typical deflected shape of a frame structure is shown 

in Fig. 6.2. In contrast the cantilever wall deflected shaped is much more influenced by a 

flexural deformation as shown in Fig. 6.3. Therefore frames and cantilever wall structures have 

different deformation characteristics. 

If these individual deformation characteristics are linked together as a hybrid frame-wall 

structure, the interaction between the two different horizontal deformations cannot be avoided. 

The defected shape is shown in Fig. 6.5. Redistribution of the lateral load occurs, often with 

large interactive forces at top and bottom levels of the structure as shown in Fig. 6.6. The final 
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deformation shape of the overall structure, generally depends on the ratio of stiffness between 

the two components. The interaction between the frames and structural walls leads to complex 

analytical problemsRB
• 

Building codes generally prescribe design static lateral loads which are considerably 

smaller than those determined from elastic dynamic analyses. Under earthquake excitation, the 

response of building structures is often assumed to be inelastic rather than elastic. The 

structures will survive provided the individual members are ductile enough to sustain the 

deformations without premature failure. Intensive research on the inelastic behaviour of sub

assemblages of concrete members have been carried out over the past few decades. 

In the inelastic analysis of building structures, several fundamental problems need to 

be identifiedM20,M2S.M26. These problems include modelling of inelastic behaviour ofthe concrete 

members, yield capacity reduction, p-delta effects, damping of the structural systems, rigid 

zones at the joints and plastic hinge lengths, selection of critical ground motions, damage 

parameters and damage indices. The selection of the numerical integration technique is 

important because an inelastic dynamic analysis requires a more refined numerical integration 

technique than is necessary for elastic analysis. This covers the accuracy and stability of the 

integration schemeB5.W15. 

The uncertainties arising from the building model and earthquake excitation mechanism 

makes the inelastic dynamic analyses more complex. Additional problems include the effect of 

non-structural members on both the structural stiffness and damping, floor slab flexibility, 

torsional effects in the building, earthquake orientation and local site responses. 

6.3. GENERAL ASSUMPTIONS IN THE ANALYSIS OF THE SUPERSTRUCTURE 

6.3.1 The Effect of Non-structural Components 

The non-structural elements can be defined as those parts of the building that 

theoretically do not contribute to the structural strength and stiffness. These components include 

ceilings, ducts, piping and components such as infil1 walls, doors, windows, internal partitions 

or cladding. The infill components may make the frame stiffer than expected. The stiffening 

effect will depend on their flexibility and construction details. Light internal partitions, doors 

and windows may not be significant, but the stiffness or strength of the materials such as 
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concrete masonry may significant. The infill components may be fully integrated or separated 

from the structural resistant system as discussed in Ref.D9. If the separation between the infill 

panel and the structure is insufficient then contact may cause damage. The cost of damage to 

the non-structural elements often exceeds that of the structural elementsD9
•
E6

• 

Effects ,of infill walls on the building responses have already reported by some 

researchers. Ref.Lll reported the effect of infill walls on the vibrations of 10 and 4-storey 

buildings. It was found that the fundamental period of the building with infill wans are much 

smaller than those without infill walls. Ref.W25 reported that the effects of infill walls on the 

building response were more pronounced in buildings with small fundamental periods. Both the 

horizontal floor displacement and hysteretic energy absorbtion for buildings with infill walls 

were much smaller than those without infill walls. Ref.E6 and S28 discussed the column 

damage mechanisms in infilled frames during earthquakes. It was demonstrated that the 

stiffness and storey shear of the storey with infill panels can be several times greater than that 

without infills. The sudden shear failure of the infill may lead to impact loads being applied 

to the columns causing damage to the columns. The effects of infill panels may also lead to 

failure of the columns in shear because of reduced effective column length. 

BERTERO & BROKKEN (1983) summarized of the results of experimental 

investigations in Ref.B16 and K12. The infill walls increased the effective inter-storey lateral 

stiffness by a factor of 4.66 and 10.94 for reinforced clay brick and lightweight concrete infills 

respectively. The fundamental period ratios of infill walls and open frames of 0.4 to 0.6 were 

found. PRIESTLEY & CALVI (1992) and PAULAY & PRIESTLEY (1992) presented that the 

effects of the infill wall at relatively large lateral deformations become complex because the 

frame would deform in a flexural mode while the infill attempts to deform in a shear mode. 

The separation between frame and wall at the comers of the tension diagonal would develop 

a diagonal compression strut. In routine analyses and design including that in this study, the 

contribution of the non-structural element on the structural stiffness and strength is often 

neglected. 

6.3.2 Floor Diaphragms and Location of Structural Walls 

In reinforced concrete frame design the floor slab is often assumed to carry gravity load 

only. These gravity loads are specified by Codes. This floor loading is transferred to the 

supporting beams using a tributary area. The floor diaphragm must be stiff enough to distribute 
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the lateral floor loads. In wall-frame structures the effect of diaphragm stiffness on the floor 

horizontal displacement depends on the location and orientation of the structural walls in the 

building as discussed by MUTO (1975). It was found that the floor horizontal displacement 

decreased as the distance between walls decreased and the stiffness of the frames increased. 

The plan and location of walls in the building prototypes are arranged 

symmetrically as shown in Fig. 6.1. The distance between two structural walls is relatively 

small so that the difference in the floor slab horizontal displacements along the building can be 

neglected. 

6.3.3 Torsional Effect 

Torsion is one of the problems in the 3-dimensional response of building structures. 

A precise 3-dimensional analysis is only required in a limited number of building structures, 

such as buildings which are irregular in plan. The analyses of 3-dimensional buildings have 

been conducted by many researchers, investigating the torsional provisions in building 

codesH16,T15,T16 and torsional effects on the response of building structuresC24,Kll,W18,W20. Ref. W18 

presented the distribution of lateral load resisted by the frame and wall components in a 3-

dimensional building analysis when the building was subjected to a static lateral load acting at 

every floor level. Ref. W20 presented the 3-dimensional analysis of a lO-storey steel structure 

with varied concrete structural wall eccentricity ~. The building was subjected to applied 

horizontal lateral load acting at every floor level. This study showed that torsion of the building 

would reduce the ultimate load-carrying capacitY of the structure, increasing the horizontal 

displacement of the outer frames and increasing the p-delta moments. CHOPRA & HEJAL 

(1988) also discussed the earthquake response of asymmetric building frames. The building 

prototype was a 5-storey reinforced concrete frame. Lateral-torsional coupling effects, in 

general, would decrease the base shear, base shear moment, top storey lateral displacement of 

the centre of rigidity but increase the base torque. The effects on multistorey buildings would 

depend on the beam to column stiffness ratios. 

In regular and symmetric multi-storey building frames, the 3-dimensional analysis can 

be replaced by a series of 2-dimensional planar frame analyses in the x and y 

directionsC21 ,Dlo,M25. In frame-wall structures, the role of wall location and orientation is very 

important. Orientation of the wall shows whether the walls will act along the weak axis or the 

strong axis of the building for a particular direction of earthquake excitation, The location of 
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walls within the building plan is determined by the function of these walls. To perform well 

in resisting torsion, the location of the walls should be symmetric and relatively far away from 

the centre of mass. In this study, the frames and walls are located symmetrically and assuming 

that the floor slab is infinitely rigid, torsional effects will not be evident in the wall-frame 

structures. 

6.3.4 Earthquake Orientation 

Forces generated by an earthquake act in all three dimensional axes. Building are 

designed to sustain normal gravity loads. Generally, the building vertical resistance possesses 

a sufficient factor of safety so that it can sustain the extra vertical seismic forces elastically. 

Only the effects of the horizontal earthquake forces are taken into account in design. For 

buildings with simple symmetric geometries a simple analysis may be used. The forces can be 

resolved into two sets of perpendicular lateral forces in the planes of the lateral load resisting 

system. 

6.4 MODELLING ANALYSIS OF THE STRUCTURAL SYSTEM 

In frame-wall structures the structural wall is normally located as parts of plane frames 

as shown in Fig. 6.1. There are two types of structural system, in-plane frames and in-plane 

wall-frames. Under applied lateral loads, both of these systems will interact with each other 

and the deflected shape represents the behaviour of the total building systems. In analysis, 

however, interaction between frames and walls has to be defined. 

6.4.1 Modelling of In-plane Wall-Frame Interaction 

In-plane interaction between the frames and walls was presented by CARDAN (1961), 

using inverted triangular, uniform, and concentrated horizontal loads acting on the structures. 

Considering equilibrium conditions between external and internal forces acting on the wall leads 

to a second order differential equation of unknown wall rotation at any height of the walL The 

deflected shape of the wall may be determined by solving this differential equation. From the 

wall rotations, the internal forces can be calculated. Similar results were presented Ref.RB. 

KHAN & SBAROUNIS (1964), presented in-plane interaction between frames and 

walls using iteration procedures. The frame-wall structure was represented by two different 
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systems, namely wall and frame systems. During the analysis, the compatibility of the 

structural deformation must be satisfied. Applying an assumed joint displacement and rotation 

to the frame gives the resulting shears and moments. These shears and moments are then 

applied to the wall system giving new wall displacements and rotations. The net structural 

deformations are found from the difference between the assumed and resulting deformations. 

The iterations continue until compatibility of the structural deformations is achieved so that the 

wall deformations are same as the frame deformations. 

Interaction between frames and walls was also discussed by MUTO (1974), using a 

slope deflection compatibility approach. Finite difference equations were used to develop the 

Principle of the Three Moment Equation. Application to regular N-storey wall-frames structures 

gives N equations of unknown wall joint rotations. The deflected shape of the wall may be 

determined by solving simultaneously these N non-homogeneous equations. The wall bending 

moments and beam moments were then able to be calculated. 

All of the frame-wall interaction described above are for static elastic analyses. In 

dynamic analyses where the stress of the material may exceed the elastic range, the application 

of the approaches mentioned above are no longer valid. In this study, the in-plane wall-frame 

possess only one column as shown in Fig. 6.3. The stiffnesses of the columns are very small 

when compared to the wall stiffness and the contribution of the columns to the frame-wall 

stiffness is insignificant and may be neglected. The frame-wall structure is represented by the 

free standing waIlG8
,G9.PI2,PI8 as shown in Fig. 6.4 and is modelled as a beam line element. 

6.4.2 Modelling of Out-or-plane Frames and Frame-Walls Interaction 

If the building has rigid floor slabs and the location of the frames is symmetric, then 

under an applied horizontal excitation all frames will be subjected to equal displacements at any 

given floor level. In this case, the entire building can be analyzed by considering single plane 

frames connected together by rigid IinksC2I ,Dlo at all storey levels as depicted in Fig. 6.8. In 

frame-wall structures, similar analyses for the out-of plane modelling may be used. 

6.5. INELASTIC MODELLING OF REINFORCED CONCRETE MEMBERS 

Earthquake resistant design philosophy assumes that under large earthquakes repairable 

damage of the structural members is justified but the building must not collapsed. To achieve 
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this goal the premature or brittle failure of the structural members should be avoided and the 

lateral-load resisting systems should be ductile. The structure should be capable of developing 

sufficient ductility and energy absorbtion capacity without significant degradation of its strength 

and stiffnessP18,P21, 

Under a large earthquake the concrete structural members may undergo large inelastic 

deformations followed by the developing of member-end plastic hinges. This inelastic 

deformation is usually associated with transverse cracking along the length of the member as 

shown in Fig. 6.905
,P1B • The member flexural rigidity (EI) now varies along the member 

length. Under cyclic loading, energy will be dissipated by member plastic hinges. The amount 

of the energy dissipated will depend on the intensity of loading, loading rate, geometry of the 

section and material propertiesP21
• 

The member inelastic flexural rigidity and the energy dissipated by inelastic members 

are important and should be clearly modelled mathematically. Parameters are the modelling of 

a member element, modelling of the plastic hinge hysteresis loop and the distribution of 

inelastic member flexural rigidity. 

6.5.1 Modelling of the Member Element 

The modelling of the member element and its hysteresis loop were a major discussion 

point among civil engineers at the beginning of the 1960s. Why were the analytical elastic 

structural response quite different from observed response. cThe dynamic lateral forces 

developed in the structures during an earthquake were considerably in excess of the design 

static lateral loads, but no significant damage was found in the structures even when they were 

subjected to relatively large earthquakes. The engineers concluded that the great differences 

between the observations and the elastic analyses were due to the fact that the members and 

their hysteretic energy dissipation were not properly definedP25
• 

6.5,1.1 Two-component Model 

CLOUGH et.al (1965) developed the bi-linear member force-deformation 

(hysteresis loop) modeL This model physically consist of two fictitious members as shown in 

Fig. 6.10. One of the members was assigned to remain elastic so as to represent the strain 

hardening behaviour and the other was elasto-perfcctly plastic to represent the yielding 
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phenomenon. When both of the members were in the elastic range the initial member flexural 

rigidity is the sum of the flexural rigidity of two elements. When a member-end yielded the 

resistance-deformation at this plastic hinge is governed by the elasto-perfectly plastic spring 

behaviour. The member flexural rigidity is then only represented by the elastic member 

representing the strain hardening effect. After unloading the yielded member-end returns to the 

elastic state giving an unloading flexural rigidity as the same as the initial flexural rigidity. 

The hysteresis associated with this member is a bi-linear loop as illustrated in 

Fig. 6.17. In terms of structural analysis, this member model is realistic because the inelastic 

deformation of a member-end is dependent on the moment acting at both member-ends. 

However, the disadvantage of this I:Jlember model is that the only the bi-linear resistance

deformation relationship can be represented. Application of this member model on the dynamic 

response of two 20-storey open frame structures with fundamental periods of 1.6 and 2.77 sec. 

was carried out. In general, the maximum horizontal displacements of the inelastic structures 

were greater than those of the elastic structures, which is contrast with the results in Ref. V9. 

6.5.1.2 Multi-Component Model 

As reported by Ref.OS and Ref.OlD, this model was introduced by AOYAMA 

& SUGANO (1968). The member model consists of three or four imaginary parallel elements 

connected to a rigid bar at each end shown in Fig. 6.11. This model was developed from the 

two component model as described above. Normally only one member is assigned to be elastic 

and when the yield level is reached at the member-ends the other members are treated as elasto

perfectly plastic. This model can represent flexural cracking, different yield levels at each end 

of the member ends and the strain hardening effect. 

6.5.1.3 One-component Model 

This model was introduced by Giberson (1967) for the dynamic response of 

multistorey buildings subjected to earthquake excitation. This model was introduced because 

the above models could not account for varying member stiffnesses depending on the member 

stress level. The model consists of a single elastic member with independent inelastic springs 

at each member-end, each of which is assigned the resistance-deformation behaviour of the 

plastic hinge at the member-end. This model is illustrated in Fig. 6.12. 
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In this model inelastic deformations at the member-ends are independent of each 

other, which means that the inelastic deformation of a member-end is not affected by the 

moment acting on the other member-end. Hence, any flexural hysteresis loop can be assigned 

to the inelastic spring05 and this is the advantage of the model. This is also the disadvantage 

of this model because the member-end deformation should depend on the moment acting at both 

member-ends. Furthermore, it is not always rational to lump all of the inelastic deformation 

at the member-ends05
• 

6.5.1.4 Discrete Element Model 

This model consists of either lumped inelastic stiffnesses as introduced by 

Ref.W26 or distributed inelastic stiffnesses introduced by TAKA YANAGI & SCHNOBRICH 

(1976)05. These member models were introduced because the actual inelastic member 

deformation is spread out along the member rather than lumped at the member-ends. A 

concrete member may be subdivided into several short segments with high inelastic 

deformations and long segments for relatively low or nearly elastic member deformations as 

represented in Fig. 6.13. The inelastic springs which represent the short line segments are 

usually modelled as degrading stiffness hysteretic models. In the distributed inelastic stiffnesses 

the short and long line segments can be assigned different flexural rigidities to represent the 

degree of cracking under dynamic loading. These models may give more accurate results 

especially in wall members, but the computational effort will increase with the number of 

segments. 

6.5.1.5 Distributed Flexibility Model 

As mentioned before, in reality the cracking of the member is distributed along 

the member length. Instead of dividing the member into several segments a parabolic 

distribution of flexural flexibility is assumed as shown in Fig. 6.14. The inflection point of the 

parabolic distribution of the member flexibility is assumed to remain elastic while any type of 

hysteresis model may be assigned to the plastic hinge at each end of the member. 

Several models representing the inelastic behaviour of concrete members have been 

described. Each model has advantages and disadvantages, and the choice depends on many 

factors. Ref.05 stated that a single element model can be expected to give only reasonable 

results for relatively low rise frame structures, where the inflection point of the member is 
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nearly at the member-midspan. But Giberson (1973)°10 stated that one-component model was 

more versatile than the two component model. The main reason was that any type of hysteretic 

model could be used for the inelastic springs, while the two-component model could only 

represent a bi-linear hysteresis. 

Because of its characteristics, the one-component model was used by many researchers 

to represent the inelastic behaviour of the concrete members for SDOF concrete structure06
, 

laboratory tests of SDOF concrete structureS14
, or analysis and laboratory tests of multistorey 

concrete framesslS.s29. The one-component model is employed in several computer programs 

such as SAKE (Otani,1974), DRAIN 2D (Kanaan & Powel,1973), SHARPE (1973), or 

RUAUMOKO (Carr,1993). 

6.5.2 Hysteresis Modelling of Reinforced Concrete Member 

As discussed in Section 6.5.1.3 the inelastic springs in the one-component model can 

represent the hysteresis loop of the member plastic hinges. Modelling of the member hysteresis 

loop then becomes very important because of its affect on the structural hysteresis energy 

dissipation. This structural hysteresis energy is not only an important aspect in inelastic 

resistant design of building structuresC25 but also can be used for damage parametefZ-3 and 

damage index identificationC29•M23,M32.P27,l'2ll. 

The member hysteresis loop observed from laboratory tests must be idealized in the 

theoretical hysteresis model as shown in Fig. 6.15. The shape of the real hysteretic loop of the 

concrete member depends on many factorsP21
,OlO, and the idealized member hysteresis loop 

simulates the real behaviour will also depend on those factors. Most of the concrete member 

hysteretic loops represent tlexural05
,OIO, rather than shear or slip behaviour. A number of the 

concrete member flexural hysteresis models are described below. 

Elasto-Perfectly Plastic: This hysteretic model was used for the inelastic response of building 

structures in the late 1950's and the early of 1960's as ,described in Section 6.5.1. The 

hysteretic model is very simple and is shown in Fig. 6.l6. When the member-end moment 

reaches yield, the member-end is assumed to undergo perfectly plastic deformation without any 

increase in resistance. On unloading, the member returns to the elastic state with the unloading 

stiffness equal to the initial stiffness. A similar behaviour will occur when the member-end 

reaches yield in the opposite direction. This model has no strain hardening. This hysteretic 
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model does not dissipate energy until yielding occurs and there is no hysteretic energy 

dissipation during small amplitude motion. As a result this hysteretic model does not properly 

simulate the nonlinear behaviour of reinforced concrete membel'ssl4. 

Early studies of the inelastic response of building structures were repOlted in Ref. V9, 

ReLP25 and Ref.P26. The resistance-deformation ofthe SDOpV9
,P25 and MDOPP26 columns was 

assumed to be elasto-perfectly plastic. Ref. V9 concluded that the maximum horizontal 

displacement for elastic structures with fundamental period TI = 1 sec. is the same as that of 

an inelastic system. Ref.P25 and Ref.P26 concludes that the plastic deformation of the member 

provided much structural damping. This increase in structural damping may reduce the 

response of the structure during strong motion earthquakes. 

Bi-linear Model: This hysteretic model was a development of the elasto-perfectly plastic model 

by considering the effect of member strain hardening. This model is also represented by the 

inelastic two component model introduced by CLOUGH et al.(1960). This hysteretic model is 

illustrated in Fig. 6.17. The post-yield stiffness ~y is the effect of the strain hardening and is 

usually expressed in terms of the initial stiffness Ky by the coefficient a as, 

Kpy = a Ky , a: ~ 0.02 - 0.10 (6.1) 

The bi-linear model, in general tends to dissipate much more hysteretic energy than observed 

in tests. Ref.05, 010, 011, S14 and Ref.S29 stated that this model did not satisfactorily 

simulate the inelastic behaviour of reinforced concrete members. 

Clough Model: This hysteretic model was introduced in 1966 after considering the tests of 

beam-column assemblies by the Portland Cement Association (PCA). Results of the tests 

indicated that even though no strength degradation appeared during repeated loading, significant 

degradation of the reloading stiffness was found. It was also evident that less energy dissipation 

per cycle of loading resulted from this test as compared with an ordinary elasto-perfectly plastic 

system. As the result, the ductility demand might increase. This hysteretic model is shown in 

Pig. 6.18. The unloading stiffness was assumed to be the same as the initial stiffness, and the 

degrading reloading stiffness indicated by the slope from the residual plastic deformation to the 

maximum opposite displacement. The performance of this model was an improvement 

compared with the hi-linear model, because under small amplitude loading cycles energy can 
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be dissipated. The model is relatively simple and has been used extensively in the nonlinear 

analysis of reinforced concrete structures05,SI4. 

Takeda Model : This hysteretic model was based on the results of quasi-static laboratory tests 

on flexural of concrete members at the University of Illinois 1970T17
• The primary curve 

includes not only the post-yielding stiffness but also uncracked and cracked stiffnesses. The 

reloading stiffness continues as an extension of the unloading degraded stiffness up to the 

cracking load point in the other direction. The reloading stiffness then proceeds to the yield 

displacement in the other direction. The hysteretic rule is shown in Fig. 6.19. The unloading 

stiffness can be expressed as, 

(6.2) 

where Dc and Dy are the cracking and yielding displacement corresponding to cracking and 

yielding force Fc and Fy respectively, Dm is the maximum displacement experienced, fJ is 

coefficient normally in the range of 0.4 - 0.5. 

Compared to the bi-linear hysteresis, this model is more complicated but relatively 

realistic in simulating the nonlinear behaviour of concrete members. Results of several 

laboratory tests either in the form of sub-assemblagesT17, MDOF reinforced concrete 

modelss15
,s29 indicate that this hysteretic model performs very well in simulating the nonlinear 

behaviour of concrete membersOll,S15.S29,T17, The disadvantage of this hysteretic model is the 

complexity of the rules. A simplification of this model is sometimes called Otani modelS15 as 

shown in Fig. 6.20. This simplified Takeda model also performed very well in simulating the 

nonlinear behaviour of a 10-storey reinforced concrete model as reported by Ref.S15. 

Degrading Bi-linear : Despite the fact that the Takeda hysteretic model is relatively complex, 

the Degrading Bi-linear was introduced By IMBEAULT & NIELSEN (1974). This hysteresis 

model is relatively simple as shown in Fig. 6.21. This model is a modification of the hi-linear 

model where after maximum yielding displacement the average unloading and reloading 

stiffness Ravu is represented by, 

= K { D:1 }Il 
'D ' 

In 

P t:> 0.50 - 0.60 (6.3) 
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ReU5 stated that the complete hysteretic energy of this model was around 60 % of the energy 

dissipated by the bi-linear model. Therefore, its application on the MDOF inelastic analysis 

caused significant increases in member ductility demands. 

Q-Hyst Model: The Q-Hyst model was developed in 1979s1s. This hysteresis model is basically 

a modification of the bi-linear model, but may also called a modification of the Otani model 

and is shown in Fig. 6.22. The reloading stiffness is the main difference from the Otani model. 

This reloading stiffness is defined by the slope of the line from the residual displacement to the 

maximum displacement in other direction. The unloading degradation is defined as in the 

Takeda hysteresis model. Compared with the Takeda model, this hysteresis has a thinner loop 

because of a smaller reloading stiffness and dissipates less energy. This result was reported by 

Ref.S14 in which the Q-Hyst model resulted in peak displacements greater than those of the 

Takeda model. Meanwhile, Ref.]5 and Ref.S29 stated laboratory tests on a 10 storey concrete 

building model using the Q-Hyst model gave better performance at small amplitude responses 

when compared with the Takeda model. but the opposite was obtained during large amplitude 

response. In general, the performance of the Q-Hyst model was very close to the Takeda 

modelsl4
• 

Flexural hysteretic models for inelastic response of concrete members have been 

described. The performance of the concrete hysteresis models have been investigated by several 

researchers by analysisC20,IS,M1S,S13 and laboratory test;AJ!,S15,W21. The laboratory tests indicate that 

tensile cracking of the concrete and yielding longitudinal of the reinforcement will cause 

pinching or stiffness degradation immediately after reloadingP21 ,S13 where the pinching stiffness 

is much less than the initial stiffness. The pinching behaviour is largely because of shear 

effects°Il ,P21,S13 unbalanced reinforcement or bar slip. The pinching effect will decrease as the 

applied axial load increase. The Sina (l979)Sl5 and Takeda-Takayanagi (1976)°5 hysteretic 

models incorporate the pinching behaviour of concrete members. 

6.5.3 Modelling Member Flexural Rigidity (EI) 

6.5.3.1 Reinforced Concrete Frames 

In reinforced concrete buildings, every member usually has a constant cross 

section along its length. Even though the degree of cracking may differ along the member, 

using a constant cross section means that modelling of the member flexural rigidity E1 is easier. 



138 

Fig. 6.19 Takeda Hysteresis Model 

Fig. 6.21 Degrading Hi-linear Hyst. Model 

5 
Ratio of blbw 

Fig. 6.23 Coefficient for Moment Inertia 
of Flanged Section (P18) 

Fig. 6.20 Modified Takeda Hysteresis Model 

u;. 

Fig. 6.22 Q-Hysteresis Model 

Fig. 6.24 Relocation of the Plastic Hinges 
ofRC Beams (PI8) 

Fig. 6.25 Rigid Joint Zone Length of the 
Reinforced Concrete Frame (T18) 
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In the modelling of the concrete member flexural rigidity, simplifying 

assumptions are made. The simplest modelling takes the fraction of gross section of concrete 

member flexural rigidity EJg to give an equivalent flexural rigidity EJe. With constant value 

of the concrete modulus of elasticity Ee, PAULA Y & PRIESTLEY (1992) recommended 

typical values for the effective member moment of inertia 4 given in the following table. 

Table 6.1 Effective Member Moment of Inertia (lJP18 

Member Type Range Recommended Value 

1. Rectangular Beams 0.30 - 0.50 Ig 0.40Ig 

2. T & L beams 0.25 - 0.45 Ig 0.35Ig 

3. Columns, P > 0.5 fo' Ag 0.70 - 0.90 Ig 0.80Ig 

4. ColUmns, P = 0.2 fe' Ag 0.50 - 0.70 Ig 0.60Ig 

5. Columns, P = -0.05 fe' Ag 0.30 - 0.50 Ig 0.40Ig 

The effective width of monolithic T -beams gives both an additional sti ffness and 

strength to the beams. The effective relative stiffness of the T and L concrete member. 

therefore, may be expressed asPl8, 

(6.4) 

where Kw is an effective relative stiffness for T and L beams, La is beam span, l"e is an 

effective moment of inertia of the concrete member, f is an coefficient for the moment of 

inertia of the flange sections as shown in Fig. 6.23. 

6.5.3 Structural Walls 

During moderate or relatively large earthquakes, the base response of the fixed 

cantilever wall may no longer remain elastic, but will most likely exhibit an inelastic response. 

During this response, the base fixed wall may crack and the wall effective moment of inertia 

Iwewill reduce. This will affect the stiffness and the fundamental period of vibration T of the 

stmcture. Hence, the effect of the wall on the inelastic response and fundamental period of the 

stmcture should be taken into accountP18
•
X1

• If the cantilever wall is subjected predominantly 
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to flexure deformation, the effective wall moment of inertia ~ may be calculated from the 

following formulaP'B , 

1 - { 100 PM} I 
we - Iy + It: Awg wg 

(6.5) 

where fy, fc are the steel yield strength and the concrete compressive strength respectively (in 

Mpa), Pu is the wall axial load during the earthquake (positive during compression), Aw& is the 

gross section area of the wall and Iwg is the gross wall moment of inertia. 

6.6 MEMBER ELEMENT AND HYSTERETIC MODEL USED IN THIS STUDY 

As described in Section 6.5.1 each of the member element model has its own 

behaviour, advantages and disadvantages. In this study the one-component model was used. 

OTANI (1980) discussed the calculated and observed responses of a three-storey one-bay frame 

structure. Laboratory tests to examine the reliability of the one and two-component models in 

simulating the observed response of inelastic model structures indicated that the one-component 

model gave fair agreement between the computed and observed responses. Similar results were 

found for a modified two-component model. BAN ON et al.(1981) reported that tests of 32 

subassemblage RC specimens showed that the one-component model was sufficient accurate in 

simulating the inelastic cyclic behaviour of RC members. 

FIUPPOU & ISA (1988) discussed the reliability of the one-component and inelastic 

finite-length element models to simulate the inelastic behaviour of concrete sub-assemblages 

under quasi-static loads. Both joint-rotation and load-displacement responses of the one

component model gave good agreement with the experimental results, while the computed beam 

moment-rotation was slightly different from the observed results. This may be because of the 

limitation of this model, in that it cannot follow the gradual change the spreading inelastic 

deformation along the beam length, the shift of the point of inflections and it does not has the 

ability to account for the coupling effect between the moments acting at the two member-ends. 

The computed response of an inelastic finite-length element model gave very good agreement 

with the observed response. 

As discussed in Section 6.5.2 flexural member hysteretic models have been introduced. 

Some claims for the best model have been made without an understanding in earthquake 
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response05
• Ref. 05 and Ref.012 briefly discussed the important hysteretic parameters for an 

inelastic SDOF building structure. These parameters include uncracked stiffness, cracking force 

level, yield resistance, post-elastic stiffness and the unloading stiffness degrading parameter. 

The hysteretic models used included the Clough, Takeda, Bi-linear, Degrading Trilinear and 

Ramberg-Osgood models. The effects of these parameters, in general, is more sensitive on 

stiffer structures than for more flexible structures. The yield strength was the most important 

parameter followed by the unloading stiffness degrading parameter and the post elastic stiffness. 

The cracking force and uncracked stiffness did not significantly affect the structural response. 

In this study, the unloading stiffness degrading parameter and the reloading stiffness 

were used to control the fatness of the hysteretic loop. The bi-linear model is one of the 

hysteresis models used in this study and is the fattest model used. Although this model 

sometimes does not simulate the inelastic behaviour of concrete members it was used for 

comparison with the other models such the Clough hysteresis model. The original Takeda 

hysteretic model is very complex but the modified Takeda (Otani model) is an alternative and 

is used in this study. This model has a thinner loop than the Clough model because the 

modified Takeda unloading stiffness is smaller than Clough model. The Q-Hyst model is also 

used in this study. Comparing with the modified Takeda model, the Q-Hyst loop is thinner. 

This is because in the Q-Hyst model the reloading stiffness is smaller than that of the modified 

Takeda rule. Thus, for the four hysteretic models used, the degree of hysteretic fatness is 

controlled by both unloading and reloading stiffnesses. 

6.7 MODELLING OF RIGID ZONE AND PLASTIC IDNGE LENGTH 

The joint at the intersections between beams and columns performs a very important 

role in generating stiffness of the moment resisting frame structures. Such joints are usually 

required to be rigid so that they can accommodate all of the forces acting on the beams and 

columns without any joint deformation. There seems to be some evidence from past 

emthquakes that some stmctural damage was caused by joint failure but was mainly due to soft

storey effects with the column failures due to shear failure or inadequate column lateral 

confinementP18
• 

The usual ealthquake resistant design philosophy for ductile moment resisting frame 

structures allows for the formation of beam plastic hinges adjacent to the beam-column joints. 
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The intemal forces transmitted from these beam or column members result injoint shear forces 

in both vertical and horizontal directions leading to diagonal compression and tension stresses 

within the joint core. However, Ref.X2 and Ref.X3 stated that the joint strength should not 

normally govern during the development of the full strength of the adjoining members and 

energy dissipation within the joint core is undesirable. It means that during moderate 

earthquakes the joints should not show any strength degradation. 

Results of laboratory tests, show that after a few cycles of beam plastic hinging, it is 

not possible to prevent some inelastic deformation occurring in the beam-column jointsA17.P1B. 

An effort to prevent further development of joint inelastic deformation was suggested by 

Ref.AI6, AI7 and P30. This can be done by relocating the beam plastic hinges away from the 

column faces as shown in Fig. 6.24 even though this action causes an increase in the beam 

curvature ductilities. If the joints remain elastic the beam rigid-zone length can be measured 

from the column centre-line to the column face as shown in Fig. 6.25. Ref.H19 and TI8 stated 

that an analysis based upon full rigid offset length underestimates the structural deflection but 

the displacements are overestimates if the analysis is based on centre-line to centre-line 

geometly. Modification of the concrete rigid-zone length is necessary by considering a rigid

zone reduction factor rz• Ref.HI9 recommends a rigid-zone reduction factor rz = 0.5, while 

Ref.AI7 used rz = 0.5, rz = 0.25 and rz = 0 for their analyses. Rigid zone reduction factors 

rz = 0, rz = 0.5 and rz = 1 are used in this study. 

The plastic hinge length Lp has a direct bearing on the curvature and displacement 

ductility. Laboratory tests indicate that such factors such as the depth of the member, the 

longitudinal bar diameter c\, and the length of the member from the maximum moment point 

to inflection point L. affect the plastic hinge length. Based on data compiled from several 

laboratory tests an approximate plastic hinge length can be expressed asC26.P31.S31, 

Lp == 0.08 L + 6 db , for 
p 

~ 0.3 (6.6) 
Ie Ag 

Lp = 0.08 L • 6 J, [0.5 + 1.67 ~) , for 
p 

< 0.3 (6.7) 
Ie Ag Ie Ag 

whereP is the member axial load, fc is the compressive concrete strength and Ag is the gross 

member cross section area. 
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For typical beam and column proportions, Ref.P18 and P3I recommended the 

approximate average value of member plastic hinge as, 

(6.8) 

where dm is the depth of the concrete member. 

In this study the plastic hinge lengths given by Eq. 6.8 are adopted. 

6.8 SUMMARY AND CONCLUSIONS 

The problems associated with the inelastic analyses of multi-storey reinforced concrete 

building have been discussed. These problems cover not only the uncertain nature of the 

building such as effects of infill walls, floor slab flexibility but also inelastic characteristics of 

the concrete members. These characteristics include modelling of the inelastic member, 

member energy dissipation, joint rigid zone length and plastic hinge length. Other problems are 

the selection of earthquake ground excitations. 

The modelling of members and the modelling of member energy dissipation have been 

proposed by many researchers. The member elements include the two-componentC25
, multi

component, one-component, discrete element and distributed element models. All of these 

models have their own characteristic and appropriate applications. The modelling of member 

flexural energy dissipation is represented by hysteresis loops including the elasto-perfectly 

plastic, bi-linear and degrading bi-linear, Clough, modified Takeda, Q-Hyst. and Sina models. 

Member flexural rigidity EI choices differ among researchers010.PIS. The analysis of symmetric 

and simple 3-dimensional structures can be modelled as a series of 2-dimensional plane 

structural analysesM25,M26. 

The one-component model is used in this analysis where the bi-linear, Clough, modified 

Takeda and Q-Hyst models are used to represent the behaviour of the inelastic springs at each 

end of the inelastic member. The member flexural rigidity E1 model of Ref.P18 is adopted. 

The joint rigid zone reduction factors r2. = 0, rz = 0.5, rz = 1.0 and plastic hinge length Lp 

= 0.50 dm where dm is the member depth are used in this study. 



Chapter VII 

Soil-Footing Foundation Response and Impedance 

7.1 INTRODUCTION 

Over the last few decades, there has been an increased interest in geotechnical 

engineering on the dynamic response of foundations. The actual soil beneath the foundation 

may be physically complex and no exact mathematical solution seems possible for the general 

problem of soil-foundation interactionGI. The different approaches used by researchers, include 

analytical methods using the theOlY of an elastic half-space, an approximate or lumped 

parameter methods and the finite element method. 

The application of elastic half-space theory to soil-foundation response analysis is 

limited to simple soil-foundation systems. This is because the mathematical analysis based on 

the theory of elasticity is sometimes not easy to folloW>6. The Lumped parameter method in 

which the response of the soil-foundation system is analyzed using a spring-dashpot mechanical 

system has become very popular because the behaviour of mechanical system is easy to 

understandAI . 

The soil-foundation response in the lumped parameter model can be classified into two 

different groups. The first group emphasizes the frequency independent response where the 

spring and damping coefficients are indepenpent of the frequency of excitation. The second 

group involves the effect of the frequency of excitation in the foundation response. Recently. 

soil-foundation responses also cover the effects of other important parameters, such as the 

degree of embedment and the shape of the foundations. The determination of the both soil

foundation stiffness and the damping coefficient involving all of these parameters is important. 

7.2 RESPONSES OF SOIL-FOUNDATION SYSTEMS 

7.2.1 Static Response of Soil-Foundation System 

The analysis of a footing-foundation originally follows the development of the analysis 

and design of machine foundations. In the past, machine foundations were frequently designed 

144 
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without any appropriate analysis. The design rule was very simple, that is the total weight of 

the massive concrete foundation normally should be taken at least 2 to 5 times the weight of 

the supported machinesX1
•
GS

• Although this design rule seems rational, the important design 

parameters such as the type of excitation, generated frequency and the dynamic behaviour of 

the supporting soil are not considered. It was later found that increasing the mass of the 

foundation would reduce the effective damping coefficient of the supporting soil, whereas 

increasing the soil-foundation contact area would increase the effective damping 

coefficientC22.F4.G1.G13 . 

Initially, a Winkler model of the soil-foundation was used. This foundation model 

consists of a rigid beam resting on an elastic soil base. To be able to develop the relationship 

between the applied load and the corresponding foundation deformation a simple mechanical 

model can be defined. This consists of a bed of independent elastic springs supporting the 

corresponding rigid beam. The stiffness of the springs represents the load-deformation 

compatibility of the soil-foundation model. This model is only reasonable for low-frequency 

or nearly static loading as the damping of the soil has not been included. If the vertical 

deflection of the ground z is assumed to depend only on the normal pressure p acting on the 

beam, the load-deformation relationship can be expressed as, 

(7.1) 

where z is ground vertical displacement and k .. is coefficient of subgrade reaction or sometimes 

called the coefficient of elastic uniform compression. 

7.2.2 Dynamic Response of Soil-Foundation System 

7.2.2.1 Winkler-Voigt Soil-Foundation Model 

The Winkler-Voigt foundation model is the development of the Winkler 

foundation. The difference is in the application of a new soil mechanical model consisting of 

bed of independent viscous dampers in parallel with the independent elastic springs to represent 

the dynamic subgrade reaction of the soil-foundation system. The presence of the viscous 

dampers in this model means that the soil-foundation system is no longer a static loading 

system but the effects of the dynamic loading have been incorporated. The dynamic subgrade 

reaction dsr of this soil-foundation model can be expressed asD15
, 
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(7.2) 

where ksr is the coefficient of subgrade reaction and Cor is the damping coefficient. 

The disadvantage of this model is the difficulty in determining these 

coefficients. Some IiteratureS24
,VB discusses the empirical formulae for the modulus of subgrade 

reaction ITl,;r ( m .. = ksr x b, where b is the width of beam), but the appropriate value of 

damping coefficient is not clear. Extension of this model may lead to the elastic beam which 

is supported by either independent Kelvin, Maxwell or Standard Viscoelastic mechanical 

models. 

7.2.2.2 Elastic Half-Space Soil-Foundation Model 

Most geotechnical engineers agree that the work by REISSNER (1936) has 

stimulated the development of the theory of foundation vibrations. This work was the first 

mathematical formulation of the problem of a rigid body on an elastic half space where the 

soils are modelled mathematically as a semi-infinite, isotropic, homogeneous and elastic 

medium. A semi-infinite medium means that the mass of the soils under consideration is 

bounded by the ground surface, isotropic indicates that elastic properties of soils are 

independent of direction, homogeneous means that no different physical characteristics exist 

within the soils and elastic means that the load-deformation of the soils follows Hooke's rule: 

A surface foundation resting on an elastic half space is illustrated in Fig. 7.1. 

The solution of foundation response has been developed by many researchersN1
• 

If a steady state vertical harmonic loading P = Po e1wt acts on the centre of the foundation with 

radius ro then the corresponding vertical displacement z(t) can be written as, 

z(t) (7.3) 

where Po is the amplitude of the applied loading, G is the soil shear modulus, w is the applied 

angular frequency and f] and fz are displacement functions. 
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Force equilibrium of forces from Eq. 7.3 leads to 

b(} 
m(} 

---
3 

P re 

P", 
=--D G I: 

Wo 
= 

g(X) ': 
g 

Wo 
---

3 
y r(J 

(7.4) 

(7,5) 

(7.6) 

(7.7) 

where Zz is the amplitude of the foundation motion, Dz is a dimensionless magnification 

amplitude, a" is dimensionless frequency, bo is the ratio between footing mass m., and mass of 

the elastic medium p ro\ g is the acceleration of gravity, p is the mass density ofthe soils, Wo 

is the weight of the footing foundation and 'Y is the weight per unit volume of the soils. 

The determination of the displacement functions f1 and fz is mathematically 

complexlli
•
G4 and examples of the procedure can be found in Ref.G2 and LA. Plots of the 

displacement functions f1 & f2 against the dimensionless frequency a., for a surface strip and 

a circular foundation are shown in Figs. 7.2 and 7.3 respectively. 

An improved representation of the behaviour of a surface footing resting on an 

elastic half space was made by HSIEH (1953) and reported by RICHART et a1.(1970). Taking 

the derivative with respect to time of Eq. 7.3 and after mathematical re-arrangement leads to 

the relationship, 

dz p = C - + K":t 
~ dt v 

(7.8) 
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where, 

(7.9) 

K = G v (7.10) 

If the total weight of the footing and machine is denoted by Worn, and the 

foundation is subjected to steady state loading Q = Q, ei~. then the dynamic equilibrium of the 

system shown in Fig. 7.1.b yields, 

or 

d"z Q=P+m-
it" 

Substituting ofEg. 7.8 in Eg. 7.11.b yields, 

(7. 11.a) 

(7.n.b) 

(7.12) 

Eq. 7.12 is similar to the dynamic equilibrium equation of a damped single 

degree of freedom system. Terms Cv and 1(.. in Eg. 7.9 and Eq. 7.10 are frequency dependent 

and refer to the damping coefficient and stiffness of the equivalent SDOF system. Eq. 7.12 also 

shows that an improved representation of the theory of an elastic half space has been achieved 

by the ability of this equation to express the geometrical damping Cv of the soil-foundation 

system. 

7.2.2.3 Lumped Parameter Soil-Foundation Model 

The proceeding section showed that the dynamic vertical response of surface 

footing resting on an elastic half space could be computed from Egs. 7.4 or of Eq. 7.12 and 
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the response is frequency dependent. Response of the foundation subjected to horizontal, 

rocking or torsional steady state harmonic loading can be found elsewhereD6,R.'i. 

The actual soil is seldom an elastic half space. Other parameters include size 

and shape of the foundation, the variation of soil stiffnesses with depth, stress level, water 

content and foundation embedment. Researchers concluded that to accommodate these 

parameters it was more convenient to substitute the behaviour of simple spring-dashpot systems 

than to modify the theory of an elastic half space. This substitution is possible since the 

numerical quantities such as masses, damping coefficients and stiffness constants for all 

vibration modes have been developed. Since the quantities involved are defined as constant 

values, the entire soil-foundation system is the well known Lumped Parameter ModelR.'i. This 

model is shown in Fig. 7.4. 

LYSMER & RICHART (1966) developed a simplified equation for motion of 

a lumped parameter model. If a rigid circular surface foundation is loaded by vertical steady 

state force Q = Qo eiwt
, the equation of motion can be expressed as, 

where, 

3.4 ,. {} rrv::: 
c = --- vGp , 

1 - " 

4 G,.o 
k=--

1 - " 

where c is the damping coefficient and k is the stiffness constant. 

(7.13) 

(7.14) 

Eq. 7.13 is similar to the differential equation of motion of a SnOF system, 

and the response of the foundation can be obtained by solving this equation. The differential 

equation of motion of the foundation subjected to other vibration modes can be written by 

replacing the corresponding damping coefficient c, stiffness constant k and loading mode. 

Attempts to prove the validity of the lumped parameter foundation model have been 

carried out either by analytical methodsLS as illustrated in Fig. 7.5 or by laboratory testsR.'i. It 

shown that the response of the lumped parameter foundation model provides close agreement 

with the response computed from the theory of an elastic half space. 
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7.3 STIFFNESS AND DAMPING OF SURFACE FOUNDATIONS 

7.3.1 Static Stiffness and Damping Coefficients 

After substitution of the theory of an elastic half space by the lumped parameter 

method, the application of the later method becomes very popular. The accuracy of this 

foundation model depends on how appropriate are the selection of stiffness and damping 

coefficients. Some important guidance on the choice these values is presented in Ref.W2. 

Initially, the stiffness and damping coefficients in the lumped parameter model were 

assumed to be constant and independent of excitation frequency. The stiffness constant was 

based on static load and the damping coefficient was derived for a particular loading frequency. 

It was later found that both of these quantities were frequency dependent. In a frequency 

independent response the solution ofEq. 7.13 is carried out only at a particular frequency of 

interest. The stiffness and damping coefficients of a rigid circular surface foundation for 

vertical, horizontal and rocking vibration mode are written as, 

where 

4 G T. 

1-v 

rJ 
K,.=8G--"-

3(1-\1) 

3.4 "0 
C =--{GP 

" 1-v 
(7.15) 

(7.16) 

(7.17) 

(7.18) 

where K." Kh, K,., C", Ch and Cr are spring stiffness and damping coefficient for vertical, 

horizontal and rocking modes respectively, P is soil Poisson's Ratio, fo is the radius of the 

footing, G is the soil shear modulus, p is the soil density and I.p is the mass moment of inertia 

of footing with respect to a horizontal axis. 
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If the case of a rectangular footing when the ratio of footing length 2L and footing 

width 2B is less than 3G1
,G2, the equivalent radius for vertical re•v horizontal rc •b and rocking re.r 

respectively can be computed as, 

(7.19) 

7.3.2 Dynamic Stiffness and Damping Coefficients 

The dynamic differential equations of motion of the surface foundation can be 

developed either by using the theory of the elastic half space, lumped parameter model or shear 

cone theoryMS.v3. The solution ofthese equations describes the frequency dependent relationship 

between applied force Pj(t) and the corresponding displacement amplitude u;(t) to be described 

in compact form V2,v3, 

(7.20) 

where Q; is the complex-impedance (stiffness and damping coefficient) value at vibration mode 

i to be expressed in term of the static stiffness and complex impedance functions as, 

(7.21) 

where K •. i is the static stiffness at vibration mode i and the term in the bracket in Eq. 7.21 is 

usually called the complex-impedance function. 

The real part of the complex-impedance function, k; will be called the dynamic stiffness 

coefficient and Ci> which is proportional to the imaginary part, will be assigned to the dynamic 

damping coefficient. Both k; and Cj are frequency dependent. The product of the static stiffness 

and complex-impedance function leads to the dynamic stiffness Kd•i and damping coefficient Cd•1 

respectively thus, 

(7.22) 

r" 
CAl' = K . (-) c, 

.., $,1 V ' 
s 

(7.23) 
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where kj and ci in Eq. 7.22 and Eq. 7.23 not only depend on the excitation frequency but also 

depend on the soil Poisson ratio" as written in Eq. 7.25. The dynamic damping coefficient Cd,i 

in Eq. 7.23 is also frequency dependent and depends upon the shear wave velocity V •. 

VELETSOS & WEI (1971) presented the frequency dependent response of a rigid 

circular surface foundation resting on an elastic half space. Coupled horizontal. and rocking 

modes were considered. If the applied horizontal force and moment are denoted by Hand M 

respectively, the relationship between the force and displacement is, 

(7.24) 

where K.,h and K •.• are the stiffness constants for horizontal and rocking vibration modes 

respectively, k's and c's are dynamic coefficients for stiffness and damping, u and cp are 

horizontal and rocking displacements respectively, ao is the dimensionless frequency and ro is 

the radius of the footing. The dimensionless dynamic coefficient k's and c's can be determined 

by using Fig. 7.6, 7.7 and Fig. 7.8 respectively. 

VELETSOS AND VERBIC (1973) also presented the dynamic response of a rigid 

surface footing resting on an elastic half space in the frequency domain. Effects of the 

foundation mass on the foundation frequency find damping coefficient were discussed. UPo and 

Uo are the steady state harmonic force and displacement amplitude respectively, then the 

relationship between the force and the displacement can be written as, 

(7.25) 

where K..! is the stiffness constant in vibration mode i, and kh Cj respectively are the dynamic 

stiffness and damping coefficients of vibration mode i. 

The value ofk; and ci may be determined by using Fig. 7.6, 7.7 and Fig.7.8. Based 

on the results of the shear cone analysis, the coefficients ki and Cj for the vertical, horizontal 

and rocking modes of a rigid circular surface foundation were approximated by, 
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(7.26.a) 

(7.26.11) 

(7.26.c) 

(7.27.3) 

(7.27.b) 

(7.27.c) 

Values of ai' b's and d's for any value of soil Poisson's ratio II were tabulated in Ref. V2 and 

V3. 

WOLF & SOMAINI (1986) presented the dynamic impedance of a rigid circular 

surface foundation resting on an elastic half space. An improvement of the discrete model was 

used as shown in Fig. 7.9. This discrete model was introduced in Ref.M5 and is represented 

by a parallel spring of stiffness K and a dashpot with coefficient Co. In addition, a foundation 

mass Mo is attached in series of the damper C1 and mass MI' The system is loaded by P = 

pew) and the corresponding displacement of the mass Mo and M t are uo(w) and ut(w) 

respectively. Taking the dynamic equilibrium both of elements and after dividing by z ei~ leads 

to, 

(7.28) 
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(7.29) 

Eliminating the value of ul(w) in 7.28 and substituting in Eq. 7.29 leads to, 

(a)lMl (a)l Ml 

K (a)2M" Ml K C<f} 
-------+1(,) +-

ll.+(~Ml)l K Cl1+(~M/' K 
~ ~ 

(7,30) 

The dimensionless coefficients of the dampers 'Yo. 1'1 and of the masses ILo , ILl are then 

introduced as, 

1"0 
C = (-)K'V 

o V I., , 

r :& 
M = (~) K Il (} V III 

II 

I" :1 
M = (~) K .. 

1 V '-1 , 

(7.31) 

(7,32) 

Eq. 7.30 can be transformed from uo(w) to uo(aJ by using the relationships in Eq. 7.31 

and Eq. 7.32 yielding, 

where 

k(a) = 1 -

c(a) = III 
11 

(7.33) 

(7.34) 

(7.35) 

The values of 'Yo> 'Y1 and ILo. ILl have been tabulated in Ref.W9 or Ref.WlO. Sample 

plots of k's and c's versus dimensionless frequency ~ for the vertical and rocking modes are 
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shown in Fig. 7.10 and Fig. 7.11 respectively. For a small value of ao the rocking damping 

coefficient will be much smaller than the veltical damping coefficient. 

DOBRY & GAZETAS (1986) presented the dynamic impedance of a rigid arbitrarily 

shaped surface foundation resting on an elastic half space. The foundation is loaded by a 

harmonic loading in any vertical. horizontal or rocking mode. The discrete mechanical model 

is shown in Fig. 7.4. If Pi and U j are the force and the displacement amplitude at vibration 

mode i, then the dynamic equilibrium can be expressed in a form similar to Eg. 7.22 and Eq. 

7.23. The dynamic stiffness and damping coefficients for vertical, horizontal and rocking 

modes were systematically tabulated in Ref.D3. 

7.4 STIFFNESS AND DAMPING COEFFICIENTS OF EMBEDDED FOUNDATIONS 

Under dynamic loading, interface friction between the soil and the adjacent side-wall 

footing is unavoidable and the responses of surface and embedded foundations under dynamic 

loading may differ significantly. During dynamic loading a shear stress will occur at the soil 

foundation interface. Dissipation of energy will be observed unless slip occurs between the soil 

and the footing. 

The estimation of the energy dissipated on the embedded foundation is important in the 

foundation vibration analysis. From laboratory test results, the damping forces generated 

depend upon the vibration modes, embedment depth, the area of the contact. physical 

characteristics of the soil, and the contact between the foundation and surrounding soilsA'i. In 

general, foundation embedment will increase the soil-foundation stiffness substantially if the 

side-wall and the surrounding soils are relatively stiffly bonded or if no slip 

occursAS ,Gl,H7)2,l(2,Nl,N2,R2.S7. 

7.4.1 Frequency Independent Stiffness and Damping Coefficients 

Effects of the embedment on the dynamic foundation response observed in laboratory 

tests was reported by NOVAK (1970). Two important parameters such as the degree of the 

embedment and types of the back fill were considered. Results of the vertical vibration tests 

are shown in Fig. 7.12 where these parameters gave significant effects on the foundation 

response. The vertical response amplitude ofthe foundation reduces as the embedment increase. 
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A,B and C in the figure refer to a fully undisturbed embedded foundation, a foundation 

surrounded by fill material and a foundation surrounded by an air gap respectively. The vertical 

response of the foundation also reduces as the back fill density increases. 

ANANDAKRISHNANAND KRISHNASWAMY (1972) also present the effects of the 

embedment on the vertical steady state responses of an embedded foundation from both analysis 

and laboratory tests. The lumped parameter method was used to predict the amplitude of the 

frequency response, where the spring and damping coefficients were assumed to be constant 

and independent of the excitation frequency. The relationship between the normalised frequency 

and the embedment factor is shown in Fig. 7.13 where the normalised frequency increases with 

the embedment factor. This study concluded that the correlation between test results and 

predicted values of the foundation responses was quite satisfactory. 

Effects of the embedment on the response of two existing different machine foundations 

was also studied by STOKOE AND RICHART (1974). Harmonic loading either in the 

horizontal or rocking vibration modes were applied to the foundation systems. The foundations 

are rectangular and an equivalent radius ro was used to predict the foundation response. The 

measured steady state foundation response was 25 % less than that predicted for an equivalent 

circular foundation resting on the surface. It was also found that the measured damping ratio 

was at least 30 % more than that predicted from an equivalent circular surface foundation. 

JOHNSON AND CHRISTIANO (1974) analyzed the load displacement behaviour of 

embedded cylindrical and strip foundations under static loading. The foundation was embedded 

in an elastic stratum underlain by a rigid base. The vertical, horizontal, rocking, torsional and 

coupled horizontal and rocking modes were considered. Stiffness constants of the embedded 

foundation were evaluated by using the finite element method and were normalized with the 

stiffness of the surface foundation. These normalized stiffnesses are shown in Fig. 7.14, 7.15 

and Fig. 7.16 respectively which show that the stiffness constant of an embedded foundation 

increases significantly with embedment ratio. 

7.4.2 Frequency Dependent Stiffness and Damping Coefficients 

An approximate dynamic response of an embedded massive foundation in the frequency 

domain was reported by NOVAK AND BEREDUGO (1972). A cylindrical embedded footing 
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was assumed to be resting on an elastic half space. Vertical harmonic loading was applied at 

the centre of the foundation plan as shown in Fig. 7.17. pet) and z(t) are the applied force and 

the corresponding vertical displacement respectively. The base reaction ~ was assumed to be 

equal to that of an elastic half space which means that this reaction was independent of the 

depth of the embedment. Based on the theory of an elastic half space, the base reaction ~ can 

be expressed as, 

(7.36) 

in which, 

(7.37) 

where f\ and f2 are frequency dependent displacement functions and G and ro are the shear 

modulus and the radius of footing respectively. 

If r. is the dynamic reaction per unit length of the embedment, then the total side 

reaction can be expressed as, 

1 

Nit) = J r,(z,t) dz (7.38) 

o 

The dynamic reaction r, is a function of the depth of embedment, soil shear modulus 

G, dimensionless frequency 30 and mass density p. An approximate assumption that r. is 

independent of the depth of embedment was then adopted. Accordingly, the dynamic reaction 

r. = G. (51 + i 52) u(t) can be utilized and the total side reaction is, 

1 

Nz(t) == f G&(S1 'I- i SJz(t)dz = GI-(SI + i SJZ(f) 
(7.39) 

~ 

where 51 and 52 are functions of first and second kinds of Bessel functions 1 .• (a.) and Y..(ao) 

respectively, L is the depth of embedment and Gs is the shear modulus of the embedded soil. 

The values in the bracket in Eq. 7.39 are impedance function similar to those in Eq. 7.21. 51 

refers to the soil-foundation stiffness and the damping coeftlcient is proportional to 52' 
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The final differential equation of motion of the foundation system is the summation of 

Eq. 7.38 and Eq. 1.39 thus, 

+ i SJ} = P 
(7.40) 

Eq. 7.40 is similar to Eq. 7.13, where the differential equation of motion of the soil 

foundation system is represented in the form of the lumped parameter model. Hence, the 

frequency dependent stiffness and damping coefficient respectively are, 

K= 
(7.41) 

(7.42) 

The values of C'. and S', as functions of the dimensionless frequency a" can be 

determined by using Fig. 7.18. Experiments indicated that the approximate theory yielded 

reasonable results. 

The dynamic response of embedded massive foundation subjected to coupled horizontal 

and rocking vibration modes was also presented by BEREDUGO AND NOVAK (1972). An 

approximate theory based on the assumption that the dynamic reaction of the footing base was 

equal to that of an elastic half space and the reactions acting on the footing sides were 

independent of the depth of embedment. These assumptions were similar to the earlier 

investigation of vertical response of an embedded footing foundation. The mathematical model 

is shown in Fig. 7.19. Q(t) and M(t) are the applied horizontal and moment, u(t) and tJ;(t) are 

the corresponding horizontal and rocking displacements respectively. The relationship between 

the applied force and displacement in the lumped parameter method can be expressed in the 

complex coupled equations, 

(7.43) 

where k" and cgs respectively are, 
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(4.44a) 

(7.44. b) 

(7.44.c) 

(7.45.a) 

e" = - [«C •• + d ~(z< - 0.5 I ) s •• ] 
(7.45.b) 

(7.45. c) 

where k ... and c, •• respectively are the dynamic stiffness and damping coefficients, G is the soil 

shear modulus, Ie is the rotational mass moment of inertia about the centre of mass, I is the 

depth of embedment, 0 = llro is the depth of embedment to radius of footing ratio and Ze is the 

distance from the centre of the foundation mass to the base of the footing, 

The values of C .. and S' •• are dependent on the dimensionless frequency a.,. For several 

values of soil Poisson's ratio JI, these parameters can be computed by approximate polynomials 

as shown in Appendix I, Ref. BI. The corresponding frequency dependent stiffness Kss and 

damping coefficient C.OS respectively are, 

(7.46.a) 

(7,46.b) 
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3 
Gr«l 

C = - (; 
" (,) " 

(7.46.c) 

(7.47.3) 

(7.47,b) 

(7.47. c) 

An approximate response of a fully embedded foundation was also presented by WOLF 

AND SOMAINI (1986). Both cylindrical and prismatic embedded foundations were presented 

for coupled horizontal and rocking vibration modes. Only the response of prismatic foundations 

will be discussed. The foundation geometry and discrete mathematical model for the coupled 

horizontal and rocking modes is illustrated in Fig. 7.20. P(ao) and M(ao) are the applied 

horizontal force and moment respectively and the corresponding displacements respectively are 

u(ao) and cPo(ao). The relationship between the applied force and the corresponding displacement 

is similar to that in Section 7.3.2. This relationship is, 

(7.48) 

where, 

(7.49) 

(7.50) 
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Ik = 0.250 t2 for cylindrical loundatio" 

I,. = 0,333 /Z for prismatic loundation 

(7.51) 

(7.52) 

where Ks.h,K •. r are the static stiffnesses for horizontal displacement and rocking respectively, 

kh' 1<:., ch, Cr are dimensionless stiffnesses and damping coefficients for horizontal and rocking 

modes respectively, crh = Chr are dimensionless damping coefficients for coupled horizontal 

displacement and rocking, fk' fc are horizontal spring and damping eccentricities measured 

from the level of the foundation base, 'Yoh is the damping dimensionless coefficient for 

horizontal vibration and e is the depth of embedment. 

The values of k's and c's can be computed by using Eq. 7.34 and Eq. 7.35 in which 

the values of 'Yo, 'Yl and p.o. p., can be found in Ref.W9 or Ref.WlO. The approximate formula 

for static stiffness K.ss and damping coefficient C.ss for vertical, horizontal and rocking modes 

can be computed respectively from, 

Ks,v = ~_: [ 3.1 (-f)O.7S + 1.6 ] [ 1 + { 0.25 + 0.2: b } (i)0.8 ] 

G b { I 0.6S I } { 1.34 } e 0.8] K L =- 6.8 (-) + 0.8 (-) + 1.6 1 + 0.33+ (-) 
s",y 2 -\I b bib 

1 +-
b 

KS,hJl = -- 6.8 (-) + 2.4 G b { I 0.65 } 

2-v b 

G b
3 

{ I } Ks,n: = -- 3.20 (-) + 0.80 
I-v b 

I (1;) 
1.34} e 0.11 ] 

1+
b 

+ (1.6) (!!../'] 
0.35 + (1) b 

b 

(7.53) 

(7.54) 

(7.55) 

(7.56) 

(7.57) 
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where 2b = foundation width, and 21 = foundation length, where 1 > b. If coupled horizontal 

displacement and rocking is considered, then the coupling stiffness constants respectively are, 

(7.58) 

(7.59) 

(7.60) 

7.5 STIFFNESS AND DAMPING COEFFICIENTS OF ARBITRARY SHAPED AND 

PARTIALLY EMBEDDED FOUNDATIONS 

In the earlier discussions, the dynamic responses of the cylindrical and prismatic 

foundations were covered for fully embedded foundations. The footing foundations, however 

are not necessarily fully embedded but both arbitrarily shaped and partially embedded. In 

Section 7.4.1 it was shown that the foundation embedment effects the foundation response. 

Therefore, the responses of arbitrary shaped and partially embedded foundation are to be 

discussed briefly. 

The dynamic responses of arbitrary shaped and partially embedded foundations for all 

vibration modes were reported by GAZETAS et al. (1985), GAZETAS & TASSOULAS (1987), 

HATZIKONSTANTINOU et al.(1989) and FOTOPOUW et a1. (1989). Only the vertical, 

horizontal and rocking vibration modes will be discussed. 

7 .S.1 Vertical!. Stiffness and Damping CoefficientsD4,Gl,Gl1 

7.5.1.1 Vertical Static Stillness 

The method used in this study is an extension of the dynamic response of the 

surface foundation resting on the elastic half-space by DOBRY & GAZETAS (1986) as 
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described in Section 7.3.2. Included in this study are several results compiled from the 

references. The results are applicable to a variety of cross sectional shapes, a wide range of 

embedment depths and types of contact between the vertical sidewall and the surrounding soils. 

The soil-foundation system is shown in Fig. 7.21. 

The vertical static stiffness of an arbitrary shaped surface foundation resting on 

elastic half space can be written as, 

(7.61) 

where K.v,lJIIf is the static stiffness of an arbitral)' shaped surface foundation, Sz is the vertical 

static stiffness parameter, G is the soil shear modulus, L is one-half of foundation length and 

71 is the soil Poisson's ratio. 

The values of Sz are obtained for a wide variety of a rigid foundation shapes 

from several references. The variation between Sz and a normalized base shape is shown in 

Fig. 7.22. The best fit of these values yields, 

S = 08 z • 
(7.62.a) 

A 
S = 0.73 + 1.54(_11_)0.75' 

I 4, £2 

A 
for _b_ > 0'()2 

4 £1 

(7.62.b) 

In reality, a footing foundation is placed at a particular depth below the free 

ground surface. Generally the soil stiffness increases with the depth. The vertical displacement 

of the trench footing foundation is therefore considerably smaller than that a surface foundation. 

This is not only because of the increase in the soil stiffness but also the effect of the normal 

and shear stresses generated at the horizontal plane of the foundation base, as shown in Fig. 

4.23, reducing the vertical displacement of the foundation base. The effect of the trench 

foundation on the vertical stiffness leads to the trench coefficient which is denoted by ~re' 

Results of this study and compiled results from references leads to the relationship between ILre 

and the shape-dependent depth parameter as plotted in Fig. 7.25. This trench coefficient can 

be written as, 
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(7.63) 

where D is the depth of embedment, B is one-half of foundation width where L > B and At, 

is the area of the foundation base. 

Another aspect of the embedded foundation response is the sidewall effect. 

When the vertical sidewall is in contact with the surrounding soil, part of the applied load is 

transmitted to the ground through shear stresses acting along the vertical sidewall. The vertical 

foundation displacement will be sufficiently reduced because of the increase in the vertical 

stiffness. This effect leads to the sidewall coefficient which is denoted by lwall' A plot of Iwall 

against sidewall-base area ratio is illustrated in Fig. 7.24. The best fit for this coefficient leads 

to, 

{
A }2fJ 

IWall :: 1 + 0.19 A: (7.64) 

where A. is the area of the sidewall-soil contact. 

The static vertical stiffness of the partially embedded foundation K.v,emb 

therefore, can be computed by considering all of the coefficients and yields, 

(7.65) 

7.5.1.2 Vertical Dynamic Stiffness 

Taking into account the effect of excitation frequency on the fully embedded 

foundation leads to the dynamic stiffness coefficient denoted by k...emb' The vertical dynamic 

stiffness of a fully embedded foundation can be computed by multiplying this coefficient by the 

vertical static stiffness in Eq. 7.65 to get, 

(7.66) 

For Poisson's ratio /I < 0.4 plots of the dynamic stiffness coefficient of surface 

foundation, kv .• ur against the dimensionless frequency ao for any values of LIB can be 

determined by using the graph shown in Fig. 7.26. For wide range of dimensionless frequency, 
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kv"ur is very sensitive to high values of the LIB ratio. Plots of kv,emb/kv,fiUr against the 

dimensionless frequency for any value of D/B are shown in Fig. 7.27. The best fit of this 

relationship yields, 

(7.67) 

For the foundation placed in a trench (without sidewall) the dynamic stiffness 

coefficient, kv,lre can be expressed as, 

(7.68) 

In the case of an partially embedded foundation, the corresponding dynamic 

stiffness coefficient can be computed by interpolating between Eq. 7.67 and Eq. 7.68. 

7.5.1.3 Vertical Damping Coefficient 

During vibration of the foundation, energy is transmitted away to the soil by 

the spreading upwards-downwards waves and shear waves as shown in Fig. 7.28. The upward

downward propagating waves is close to the "Lysmer's analog" velocity, VLa rather than P

waves and the sidewalls mainly transmit shear wave (S-wave) to the surrounding soil. The 

energy dissipation of this mechanism is called radiation damping denoted by C(w). This 

damping coefficient is frequency dependent and increases with the contact area of the soil

foundation. By assuming that the two waves generated at the base and sides of the embedded 

foundation are independent of one another the total radiation damping 4 can be computed by, 

where, 

v: == fA 

3.4 VB 

n; (1 - v) 

(7.69) 

(7.70) 

in which p is the soil mass density, V. is shear wave velocity, VLa is Lysmer's analog wave 

velocity, Ab is area of the foundation base, A. is the soil-sidewalls contact area and ~z is the 

frequency and shape dependent coefficient. 
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The variation of coefficient Cz with the dimensionless frequency, ao is shown in Fig. 

7.29. 

7.5.2 Horizontal Stiffness and Damping CoefficientsOO,Gl,Gll,G13 

The horizontal vibration mode arises when the foundations or the foundations support 

structures are subjected to dynamic lateral forces generated by periodical loading such as wind 

load, water wave pressure, machine vibrations or non periodical loadings such as earthquake 

excitation. A number of studies of the horizontal dynamic response of embedded foundations 

have been reported for circular or rectangular fully embedded foundationsBl.P8.w9. 

The dynamic response of arbitrary shaped fully or partially embedded foundations have 

been presented. by GAZETAS & TASSOULAS (1987). An efficient boundary element 

formulation was used in the study. Results were presented in the form of dimensionless 

parametric graphs for a wide range of embedment depths, base shapes, dimensionless 

frequencies and values of soil Poisson's ratio. 

7.5.2.1 Horizontal Static Stiffness 

The soil-foundation system is shown in Fig. 7.21. From the study of the 

dynamic response of an arbitrary shaped surface foundationD3
, Xthhorizontal static stiffness of 

the surface foundations in the x-direction K.x,Gur and the y-direction Koy.nur respectively can be 

computed by, 

K 2: GL S 
8J',s1U = (2 - v) y 

(7.71) 

K :::: K - 0.21 G L {1 _ (B) } 
U,IUT ty,IUT (0.75 - v) L 

(7.72) 

The value of 5y is dependent on the base-shape parameter. The data from 

Ref.D3 is compiled with the results of this study and is presented in Fig. 7.30. The value of 

Sy can be approximately expressed as, 

{
A }0.ll5 

S JI = 2: .... 2.50 4 ~ 2 
(7.73) 
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The schematic effects of the trench and sidewall of the embedment on the 

foundation response is shown in Fig. 7.31. These effects are similar to those discussed in 

Section 7.5.1.1. Results for rectangular foundations indicate that both of ~re and Iwwl are 

independent of the loading directions or, 

(7.74. a) 

(7.74.b) 

It was found that the Poisson's ratio p of the soil has no effect on ~re and Iwall • 

Itre is affected by a single parameter D/B, Lwl is affected by dimensionless parameters hlB and 

Av,IV as shown in Fig. 7.32 and Fig. 7.33 respectively. The best fit of the results to those 

figures leads to, 

1 .. " 1 + 0.15 ~~ < 1.20 

{
h Aw }OMl 

11llall = 1 + 0.52 - -
B Ll 

(7.75) 

(7.76) 

where Aw is the effective contact area of the soil-sidewall (Aw < A.) and h is the distance from 

the mid-hight of the sidewall to the ground surface. 

The static horizontal stiffness of an arbitrary shaped embedded foundation can 

be computed by considering both coefficients in Eq. 7.75 and Eq. 7.76 thus, 

(7.77.a) 

(7.77.b) 

7.5.2.2 Horizontal Dynamic Stiffness 

The effects of the excitation frequency on the dynamic horizontal stiffness of 

the embedded foundation are represented by the dynamic horizontal stiffness coefficients kx,emb 
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and Is,emb' In general, there are four parameters that influence these coefficients, the 

dimensionless frequency, the aspect ratio LIB, Poisson's ratio and the embedment aspect ratio 

diD. The effect of the soil Poisson's ratio is relatively small and its effect is neglected. Plots 

of kx, ley versus the dimensionless frequency .for LIB = 2 and for different values of DIB are 

shown in Fig. 7.34. The values of k~,emb and Is,em!> can be determined by considering the effect 

of the embedment aspect ratio dlB as illustrated in Fig. 7.35. The horizontal dynamic stiffness 

are therefore, 

(7.78.a) 

(7.7S.b) 

where Kdy,emb and K.u,emb are the dynamic horizontal stiffnesses III the y and x-directions 

respectively where x is the long direction. 

7.5.2.3 Horizontal Damping Coefficient 

The horizontal damping coefficient of an embedded foundation is initially 

generated by both shear waves V. and compression-extension waves V 00' Some references take 

the compression-extension waves Va:> as equal to Lysmer's analog velocity VLa, When the 

horizontal motions oscillate in the x-direction the compression-extension waves Voe propagate 

in the x-direction and shear waves propagate away in a direction perpendicular to the 

foundation motions. Other shear waves initiated at the foundation base propagate away to the 

surrounding soil with velocity V._ The equivalent energy dissipating at the foundation base can 

be expressed as, 

(7,79.a) 

c - - A V by - 'y P b 8 

(7.79.b) 

where Cbx, Cby are the damping effects generated by a shear wave at the foundation base in the 

x and y-directions respectively and ~x, ty are frequency and shape dependent coefficients in the 

x and y-directions respectively. 
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Both these radiation damping coefficients are functions of the dimensionless frequency, 

the LIB ratio and the soil Poisson's ratio. Plots of ~y versus the dimensionless frequency for 

various LIB ratio is shown in Fig. 7.36. It was found that the dimensionless damping 

coefficient in the x-direction or longitudinal direction can be approximated by 

(7.80) 

The other energy dissipations generated by the sidewalls Cw are due to shear waves V. 

propagated away in a direction perpendicular to the horizontal motions and compression

extension waves with velocity V ce propagate away in direction of the horizontal motions. Total 

energy dissipated by sidewalls Cw can be computed by 

(7.81) 

where C. and ~ce are the dimensionless damping coefficients referring to the propagating 

directions of V. and V re respectively, Aws is the soil-sidewall contact area parallel to the 

horizontal motions and Awce is the soil-sidewall contact area perpendicular to the horizontal 

motions. 

Values of the dimensionless damping coefficients ~s and i\" depend on 

dimensionless frequency and the aspect ratios of diD, DIB and LIB. Numerical results suggests 

that for DIB < 2, an approximate value of ~s = (;ce = 1 can be used for practical applications. 

Finally. assuming that the foundation base and sidewalls radiate independently. total energy 

dissipation of the embedded foundation in term of radiation damping coefficients is, 

(7.82) 

4.5.3 Rocking Stiffness and Damping Coefficient!...II7,F4,G12 

Among of the vibration modes, rocking is recognized as the most critical mode of 

oscillation for a foundation, since it is associated with very small radiation damping. Rocking 

modes arise when the structure suppOlted by the foundations is subjected to dynamic lateral 

loadings. 
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The dynamic responses of partially embedded rocking footing foundations were reported 

by HATZIKONSTANTlNOU et.all (1989) and FOTOPOULO et.al (1989). An efficient 

boundaLy element formulation was used in this study. Results were presented mainly for 

rectangular foundations with a base aspect ratio LIB < 10, a wide range of dimensionless 

frequencies ao < 2, a wide range of embedment depths D/B < 2 and three values of Poisson's 

ratio, Results were presented as dimensionless parametric graphs and in approximate formula 

resulting from the best fits tothe available data. 

7.5.3.1 Rocking Static Stiffness 

The rocking static stiffness as discussed in Ref. H7 was the extension of the 

study on Dynamic Response of Arbitrary Shaped Foundations presented by DOBRY & 

GAZETAS (1986). The rocking foundation model is shown in Fig. 7.37. For the static 

rocking stiffness of a surface foundation loaded in the longer axis or in the x-direction K.rx.5IJr 

is always smaller than that respect to the y-direction K,.I)',.ur' These static stiffnesses can be 

computed by, 

K - G (1 )0.'15 S 
lIYX,fur - (1 _ v) bx n 

(7.83) 

(7.84) 

where, 

(7.85) 

(7.86) 

where Ibx and Iby are the foundation base moments of inertia with respect to the x and y-axis 

respectively. 

The effects of foundation embedment on the static stiffness are similar to those 

of the previous discussion. The rocking static stiffness of an embedded foundation increase 

mainly because of the trench effect rr.lre and sidewalls effect rr,woIl' Normally r IX,lre or r 1)'.1", are 

greater than 1, but numerical results indicate that for practical applications, 
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(7.87) 

The coefficient rr,wall depends on d,D,B and L in a complicated way. It was 

found that the best correlation of this coefficient and the dimensionless parameters d/B, B/L, 

DId and d/L are given in Eq. 7.88 and Eq. 7.89 or as shown in Fig. 7.38 and Fig. 7.39 

respectively. 

d [ d {D}O.20{B}O.56 1 r n,wali ~ 1 + 1.26 11 1 + B d L " 
(7.88) 

f. d}O.66 [ {tl}I.90{D}O.60 1 r ""wall 0;$ 1 + 0.92 lL 1.50 + L d (7.89) 

7.5.3.2 Rocking Dynamic Stiffness 

The dynamic rocking stiffness of an embedded foundation can be computed by 

taking into account the effect of the excitation frequency. This effect leads to the dynamic 

stiffness coefficients k.x,emb and k.r,emb respectively. The numerical results indicate that depth of 

embedment have no substantial effect on either ~x and kJ)" These coefficients can be taken as 

the values of k.x,sur and kJ)',our shown in Fig. 7.40. Accordingly, the dynamic rocking stiffness 

of embedded foundations can be computed as 

(7.90.a) 

(7.90.b) 

7.5.3.3 Rocking Damping Coefficient 

The rocking damping coefficient of an embedded foundation is relatively 

complex. There are four main components of damping that contribute to the total rocking 

damping coefficient. Two damping components were generated by energy transmitting away 
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by compression-extension waves at base and sidewalls, shear waves and torsional shear waves 

at the sidewalls. 

When a footing foundation rotates with respect to the x-·axis, the compression

extension waves will be initiated at the foundation base and at sidewalls parallel to the x-axis. 

The energy dissipation of these waves are denoted by Cbrn and Cwrx,l respectively. The energy 

dissipation can be written as, 

(7.91.a) 

(7.91.b) 

where d is the effective contact area between the soil and sidewalls, cOO[' cory, Crx and c..r are the 

dynamic rocking damping coefficients associated with the base and sidewall energy dissipations 

with respect to the x and y-directions respectively. 

The values of Corx and ~ory for any value of dimensionless frequency and the base 

aspect ratio LIB can be determined from the graphs in Fig. 7.41. The coefficients Crx and Cry 

can be computed by the approximate formulae, 

(7.92.a) 

(7.92,b) 

The other two waves are shear waves generated away from the sidewalls parallel with 

the y-axis and torsional shear waves parallel to the rocking motion. The torsional shear waves 

is generated with the rocking angle. The dissipation energies are denoted by Cwrx,2 and Cwrx,3 

respectively. These energy dissipations can be expressed as, 

(7,93.a) 
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(7.93.b) 

Finally, the total rocking damping coefficient in the x-direction Crx•emb of an embedded 

foundation and can be computed by summation of the damping components in Eq. 7.91 and Eq. 

7.93 to yield, 

C =c +C +C +C ",,.,,,,, brx wn,l wrx,2 wn:,3 
(7.94) 

The rocking damping coefficient with respect to the y-axis can be computed in a similar 

way. 

7.6 EFFECTS OF MATERIAL DAMPING 

As described in Chapter IV the cyclic behaviour of soils is nonlinear and hysteretic. 

The degree of non-linearity depends on the plasticity index PI, while the size of the hysteretic 

loop depends mainly on the level of soils shear strain 'Yos' At very low shear strains the 

hysteretic loop may be very small and sometimes is often assumed to be linear. In general, 

even though the amplitudes are very small, soil possess a hysteretic loop. The area of this 

hysteretic loop indicates the amount of energy dissipated per loading cycle. This energy 

dissipation is often referred to as the material damping of the soils denoted by ~m' 

The dynamic stiffnesses and damping coefficients discussed previously have not been 

incorporated in the effects of the soils material damping. It is also assumed that the material 

damping is independent of the soil Poisson's ratio. The effect of soil material damping ~m on 

the shear wave velocity V\m can be expresses in complex form asPs, 

V C = V,. 
B,m (1 'J:) - i ... ", 

(7.95) 

The complex soil shear modulus Gem can be written as, 

(7.96) 

The dynamic impedance of the soil-foundation interaction can be written as, 
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(7.97) 

where K. and Kd are the static and dynamic stiffnesses respectively. 

The effects of soil material damping ~m on the soil-foundation stiffness and damping 

coefficients are discussed in Ref.D4, Gl, G2, G13, H7 and Ref.F4. These effects on the 

dynamic stiffness ~(~m) and· damping coefficient Ci~J can be expressed by approximate 

formulae, 

(7.98) 

(7.99) 

The effects of material damping on the soil-foundation stiffness and damping were also 

presented by Ref.W9 and Ref.WlO. The complex soil shear modulus and complex 

dimensionless frequency were introduced. Substituting this complex dimensionless frequency 

into Eq.7.30 and after rearrangement leads to the approximate values of the dimensionless 

coefficients of the dampers 'Y' s and masses JL'. as follows, 

(7.100.a) 

(7.100.b) 

The stiffness and damping coefficients are computed from Eqs. 7.34 and 7.35. 

7.7 EFFECTS OF SOIL AND FOUNDATION MASS ON THE STIFFNESS 

COEFFICIENTS 

During calculation of the stiffness and damping coefficients described above, the 

foundations were assumed to be massless. The actual foundation possesses its own mass. The 

presence of the foundation mass will affect the dynamic stiffness coefficient k's. When a 

foundation with mass M*, spring stiffness K" and damping coefficient C* is subjected to 

harmonic excitation pet) = Po eio.(, the corresponding steady state response is u(t) = Uo eio.( and 

the force-displacement relationship at vibration mode i can be written as, 
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(7.101) 

The values of M*, I~* and C;* in Eq. 7.101 are chosen such that the real and 

imaginary part ofEq. 7.101 are equal to Eq. 7.25 hence, 

('1,102) 

(7.103) 

The right hand side of Eq. 7.103 contains two parameters Kt and M*, an unique 

relationship may be achieved by choosing K;" = K.,j then, 

(7.104) 

Eq. 7.104 indicates that if the mass of the foundation is considered, the dynamic 

stiffness coefficient k j decreases depending on the foundation mass-stiffness ratio. Normally this 

ratio is very small (± 1.5 %), therefore in most analyses of soil-foundation systems the effect 

of the foundation mass on the dynamic stiffness is considered to be negligible. If the amount 

of soil mass M, is assumed to contribute during the soil-foundation vibrations, the dynamic 

stiffness coefficient becomes, 

(7.105) 

For the system subjected to vertical or horizontal excitations, M" represents the mass 

of the foundation. In the case of a rocking oscillation mass M" is replaced by mass moment 

of Inertia Int"' with respect to the axis of rotation. 

7.8 MACIDNE FOUNDATIONS AND EARTHQUAKE ENGINEERING 

The dynamic stiffness and damping coefficients of the footing foundations as discussed 

above are derived from the steady state harmonic loading applied to the footing foundations. 

In earthquake engineering, however, the foundation of the building structures is subjected to 
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non-harmonic transient loadings through the base of the foundations. WILSON & DOVEY 

(1972) stated that the research associated with machine foundation problems has only a little 

value in earthquake engineering because of the different loading types and sources. Following 

this statement, GAZETAS (1991) stated that the information from machine-loaded foundations 

could also be used to assess the dynamic soil-foundation structure interaction during seismic 

shaking. Because of a lack of information regarding the calculation of soil-foundations stiffness 

and damping coefficients subjected to earthquake loadings. the information from machine

loaded foundation can be adopted. 

7.9 SUMMARY AND CONCLUSIONS 

The dynamic response of foundation vibrations have been investigated for surface 

foundations resting on an elastic half spaceG4·N1·L5·R2·V2·V3.V4.W2.W6.W9. or embedded 

foundationsAS •1l1 •G2)2.H7,N2.w9.wlo. The soil-foundation stiffness and damping coefficients become 

more important when lumped parameter methods are used during analyses. The stiffness and 

damping coefficients of surface foundations may be frequency independent or frequency 

dependent. Results from the analytical investigations and laboratory tests, however, indicate 

that under dynamic loading both the stiffness and damping coefficients are frequency 

dependent. 

The analysis of circular or rectangular fully embedded foundations have been 

reportedBI.P8.W9.WIO. Most of the analyses consider that the soil-foundation responses were 

frequency dependent. In reality, the building foundations are not fully embedded but partially 

embedded. It was found during laboratory tests that the degree of the foundation embedment 

has a significant effect on the foundation responses. Using formulae for fully embedded 

foundations for partially embedded gives a considerable overestimation of the coefficients. 

The dynamic responses of arbitrary shaped fully or partially embedded foundations have 

been reportedD3·F4.GI.G2.H7. The effective boundary element method was used for the analyses. 

The results were presented in dimensionless parametric graphs for a wide range of 

dimensionless frequency, base shape aspect ratios LIB, a wide range degree of the embedment 

depth and some values of the soil Poisson's Ratio Il. For convenience, some of the results are 

presented mathematically by an approximate formula resulting from curve-fitting of the 

available data. 
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In general, soil material damping decreases the dynamic stiffness, but increases the 

damping coefficient. 

For simplicity during the analyses of soil-foundation response, the foundations are 

assumed to be massless. The effect of the foundation mass is usually relatively small and for 

practical purposes can be neglected. 

Machine foundation vibrations and building footing foundations are subjected to 

different sources of energy. However, information from machine-loaded foundations can be 

used to assess the dynamic soil-foundation structure interaction during seismic excitationG12
• 



Chapter VIII 

The Analysis Procedures 

8.1 INTRODUCTION 

The soil-structure interaction effects not only stiff structures supported by soft soil but 

also embedded structures, where an increase in soil-foundation contact causes modification of 

the structural frequencies and increases the radiation damping. This latter area has received 

great attention in the design of nuclear power plants. Greater confidence in the dynamic soil

structure interaction has been achieved since the state of the art of structural dynamic and the 

dynamic finite element was developed at the same time to accompany the previous methods of 

the theory of the elastic half-space or continuum solutionsH2
• 

The understanding of dynamic soil properties as presented in Chapter IV is one aspect 

of the development of the analysis of soil-structure interaction. Another aspect refmement of 

the soil-foundation modelling and impedance as discussed in Chapters V and VII. Further 

research on the aspects of soil-structure interaction involved the new methodologies, 

implementation and efficiency of the numerical solutionsRlO
• These aspects will be briefly 

discussed in this chapter. 

8.2 THE METHODS OF ANALYSIS OF SOIL·STRUCTURE INTERACTION 

The methods of analysis of soil-structure interaction can be divided broadly into two 

main groups, The Lumped Parameter and The Finite Element Methods. Some techniques have 

been developed to improve the accuracy of these methods. 

8.2.1 Lumped Parameter Method 

This method sometimes called the simplified substmcture methodGlO or the impedance 

methodN9
•
Hl

• The structural system is divided by two main parts, the substructure consisting of 

the soil-foundation interaction and the supported superstructure. For a given earthquake 

excitation the analysis procedures has two main steps; firstly, determination of the soil

foundation impedance without the superstructure and secondly, combining this impedance into 

185 
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the equations of the structural system. In most applications the input motion is assumed to be 

at the level of the foundation and the same as the free field motionH20 with the reason as 

described in Section 1.1. The simplest structural system is the stick modelC3 •C4•c1,S9,Tl9,Z5 

supported by a rigid foundation. An example of this structural system is shown in Fig. 8.1. 

In this method the soil-foundation impedance is represented by a spring and dashpot to 

simulate the soil-foundation stiffness and radiation damping respectively. In the early 

application of this method, the soil-foundation impedance was assumed to be frequency 

independent, but recently these have been improved both in the soil and foundation modelling 

and in the analysis methods as presented in Chapter VII. 

Once the frequency dependent soil-foundation impedance is computed the overall 

differential equations of motion of the structural system is written in the frequency domain 

requiring the compatibility of the displacements and the equilibrium of forces at the foundation 

interfacecB as shown in Fig. 8.2. The response of the structural system can be usually computed 

by a numerical integration of the governing differential equations of motion. This frequency 

domain analysis required a great of computation effort as discussed by Ref.C6. In the case of 

a structure resting on the homogeneous elastic half-space, a drastic reduction of the 

computational effort can be achieved by using constant impedance coefficients as suggested by 

Ref.P34, T19 and ZS. 

For a layered soil system this simplified analysis is not justified because the impedance 

function as shown in Fig. 5.12 and 5.13 are very sensitive to the dimensionless frequency a.,. 

ROESSET (1991) pointed out that the dimensionless frequency a., is only less significant for 

seismic excitation than for machine foundations because the excitation frequencies are lower 

as discussed in Section 4.1. 

This method has several limitations; the assumption of a rigid foundation over the entire 

building foundation is not appropriate in many situations where the coupling effects of the 

neighbouring footing foundation cannot be incorporated, the effect of the non-linearity and 

variability of the soils beneath the foundation in general cannot be directly included and the 

impedance coefficients for layered medium are restricted to a horizontally layered soil model. 

The non-linearity of the dynamic properties of soil was discussed in Chapter IV. Using 

the maximum likely soil shear strain 'Yss as discussed in Section 4.3 the use of the equivalent 
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linear method where the soil-foundation stiffness and damping coefficients are computed from 

the equivalent-linear soil shear modulusG12.P20 at a particular value of soil shear strain is still 

justified. Attempts to simplify the effect of a layered soil on the soil-foundation impedance was 

discussed by Ref.Hll , J2, J5 and S19. 

3.2.2 Finite Element Methods 

8.2.2.1 Direct Finite Element Method 

The direct finite element method for the analysis of soil-structure interaction 

is an obvious application of finite element technique. The system to be analyzed is a 

combination of the superstructure and portion of a semi-infinite soil domain modelled as a finite 

domain. Both of the superstructure and the soil domain are discretized into small elements and 

excited by an earthquake eccelerogram at the base of the finite element domain as shown in 

Fig. 8.3. The standard procedures for the formulation of the element stiffness matrix can be 

found in many textbooks. The accuracy of the finite element technique, in general, depends on 

the type and size of the elements and the selection of the displacement fields within each 

elemenfI2.S1.Tl9. 

One of the limitations of this method is the large computational effort required 

during the analysis because of the small elements required to achieve a appropriate degree of 

accuracy. The whole structural system may have several hundred to a few thousand degrees 

. of freedom. The usual application of the finite element method simplified from 3-dimensional 

to a 2-dimensional analysis leads to significant errors as indicated by an underestimation of the 

peak responseC27,GIO.H2.Tl9. 

An effort to increase an efficiency of the numerical integration of a 2 

dimensional structural system has been proposed by GUTIERREZ & CHOPRA (1977,1978) 

by introducing a new method of analysis called The General Substructure Method. The 

equations of motion are partitioned in terms of vector displacements of the structural nodal 

points r, and base nodal points at the soil-interface rb as shown in Fig. 8.4. By considering 

equilibrium of interaction forces and compatibility of displacements of the base nodal points 

leads to differential equations of motion involving the complex value of dynamic stiffness 

matrix Sru.J)(w) corresponding the soil-interface and the soil-domain displacements rr and fe 

respectively. The analysis is computationally efficient because of an approximate application 
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of the first few structural modes only and assuming the dynamic stiffness matrix is frequency 

independent. The effect of the finite soil domain is represented by a relatively sman rectangular 

Sf(ij)(UJ) matrix with i = j = 1,2 ... n where n is the number of nodal points at the soil

structure interfaceGlO
,G17.Glfl. The derivation of this matrix can be found in Ref.GlS. 

The general finite element method, however, can be used to solve a relatively 

complex and large structure involving non-regular foundation shapes, inclination and non

linearity of the layered soil system, embedded foundations and dynamic coupling between 

neighbouring rigid or flexible footing foundations. 

8.2,2,2 Finite Element witb Artificial Boundaries 

In many dynamic problems such as acoustics, fluid dynamics, blast effects or 

foundation vibrations, wave propagation is the main difficulty in a rational approach to the 

analysis ofthe system. An example of wave propagation in an infinite system is shown in Fig. 

B.5 where an exited zone is enclosed by an imaginary convex artificial boundary. The wave 

energy propagates from the excited zone in the interior region and all energy arriving at the 

boundary will pass into the exterior region to infinity. Thus, no wave energy is reflected back 

by the artificial boundary into the interior region. This phenomenon is a limitation of the 

application of the direct finite element method to the analysis of soil-structure interaction. The 

problem is the difficulty in modelling of a far-field infinite medium in the finite domainK17 in 

which no wave energy is reflected back into the finite element domain. If the artificial 

boundaries are selected far enough away from the exited zone, the number of degrees of 

freedom becomes large and a huge computational effort is required in the analysis. Proposed 

artificial boundaries are described in the following sections. 

Elementary Boundaries: These boundaries, either fixed, free or rolling boundaries are called 

perfect reflectorsK15 since no energy is absorbed or transmitted at the boundary. In the case of 

a bounded soil medium a fixed boundary is usually used at the base while the a free or rolling 

boundary is usually used at the vertical boundaries. These types of boundaries are usually 

utilized in the direct finite element method. 

Local Boundaries: If the artificial boundary is able to absorb or transmit the impinging wave 

energy then it is called a transmitting boundary. These boundaries are called imperfect 
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transmitters because the boundary only performs a perfect transmitter under a certain 

conditions. The term local implies that in the time or frequency domain, coupling between 

viscous dashpots occurs only between the neighbouring boundary pointsXI.KI5. The first local 

boundary is the standard viscous boundary presented by LYSMER & KUHLEMEYER 

(1969)Kll'i. This viscous boundary is frequency independent consisting of independent normal 

and tangential forces generated by a viscous damper as shown in Fig. 8.7. It was demonstrated 

that this boundary performed as a perfect transmitter when the angle of incident wave 0 is 

greater than 40° as shown in Fig.8.6. 

Another artificial viscous boundary called the Unified Boundary was presented 

by WHITE et al.(1977). This boundary is also frequency independent as modelled by a normal 

and tangential dashpot at the boundary. If the direction of the arriving wave is known the 

viscosity matrix of these transmitters can be evaluated such that the perfect energy transmittion 

will be achieved. It was found that this artificial boundary is more efficient than the standard 

viscous boundary. Several local transmitting boundariesKl6.wlO were proposed such as Ang

Newmark Boundary (1972), Smith Boundary (1974), Paraxial or Engquist-Majda Boundary 

(1977) and the extrapolation or Liao-Wong Boundary (1984). Ref.K6 showed that although 

these transmitting boundaries appear different they are mathematically related. The choice of 

boundary can be based on ease of use, accuracy and stabilit:yK16. 

Consistent Boundaries: WOLF (1988) stated that the local transmitting boundaries are just 

approximations and more rigorous transmitting boundaries would be frequency dependent where 

the damping coefficient can be expressed as a function of the dimensionless frequency ~. The 

Consistent Boundary is frequency dependent and requires a frequency domain analysis for a 

linear system and is difficult to use in a non-linear problemw27. As presented by KAUSEL et 

al.(1975) this transmitting boundary is discretized so that the boundary nodal points are fully 

coupledKI5 in the form of a frequency dependent boundary stiffness matrix. Because this 

boundary performs as a perfect absorber the transmitting boundary can be placed directly on 

the edge of the structure greatly reducing the number of degrees of freedom in the system. This 

transmitting boundary is frequency dependent and in order to get the simple eigenvalue 

problem, it often requires the far-field horizontal rigid base boundaryKls. For most engineering 

applications, the non-linearity of the far-field may not affect significantly the structural 

responsezs and only an insignificant reflection will occur on the horizontal boundaryL13. The 

effect of this vertical radiation was ignored in some soil dynamic studiesK1s. 
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Fig. 8.1 Viscous Boundary in Finite Element for Footing on Half-Space (L12) 
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The comparison of the performance of elementary, local and consistent 

boundaries on the surface footing compliance was reported by ROESSET (1977). An excellent 

agreement between the consistent transmitting boundary and the analytical solution whereas the 

solutions for the elementary and the local boundary depend strongly on the location of the 

vertical boundary and the degree of soil material damping. Similar comparisons were reported 

by KAUSEL & TASSOULAS (1981). It was found that the third degree approximation of the 

Engquist & Majda transmitting boundary were similar to the consistent boundaly and if the 

exciting frequency is less than the fundamental frequency of the soil stratum, the transmitting 

boundary is not important. 

Recent developments of the transmitting boundary have led to more powerful 

analyses such as hybrid modelGI9,R12 and boundary element methodsA18,E7,K19,K20,M27,SJ2,ZS for use 

in soil-structure and soil-foundation interaction analyses as shown in Fig. 8.8, 8.9 and 8.10 

respectively. The near-field is modelled by an ordinary non-linear finite element method while 

the far-field is usually assumed to behave linearly. ZHAO (1989) used the boundary element 

method to analyze the compliance coefficients of a strip foundation with an horizontal viscous 

boundary for the response of elastic and inelastic superstructures resting on stiff and soft soils 

using a fixed horizontal boundary. Compared with analytical solutions, a good agreement of 

the compliance coefficients was found. If the fundamental period of the soil-structure is less 

than the period of the site a soil-structure interaction should be carried out while if the 

fundamental period of the structure is larger than that of the site the soil-structure interaction 

will reduce the structural response. 

8.3 THE METHOD OF ANALYSIS USED IN THIS STUDY 

The methods of analysis for soil-structure interaction have been discussed. The 

comparison between lumped parameter and finite element methods on the soil-structure 

interaction analysis were discussed in Ref.C27, H2, Sl, T19 and W28. 

In this study, however, the Lumped Parameter Method was used for the analysis for 

the foHowing reasons; firstly, this method is relatively simple, requires less computational 

effort and is fundamentally correct"9, secondly, this method can easily be incorporated in 

general purpose structural dynamic program working in time domainw19 such as 

RUAUMOKOc14
, thirdly, the calculated foundation impedance can be used in the interaction 
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response of a of variety of building structuresTl9 and this method is easily used in a 3-

dimensional analysisH2
• 

8.4 THE DIFFERENTIAL EQUATIONS OF MOTION OF THE STRUC1URAL 

SYSTEM 

The flexibility of the soil-foundation system will exhibit three in-plane vibration modes, 

veltical, horizontal and rocking modes. If the superstructure possesses N degrees of freedom 

as shown in Fig. 8.11 then the structural system have N + 3 degrees of freedom as indicated 

by the corresponding differential equations. 

The differential equations of motion can be derived in three steps; firstly, taking an 

equilibrium of inertia, damping and elastic forces of the superstructure, secondly, considering 

dynamic equilibrium of the whole structural system in horizontal, rocking and vertical vibration 

modes and thirdly superimposing these equations of motion. The building is assumed to deflect 

in a shear mode and the structural mass is assumed to be lumped at every floor level as shown 

in Fig. 8.11. If the inertia, damping and elastic force are denoted by F j , Fe and Fk: respectively, 

the dynamic equilibrium of the fixed-base structural can be written as, 

where, 

(S.l) 

(S.2a) 

(S.2b) 

(8.2c) 

The dynamic equilibrium of the structural system in the horizontal direction yields, 

N 

FI.,h == E mj {uj + ug + ub + h) o} + mf; {Ug + Ub} 
}=1 

(S.3a) 

(8.3b) 
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(S.3c) 

The dynamic equilibrium of the structural system in the rocking modes yields, 

The dynamic equilibrium of the structural system of the vertical direction yields, 

The governing equations of motion of the structural system leads to, 

[ M] fJs~ + [ C] URI + [ K] Uee = Pg 
(8.6) 

where, 

[m] mj m}j 0 

N N 

{ mj } mb + E mj E mjhJ 0 
/=1 j=1 (8.7) 

[ M] == N 

{m}j} {m}j}T Ib + E (I.t + mjhf) 0 
j=l 

N 

( 0 }T 0 0 E(mj -I- mb) 
j4 

[ c ] [ c ]{ 1 } [ c l{ hj } 0 

{l}T[c] Chh ... { 1 } T [ C ]{ 1 } Chr ... { 1 }T [ C ]{ 1 } 0 
[ C] 

{ hj}1' [ C ] CFh -I- { 1 } T [ c J{ hj } err + { 1 } T [ c 1{ hI' } 0 

{ 0 }T 0 0 C" 

(8.8) 
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fixed Reference 

Fig. 8.11 Mathematical Model of MDOF 
Structure on Half-Space 

Fig. 8.12 Stiffness and Damping Coefficients 
in Global Coordinates (09) 

Fig. 8.13 Stiffness and Damping Coefficients 
in Local Coordinates (09) 
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[ k ] [ k ]{ 1 } [ k 1{ hJ } 

{l}T[Ic] Kkk + { 1 } l' [ k ]{ 1 } KIu' + { 1 } l' [ k ]{ 1 } 

{ hj} T [ It; 1 Krio + { 1 } T [ k 1{ h} } Krr + { 1 }T [ k 1{ If} } 
{ 0 }T 0 0 

- { [ m] + [ c ] + [ Ie ] } iII? 
N 

- 1: mjUg - { 1 }T [ C ]{ 1 }Ug - { 1 }T [ Ie ]{ 1 } Ug 
}=1 

N 

- E mj hj fI,. - { 1 } T [ C ] { hj } il, - { 1 } T [ Fe ] { hi } Ug 
j=l 

and the displacement vector of the structural system U.s is, 

U = sa 

(j) 

0 

0 

K" 

(8.9) 

(8.10) 

(8.11) 

where [ m], [c] and [ k ] are mass, damping and stiffness matrices of the fIXed base system, 

Ug and Ogv are horizontal and vertiCal ground acceleration respectively, Ub, Uj' hJ and mj are 

horizonta.l base and floor displacement, height and mass of floor level-j respectively, (J, Ib and 

~ are the rocking angle, mass moment of inertia of the base and floor-j respectively, Cbb , Chr 

= Crh , Crr , Khh , Kbr = K.h and K.r are the soil-foundation damping coefficients and stiffnesses 

with respect to the horizontal, the coupling between horizontal and rocking and rocking modes 

respective ly . 

If the vertical vibration mode is ignored, the mass, damping and stiffness matrix of the 

structural system are full populated matrices. In this analysis the response of the superstructure 

is considered to the inelastic where the vertical vibration mode and the coupling between 

horizontal and rocking modes are neglected as presented by Ref.C6, N4 and TIL When the 

damping and elastic forces are only due to the differential velocity and displacements between 

lumped floor mass. Eq. 8.7, 8.8, 8.9, 8.10 and 8.11 lead to, 
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[m] mj 

N N 

[M] 
{ Inj } L mj L 

)=1 )=1 
(8.12) 

N 

{ } {mfij}T L (lj + 
)=1 

2) 

[ C ] { 9 } { 4) } 

[ C] ::::: { {8 }T Clio 0 (8.13) 

{ {) }I' 0 Crr 

[ Ie ] { 0 } { (I } 

[K] "" 
{ 0 }:r K;u. 0 (8.14) 

{ 0 }T 0 K,.,. 

- { m } Uf{ 
N 

P "" 
-E m) UK 

t )=1 
(8.15) 

N 

- E mj h) Uif 
)=1 

and the displacement vector of the structural system U" is, 

(8.16) 

In lumped parameter methods the building prototype is often assumed to have a rigid 

foundation over the entire building base so that the soil-foundation impedance in the vertical, 

horizontal and rocking stiffnesses are presented as global stiffness as shown in Fig. 8.12. In 

rea1ity, however, the entire foundation is not necessarily rigid especially if the building has a 

rigid core or has individual footings. In this case the soil-foundation impedance is represented 

in local coordinates as shown in Fig. 8.13. 

The eqUilibrium of forces of the structural system in the horizontal direction is fully 

satisfied because the global soil-foundation stiffness and damping coefficients are simply 
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represented by the summation of the local coefficients. A problem arises from equilibrium of 

forces in the rocking mode because the vertical and rocking soil-foundation stiffnesses and 

damping coefficients are represented in local coordinates. To satisfy Egs. 8.13 and 8.14, the 

local vertical stiffness and damping coefficient should be chosen so that both the global vertical 

and rocking impedance are compatible with each other. These conditions are difficult to achieve 

. simultaneously because the local vertical and rocking impedance are computed individually 

while the tie-beam cannot be assumed to be rigid. Ref.D9 stated that this discrepancy may not 

matter in the analysis where the horizontal and vertical excitations are not applied 

simultaneously. 

8.S OVERALL DAMPING OF SOIL-STRUCTURE INTERACTION SYSTEMS 

Most researchers realize that the prediction of the real damping in dynamic problems 

is less well developed when compared of masses and stiffnesses. This problem involves the 

mechanism of damping, damping systems, damping types and the magnitude of the damping 

forces. Depending in whether the structural response is linearly-elastic or inelastic, the 

structural system has a fixed base or a flexible base, the analysis is in the time or frequency 

domains will influence the damping systems, damping types, damping quantities and the 

solution of the equations of motion. An analysis approach based on these parameters should be 

defined so that the method of solution of the equations of motion can be selected. These 

approaches are systematically shown in Fig. 8.14 and is described in the following sections. 

8,5.1 Damping in Linear-Elastic Analysis 

In elastic analyses the damping mechanism choices cover damping types such as viscous 

or coulomb damping and either classical or non-classical damping system. HUMAR (1990) 

stated that the present assumption that the viscous damping may be linear for small velocities 

or non-linear for high velocities, whereas the real damping systems depend on magnitude and 

distribution of the damping ratiosC22•D7 • 

As shown in Fig.8.14, for the fixed base linear elastic response the mass, damping and 

stiffness matrices remain constant. If the damping ratios of the structure are relatively small 

and equally distributed, a modal superposition method is usually justified. In this case the mode 

shapes are independent of time. The discrete coupled equations are transformed into a set of 
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uncoupled or independent modal equations by assuming that the mass, stiffness and damping 

matrices satisfy the Olthogonality condition. The damping model which satisfies the 

orthogonality condition is called a classical or proportional dampingC22.w13 and the 

corresponding structure possesses classical modes. The response of the structure can be 

computed by a numerical integration of the uncoupled modal equations where the damping is 

represented by a viscous damping ratio. This approach is represented by the first path in Fig. 

8.14. 

When an elastic structure is supported on a flexible soil-foundation with frequency 

independent impedances, the mass, stiffness and damping coefficient are constant with time. 

However, the damping is no longer equally distributed over the entire structural system because 

the soil-foundation interaction possesses higher damping than the superstructure. The damping 

causes significant coupling of the discrete and the modal equations and resulting non-diagonal 

damping matrix as written in Eq. 8.8. In general, the mode shapes are different from those of 

the undamped free vibration and the damping is not orthogonalDB
• The standard modal 

superposition method is invalidatedC22 because the structure does not possess standard classical 

modesC28. This type of damping is called non-classical or non-proportional damping and follows 

the second path in Fig. 8.14. 

Several approaches have been proposed where the non-proportional damping has mode 

shapes, by using the multiple transformations where the damping matrix is diagonalizedC2s, by 

using multiple coordinate transformations and approximate modal equations TIl, by ignoring the 

off-diagonal coefficient matricesC22.W13 and by solving a damped free vibration system leading 

to complex eigenvectors and eigenvalueslll.S20.V7. The latest approach requires a greater 

computation effort. Approximate modal shapes ignoring off-diagonal coefficient matrices seems 

to be the good choice because the computation is relatively cheap compared with the case of 

complex eigenvaluesw22 . Moreover, results from the numerical integration of the modal 

coordinates with coupled damping by using only the first few modes with closely spaced natural 

frequencies provides good agreement in the response amplitude when compared with the 

response ,from the discrete coupled equationsC22·W13. 

In the case of a linear-elastic structure supported by a frequency dependent soil

foundation impedance, the stiffness and damping matrices will be frequency dependent. This 

structural system possesses non-proportional damping and does not have classical modes. 

Accordingly, the analysis of the structure should be carried out by a direct numerical integration 
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of the original coupled equationsC22.TIl in the frequency or time domain as indicated by the 

third path in Fig. 8.14. To reduce the computational cost Ref.C6 used the contribution of 

the first few modes in the integration of the modal coordinates in which the structure was 

assumed to possesses the classical modes of the fixed base structure. The result of this 

approximation was presented in Section 2.3.1. 

8,5,2 Damping ill Inelastic Response Analysis 

The stiffness matrices of an inelastic fixed base structure change with time. If the 

structure possess an equally distributed and a relatively small damping ratio, proportional 

damping is commonly usedL14
• The proportional damping may be time independent such as 

in mass-proportional damping and initial stiffness proportional damping or time dependent 

such as in instantaneous stiffness-proportional damping and time dependent Rayleigh 

damping in which the damping matrix is proportional to the mass and instantaneous stiffness 

matrices. 

OTANI (1981) and FAJFAR et al.(1993) investigated the effect of damping types 

on the structural response of SDOF system while LEGER & DUSSAULT (1992) 

investigated the MDOF structures. For SDOF structures, stiffness-proportional damping 

type provided less energy dissipation than mass-proportional damping but more effective 

damping in small amplitude load reversals. In the case of MDOF structures, if Tl :s; 0.5 

sec. the use of instantaneous stiffness-proportional damping was suggested, when Tl ;;.:: 0.5 

sec. the Rayleigh damping should be used. For relatively flexible structures with Tl ;;.:: 1.S 

sec., the seismic response was not affected by the type of Ray leigh damping. In the inelastic 

response, the system does not have classical mode shapes because the mode shapes are 

independent of time and frequency of excitation. The standard direct numerical integration 

of the discrete coupled equations as indicated by fourth path in Fig, 8.14 is then required. 

In the case of inelastic response analysis with frequency independent soil-foundation 

impedance, the structural system possesses non-proportional time dependent damping matrix 

even though the superstructure may use time dependent proportional Rayleigh dampingC22.HB, 

It is clear that this structural system will not have classical modes because both of the 

damping and stiffness matrices are time dependent. The response of the structural system 
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is computed by direct integration of the coupled equations of equilibrium as suggested by 

Ref.C22 and as indicated by the fifth path in Fig. 8.14. 

More complex and expensive analyses will result when an inelastic response 

superstructure is supported by flexible foundation with frequency dependent soil-foundation 

impedance .. The structural system will be both dependent on time and frequency of 

excitation as the stiffness and proportional damping of the superstructure is time dependent 

and the soil-foundation impedance is frequency dependent. The analysis will be carried out 

both the time and frequency domains as indicated by the sixth path in Fig. 8.14. To reduce 

the computational cost the analysis can be carried out using soil-foundation impedances with 

constant impedance coefficients especially for non-layered soil model as suggested by 

Ref.T19. The computation cost reduces because the analysis is only carried out in the time 

domain. 

8.5.3 Effects of Foundation Flexibility on the Damping Quantity 

Part of the laboratory test results carried out by Ref.H8 indicated that the structural 

damping of a structure with lift-off of part of the foundations was significantly reduced 

when compared with the fixed-base structure. The structural steel model was nearly 

undamped when the structural motion approached a rigid body rotation. Ref.N7 also 

reported that the structural damping is always reduced by foundation flexibility. Compared 

with the fixed-base structure, the structural damping ratio of the structure with a flexible 

foundation was reduced by the cube of its circular frequency ratio. For the higher modes, 

however, the structural damping is more complicated, it can be smaller or higher depending 

on the soil-foundation flexibility. In the case of an inelastic response of the fixed base 

structure, Ref. Ul reported that an inelastic behaviour has the effect in increasing the 

effective damping ratio of the structure. The effect of the foundation flexibility on the 

structural damping of an inelastic structural response, unfortunately, is not yet clear. 

In this soil-structure interaction analysis the tangent stiffness Rayleigh damping was 

used for the superstructure as used by Ref. C22, H8 and Z5. Because of the uncertain effect 

of the foundation flexibility on the structural damping of the inelastic structural response, 

the corresponding Rayleigh damping was specified by using 5 % of viscous damping ratio 

for the fifth and tenth modes. To simplify and reduce the computational cost, the frequency 
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dependent soil-foundation impedance with constant imped,anre coefficients was used. 

8.6 CHOICE OF THE NUMERICAL INTEGRATION SCHEME 

In general, the structural response in dynamic problems may be calculated from the 

governing equation of motion. The mathematical evaluation of the structural response can 

use Duhamel's Integral for a linear-elastic systemH22
• For a non-linear inelastic response 

analysis with a relatively complex non-periodic dynamic loads such as earthquake loading 

the numerical integration technique must be employedC!l,H2z,H23. The direct numerical 

integration of the equations of motion at equal intervals of time gives displacements, 

velocities and accelerations of the structural system. 

The commonly use of numerical methods in structural dynamic are Newmark-~, 

Wilson-O, Houbolt, Hilber and Central Difference methodsH22
,H23. To provide an acceptable 

structural response, the minimum requirements of numerical stability, accuracy and 

efficiency should be achieved. The stability of the integration scheme means that the errors 

in the response parameters which may due to round-off in the numerical algorithm do not 

grow during the time integration. The stability of the integration is classified as 

unconditionally stable, conditionally stable and un-stable. The accuracy of the integration 

can usually be achieved by utilizing a relatively small time step of integration .6.1. The 

efficiency of the integration can be identified by the computational cost and storage 

requirements. 

NEWMARK (1959) introduced the numerical integration scheme for structural 

dynamic with the parameters 'Y and ~. The value of ~ equal 1/4 and 1/6 corresponds to an 

constant average acceleration and linear acceleration during the time interval, ~ = I/s is a 

step in the acceleration from the initial value to the final value at the centre of the time step. 

These numerical techniques are the well known Newmark-~ methods. For the best results 

the time step interval 1/5 - 1/6 TI and the value of ~ ~ 1/6 - 1/4 were suggested. 

Efforts to examine the stability and accuracy of the these integration schemes have 

been reported in many references. Refs. B5 and H22 reported that for 'Y = 1/2 and ~ = 1/" 

the numerical integration scheme is unconditionally stable, while Ref. H23 stated that this 

integration scheme is unconditionally stable if'Y ;::: I/z and {3 ;::: Y/z. The stability of the 
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numerical methods is measured by the values of the spectral radii p(A)B5,H15,HZZ,H2.1.H~ When 

its value is smaller than 1 the integration scheme is stable while if is greater than 1 the 

integration scheme will be unstable. The value of l' = I/Z and f3 = 1/4 are commonly 

usedB5 ,CB,HZZ. The WILSON-O is unconditionally stable for () ~ 1.37 where the value of 0 

= 1.4 is usually taken. 

Providing these integration schemes are stable the selection of the numerical 

integration scheme then will be based on whether the schemes have errors of period 

elongation or amplitude decay. Investigations have been reported by BATHE & WILSON 

(1973), HILBER (1976), HILBER et a1.(1977) , HILBER & HUGHES (1978) and HUMAR 

(1990). Result of these investigations indicate that the Newmark-f3 family with the constant 

average acceleration has no amplitude error and a relatively negligible period elongation. 

The Newmark-f3 constant average acceleration is one of the options in RUAUMOKO 

computer program and was selected for the numerical evaluation in this study. The time 

interval At = 0.01 second was used. 

8.7 CHOICE OF THE EARTHQUAKE INPUT 

As mentioned in Section 3.1 the earthquake ground motion (EQ-GM) was an 

important parameter in earthquake resistant design (EQ-RD). In this step, great uncertainties 

arise in attempting to define the characteristics of future earthquakesBZI . In general, an 

earthquake resistant design of buildings depends on two main aspects; firstly, the 

characteristics of the earthquake such as the frequency of occurrence, intensity, magnitude 

and ground accelerations and secondly, the design criteria depending on whether the 

building is designed for a serviceability, damage control or survival limit stateBZ1 ,P18. 

The peak ground acceleration PGA is an important factor in the selection of the 

design earthquake even though this factor provides a poor estimation of the damage 

potential, especially for a relatively flexible structureP1&.TIo. Damage observed and calculated 

due to earthquakes indicated that the ground velocityPl8,M16, the velocity spectrumHZ5 or 

acceleration to velocity ratio TIO,Z6,Z7 and earthquake durationZl provide better estimations than 

ground acceleration. 
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Attempts to correlate the PGA with other earthquake characteristics refer to an 

attenuation relationship. This is generally expressed as function of earthquake magnitude 

M and epicentral distance RC29 and whether the site is on soil or rock. DOWRICK & 

SRITHARAN (1993) stated that due to a lack of suitable ground motion data a reliable 

attenuation of PGA for New Zealand has not been developed. The Japanese attenuation 

model was adopted to fit earthquake data because of the similar geological and tectonic 

similarities. For earthquake magnitudes M ~ 5.8 - 6.7 with the shortest distance between 

site and fault rupture R" = 25 km, the PGA is around 0.10 - 0.21 g. 

PAULAY & PRIESTLEY (1992) reported that for Western USA regions the 

earthquake magnitude M = 7.5 possess a return period between 130 to 200 years. 

DOWRICK (1987) stated that for buildings designed for a damage control limit a return 

period of 50 to 100 years may be used. DOWRICK (1991) reported that the earthquake 

magnitude ofM = 7.8 was the maximum earthquake magnitude recorded in New Zealand 

since 1901. For example, an earthquake magnitude M = 7.5 and the shortest distance 

between site and fault rupture R = 25 kIn gave a calculated mean PGA based on the new 

Japanese attenuation as presented by Ref.F7 is approximately 0.315 g. Ref.X4 stated that 

for class III buildings on rigid or intermediate soils in seismic zone A, the 1940 El Centro 

N-S component can be used for the earthquake motions. 

8.8 SUMMARY AND CONCLUSIONS 

The analysis procedures for soil-structure interaction have been discussed. Both the 

lumped parameter and finite element methods are useful tools for the response of soil

structure interaction. Each method has its advantages and limitations. The primary 

advantage of the lumped parameter method is its simplicityH2·wI9. This method is used in this 

study. 

To simplify the analysis, the effect of the vertical earthquake excitation and coupling 

between horizontal and rocking modes are neglected. The input of the soil-foundation 

stiffnesses and damping coefficients on the structural system are represented in local 

coordinates where the horizontal dynamic equilibrium of forces in the structural system is 

fully satisfied. Since only horizontal earthquake excitation is considered, the discrepancy 
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between the local vertical spring stiffnesses and global rocking stiffness should not be 

significantD9• 

The approach to the response analysis, structural system, damping type, damping 

system, domain of analysis and solution of the governing equations of motion was 

presented. The solution of the governing differential equations of motion depends on the 

overall damping system of the structure. The numerical integration of the independent 

modal equations of the linear-elastic structural system which proportional damping 

numerical is fully justified. In the case of the structural system with non-proportional 

damping, the direct numerical integration of the discrete coupled equations must be 

usedc22
,TU. The soil-structure interaction analysis based on the frequency dependent soil

foundation impedance with a constant impedance coefficient is used. 

A number of the numerical integration schemes have been proposed by researchers. 

The choice is based on its stability, accuracy and efficiency. It was found that the 

Newmark-{3 with 'Y = 1/2 and {3 = 1/4 provided no amplitude decay and only a relatively 

negligible period elongation. This integration scheme is used in this stUdy. 

The choice of the earthquake input is one step in the earthquake resistant design 

(EQ-RD). The design earthquake input based on the maximum acceleration is commonly 

used even it gives a relatively poor prediction on the structural damagePl8. Due to lack of 

suitable data in New Zealand, the PGA attenuation derived from Japanese earthquake data 

was used as suggested by Ref.D9. It was found that for M = 7.5 and R = 25 km the PGA 

was approximately 0.315 g slightly smaller than the PGA of 1940 EI Centro N-S 

component. 



Chapter IX 

Seismic Response Olf 12 and 1S-storey Frames and 

Frame-Wall Structures subjected to the 1940 Centro NSC 

INTRODUCTION 

In the conventional earthquake resistant design of an elastic structure, the evaluation 

of structural response quantities are commonly established in tenns of the maximum nodal 

displacements and member forcesM24
• This is because these responses quantities are directly 

related with the structural stiffness. The structural design criteria is commonly based on a 

assumption that if the provided member strengths are greater than the corresponding seismic 

forces, the survival of the structure can be expectedK18 . Elastic analysis, in general, cannot 

predict accurately the post-elastic response quantitiesM20,M28,P3S. 

Under a non-linear inelastic response, the structural displacement and force levels are 

no longer directly related since the structural stiffness is amplitude dependent. The structural 

response quantity is no longer based on a single parameter such as member force but more on 

the defonnability of the members and structural systems. The response quantities of an inelastic 

response then become more complexM23,M28,P35 and cannot be characterized satisfactorily by only 

a single parametett23
• These response quantities will be briefly discussed in the following 

section. 

9.2 THE RESPONSE QUANTITIES OF INELASTIC STRUCTURES 

In earthquake resistant design of reinforced concrete structures, it is common to pennit 

some degree of damage because of inelastic member defonnations, otherwise the design would 

be too costlyA19,P27. In the structural analysis, these deformations are indicated by the response 

quantities. The inelastic response quantities sometimes are termed as damage parametersP28 or 

damage indicatorsM16 of the section, member or substructure. In general, the damage parameters 

can be categorized into two groups; firstly, those based on a single maximum value such as 

207 
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displacement, force, base shear, inter-storey drift and ductility factor and secondly, the 

cumulative values such as a cumulative rotational deformations and dissipated energy. 

9.2.1 Single Maximum Value of the Damage Parameters 

9.2.1.1 Ductility Factor 

In inelastic structural response subjected to an earthquake ground motion the 

damage parameters are characterized by a maximum displacement and ductility 

factor'116•M23 ,M24,U1.Z3 defined as the ratio of the maximum to the yield deformations. For the 

member, these factors include the maximum curvature, displacement, cyclic displacement and 

accumulative ductility factor. 

(9.1) 

where i may be curvature, displacement, cyclic or accumulative ductility factor, Dm and Dy 

correspond to the maximum and yield values respectively.· The definitions of cyclic and 

accumulative member displacement ductility are shown in Figs. 9.1.a and 9.1.b respectively. 

The ductility factor describes the inelastic behaviour of the weakest parts of the 

member where the damage is accumulated. For monotonic loading, the displacement ductility 

factor "' .. ,m is a good parameter to describe the capacity of the member to deform inelastically, 

but it is not able to describe the severity of inelastic deformation under cyclic loading 

historiesM24,M28. Later, it will be shown that the cyclic loading damage parameters such as the 

number of yield excursions, yield reversals and dissipated energy provide more valuable 

parameters. MAHIN & LIN (1983) and MESKOURIS & KRATZIG (1990) stated that to 

establish the severity of damage to an inelastic structural member under cyclic deformation 

histories, the concept of cyclic displacement and accumulative ductility factors can be used. 

9.2.1.2 Member Forces, Nodal Displacements and Inter-storey-Drifts 

The maximum member forces such as flexural strength, axial and shear forces 

are commonly used to represent the damage parameters in the inelastic response analysisF8
• The 



209 

stmctural displacement ductility factor 1'lJ.,8 can be used to predict the preliminary damage index 

of the inelastic structural response as presented in Ref.P36. While CARR & TABUCHI (1993) 

used the relationship between maximum top storey displacement and base shear in an elastic 

and inelastic structural response to calculate an approximate value of the structural displacement 

ductility factor 1'lJ.,8' 

The inter-storey drift damage parameters become more important at the ground 

floor level where the columns may be subjected to the maximum axial load. The column axial 

load effect on the inter-storey drift is usually called the P-delta effect and was discussed by 

CARR & MOSS (1980). The inter-storey drift limits have been clearly defined in some codes. 

In NZS 4203: 1984 the inter-storey drift is based on the seismic regions and in NZS 4203: 1992 

is based on the method of analyses and the response of the structures. 

There are two basic concepts of the column design, firstly, based on the 

member displacement ductility factor 1'lJ.,m and secondly based on the permissible inter-storey 

drift. BERTERO (1988) presented a clear insight into the structural deformability, defining it 

as the maximum displacement history without any significant reduction of strength, 

displacement ductility and displacement ductility factor. A structure or member can have a 

smaller ductility factor than another but its deformability can be larger. Because of this reason 

and also by the fact that it is difficult to defme the yield displacement, PARK (1988) suggested 

that the concept of using maximum inter-storey drift criteria has considerable merit. 

9.2.2 The Accumulation of Member Deformations and Energy Dissipation 

9.2.2.1 The Accumulation of Member Deformations 

The damage parameters as represented by a single maximum value, as described 

above, seem to be independent of time and cannot describe the cumulative damage effects under 

cyclic loadings. Observation of the physical behaviour of the structural members in the field 

and laboratory tests indicate that the cumulative damage parameters are better indicatorgMn·1'36. 

The number of yield excursions and yield reversals are damage parameters 

suggested by ZAHRAH & HALL (1984). These parameters are defmed as the number of times 

the member yields and the number of times where the member yields in opposite directions. 

It was demonstrated in a SDOF structure with the same displacement ductility demand, the 
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1940 EI Centro N-S earthquake caused more damage because there was a higher number of 

yield excursions and yield reversals than when subjected to the 1966 Parkfield N-E earthquake 

excitation. 

BANON et a!. (1981) showed that low-cycle fatigue damage was possible 

under cyclic loadings such as earthquake excitation. Two damage parameters called Flexural 

Damage Ratio FOR and Normalized Cumulative Rotation NCR were introduced. The FDR is 

defined as the ratio of the initial flexural stiffness Kt to the secant stiffness Kr as shown in Fig. 

9.4, and was developed from the damage ratio DR introduced by SOZEN (1977). NCR is 

defined as the ratio of the sum of all plastic hinge rotations to the yield rotations. The FDR and 

NCR are expressed as, 

K 
FDR =-L 

Kr 

NCR 

(9.2) 

(9.3) 

where j = 1,2 ... N are the number of members, 6mj and 6yj are the maximum and yield 

member rotations at point j respectively 

POWEL & ALLAHABADl (1988) stated that the damage parameter from this 

cumulative member rotations has disadvantages because the damage caused by a large number 

of small inelastic rotations is . likely to be less than that caused by a smaller number of large 

inelastic rotations. 

9.2.2.2 The Accumulation of Energy Dissipation 

The damage parameters as previously described have advantages and 

disadvantages. HOUSNER (1956,1975) introduced the velocity spectrum computed as the 

square root of the energy dissipation and spectrum intensity defined as the area under computed 

velocity spectrum. Recently, the damage parameter based on an amount of dissipated energy 

has been commonly used and suggested by researchersDI2.D13,B24,F9,P36,UI.ZJ. The total energy input 

on a structure subjected to an earthquake ground motion can be expressed asIJ24
,TJ2.U1, 
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E =E/r;+E +E +Eh , B V (9.4) 

where subscript t, k, s, v and h refer to the total, kinetic, strain, viscous and hysteretic 

respectively. 

During the dynamic motion, part of the absorbed energy is temporarily stored 

in the structure in the form of kinetic ~ and strain energy E._ The remaining energy is 

dissipated by viscous damping Ev and irrecoverable hysteretic energy Eh• At the end of the 

motions the amount of unrecoverable strain energy may exist caused by the permanent plastic 

deformations. If this stored energy is relatively small, the energy input is almost equal to the 

energy dissipation. At this state the viscous and hysteretic energy dissipation is very important 

in the measurement of the damage parameter as represented in Fig. 9.2.b. 

Using the same structure as previously mentioned, ZAHRAH & HALL (1984) 

used the energy-based damage model in the SDOF structures. It was found that the 1940 EI 

Centro N-S component caused more damage than that subjected to the Parkfield N65E ground 

motion because the first ground motion causes more hysteretic energy demand than that by the 

second ground motion. The dissipation energy is accumulated as a function of time. Since this 

damage parameter is time dependent the duration of an earthquake input becomes important. 

A similar damage model is also presented in Refs. B25, M23 and M32. 

9.3 TIm MEMBER DAMAGE INDEX (DI) 

All of the damage parameters as described above are represented in the quantitative 

form. Recently, a qualitative interpretation of the structural response to severe earthquake 

excitation led to the concept of damageability of the structuresM2J. The qualitative definition 

of the damage itself is not clear or is difficult to formulateP36
• To be able to define a qualitative 

interpretation of the structural damage, the definition of structural damage then has to be 

quantified in terms of the damage index Dr. 

The parameters used in the calculation of the structural damage index DI result from 

the structural analysis. Due to several uncertainties during the structural analysis, a rational 

prediction of damageability of the structures is probabilistic and a complex problem. These 

unceltainties include modelling of the structural system, the choice of earthquake ground 

motions and identification of the types of the damage modes. There are three possible damage 
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modes; firstly, the damage mode may be subjected to a single yield excursion such as blast 

load, secondly, a fatigue damage mode is subjected to cyclic loads and thirdly the damage 

mode based on the combination between stress excursions and yield reversals. Several models 

of damage indices have been proposed and some of them are described in the following 

sections. 

9.3.1 The Deformation Model 

The damage index DI presented by POWEL & ALLAHABADl (1988) can be used to 

establish the damage index of the structure subjected to a single damage parameter. This 

parameter may be top floor displacement or total base shear. It is necessary to identify three 

components namely threshold, calculated and ultimate values. The yield state, either yield base 

shear or yield displacement, is generally used to represent the threshold values. However, the 

estimation of the yield and ultimate value is not straightforward, because these values are 

approximate as discussed in Ref.P36. The proposed damage index Dr is expressed as, 

(9.5) 

where oe, 0t, Ou are the calculated, threshold and ultimate values respectively and m is a 

coefficient. This damage index is similar as proposed by ROUFAIEL & MEYER (1987) 

9.3.2 The Low-Cycle Fatigue Model 

This damage model is calculated by an assumption that the damage index increases with 

the number of cyclic loadings. There are two possible damage modelsM23
; firstly, high-cycle 

fatigue, where the damage is caused by thousands or millions of elastic cyclic loadings and 

second, low-cycle fatigue results from a number of cycles approaching or exceeding the yield 

stress. McCABE & HALL (1989) proposed the damage index Dl based on the low-cycle 

fatigue test of metals. The damage index is the ratio of the actual energy to the theoretical total 

hysteretic energy Et corresponding to complete loading reversals. Thus the damage index is 

based on normalized energy expressed as, 

(9.6) 
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where Ep and En are the dissipation energy under positive and negative forces respectively as 

the portion of the hysteresis loop. A similar damage index according to energy-based concept 

is presented by MEYER (1992). 

A damage index based on low-cycles fatigue metal tests was also presented by 

STEPHENS & YAO (1987). This concept was based on the cumulative inelastic deformations 

and may be valid for a variety of structural systems with different materials and loading 

histories. The damage is evaluated for every loading cycle and the total damage associated with 

n-cyc1es of response is given by, 

(9.7) 

where AO!,l and AOpf are the positive change in plastic deformation and the positive change in 

plastic deformation at failure, a is the coefficient computed based on Ref.S30. 

9.3.3 The Combination Model 

Another damage mode is caused by the combination between high stress excursions and 

repeated stress reversals. PARK & ANG (1985) developed the damage concept of the 

reinforced concrete member as a function of maximum deformation and absorbed hysteresis 

energy. The damage index DJ is calculated as the sum of the normalized structural deformation 

and absorbed energy as expressed in, 

(9.8) 

where Om' Ou are the maximum deformation during seismic loading and ultimate deformation 

capacity under monotonic loadings respectively, fl is the strength deterioration parameter, Py 

is the yie1d shear strength and dE is an incrementa1 absorbed hysteretic energy. 

The values of Om and dE are the response quantities dependent on the loading history, 

while fl, Ou and Py are specified by structural capacity. The value of {1 is slightly affected by 

shear span ratio, axial stress and longitudinal steel ratio. The approximate formula for this 

value can be found in Ref.K1 3, P27 and P29. Similar member damage index based on sum of 

the normalized member deformation and hysteretic energy dissipation is discussed by 

COSENZA et al. (1993). 
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9,4 THE STOREY AND STRUCTURAL DMvlAGE INDICES 

The damage indices, as described above, correspond to damage quantities at member 

ends under flexural deformations. In a particular storey the highest damage index will occur 

at the weakest member-end while for the whole stmcture it will occur in the weakest storey. 

Determination of the storey and whole stmcture damage indices based in the maximum member 

and storey damage index are not reasonable. The storey and the stmctural damage indices, 

therefore, should be based on the distribution of the damage throughout the storey and the 

building respectively. The storey and the structural damage indices can be calculated by using 

weighting factors such as, 

N 

D :::; E { 1. D.} 
J~1 J J 

(9.9) 

where D is the storey or structural damage indices, Dj is the damage index of a member j or 

storey j respectively, Aj is the weighting factor of the member j or storey.i respectively and N 

is the number of member elements or the number of storeys respectively. 

WEN et a1.(1988) and KUNNATH et a1.(1990) reported that the weighting factor ~ 

depends on the failure mode mechanism of the stmctures. For weak-column and strong-beam 

failure mode mechanisms, the damage of the structure is closely related to the absorbed energy 

and the weighting factor can be based on the energy ratio as, 

E 
1 :::; -''1 N 

EE. 
J=1 J 

where Ej is the total absorbed energy of member j or storey j respectively. 

(9.10) 

In the case of the strong-column and weak-beam failure mode mechanism, it is 

necessary to extend the foregoing concept. For strong-column and weak-beam type buildings 

the member damage is strongly correlated with the member curvature demand, as will be 

discussed in Chapter XII. The damage parameters and damage indices analysis of inelastic 

building structures can be summarized in the systematic form as shown in Fig. 9.3. 
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9.5. THE SEISMIC RESPONSE OF FRAME AND WALL-FRAME STRUCTURES 

WITH FrKED-JBASE AND FLEXIBLE FOUNDATIONS 

In this case, the responses of two types of building with different types of foundations 

are compared. In the first building, the foundation footings are assumed to be fixed at the 

footing levels and in the second building, the foundation footings are supported by flexible soil

foundation interactions. The foundation types are called fixed-base (LFix) and flexible 

foundations (LFlex) respectively. In this case, the building prototypes were subjected to the 

North-South component of the May 1940 Imperial Valley earthquake recorded at EI Centro. 

This is because this earthquake has been used as the basis for the design response spectra in 

many countries including New ZealandT2l
• The structural displacements and strains are 

assumed to be relatively small compared with the dimension of the structures. These 

assumptions imply that the stiffness of the structure is based on the initial geometry and 

remains unchanged during loading history. 

The building prototypes are assumed to have a strong column and weak beam failure 

mode mechanism, where energy is absorbed. on the formation of plastic hinges at the beam ends 

and column and wall bases. The frame-wall structures are analyzed as a series of 7 -frames and 

2-walls. P-..1. effects are not considered in this analysis. In this case, the soil shear modulus G 

= 685 kg/cm2 corresponds to a soil shear wave velocity Vo = 190 mlsec is used. Other 

parameters used in calculations of the soil-foundation impedances are presented in Section 5.9. 

Based on the possible soil shear strain ),,, induced by earthquakes as discussed in Section 4.3, 

the soil-foundation impedances are based on the soil-shear modulus G = 0.70 Gmax • A simple 

computer program SPRING was written to calculate the stiffnesses and damping coefficients 

of partially embedded foundation as discussed in Section 7.5. The soil-foundation impedance 

were based on the soil-mechanical model as discussed in Section 5.6. Effects of the material 

damping to foundation impedance according to Eqs. 7.98 and 7.99 were adopted. 

9.5.1 Soil Shear Stnlins 

As discussed in Chapters IV, V and VII that the role of soil shear strain on the soil

foundation is very important. The approximation of soil shear strain 1' •• on the lumped mass 

idealization of horizontal soil layer over horizontal rigid boundary was discussed by Ref.D6. 

The layer soil shear strain can be calculated using the inter-layer horizontal displacement and 

the corresponding inter-layer thickness. 
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In the case of the fictitious layered soil over an elastic half space soil model used in this 

study, the problem is to determine the location of soil with zero stress under dynamic loading. 

Under static loading, HADJIAN & ELLISON (1985) and SRIDARAN et al.(1990) showed that 

the stress distributions with soil depth depends on the loading modes. In section 5.3 the depth 

of soil to zero stress is termed the effective depth of influence. For horizontal loading the 

effective depth of influence is approximated by 2B where B is the footing width perpendicular 

to the horizontal loading. PENDER (1983) stated that under dynamic loading, the zone of soil 

involved in non-linear strains is about one footing diameter. Thus, this effective depth under 

dynamic loadings is not clear yet. 

If the effective depth of influence of the soil under dynamic loading is assumed to be 

same as under static loading and the soil stress distribution is linear with depth, the possible 

soil-shear strain history of the 12-storey frames and 12-storey frame-walls are shown in Figs. 

9.4 and 9.5 respectively. The maximum soil shear strains are 0.95xlO-4 and 1.74xlO-4 for 

frames and frame-walls respectively. These soil shear strains are comparable with the possible 

soil shear strains 'Yss induced by earthquakes as given in Table 4.5. In relationship with the soil 

shear modulus degradation curve for Auckland clay as shown in Fig. 4.13, these soil shear 

stains correspond to G = 0.88 Gmax and G = 0.72 Gmax respectively. 

The soil shear strain 'Ys. of the 18-storey frame and frame-wall structures are shown in 

Figs. 9.6 and 9.7 respectively. The maximum soil shear strains are 0.48x1Q-4 and 1.43xlQ-4 

for frames and frame-walls respectively. Compared with the soil shear strains above, these 

results are smaller. The fundamental period of the structures seems to affect the soil shear 

strains. These soil shear strains correspond to G = 0.92 Gmax and G = 0.75 Gmax respectively. 

Thus, the soil-foundation impedances based on G = 0.70 Gmax as mentioned in Section 9.5 are 

still reasonable. 

9.5.2 Base Node Rotations and Vertical Displacement of the Footing Tips 

The important response parameters of the footing foundations are the base-node vertical 

displacements and rotations. Given the footing size and knowing the base node vertical 

displacements, the vertical displacements of the outer-tip of the foundation footing can be 

calculated. These results are very important in identifying whether or not the entire width of 

the footing foundation is in full contact with the supporting soil. The lift-off of the footing 

foundation significantly effects soil-foundation impedances. 
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The base node rotations and the footing-tip vertical displacement histories of the 12 and 

1S-storey frames are shown in Fig.9.S, 9.9.9.10 and 9.11 respectively. As depicted in Fig.9.8 

and 9.10, the left, right and internal node rotations are presented in solid, dashed and dash

dotted lines respectively. Their node rotations are not significantly different. At the beginning 

of the rotation history, there is initial rotation of the left and right column footing due to 

differences of initial vertical displacement as shown in Figs. 9.9 and 9.11 respectively. In these 

figures, the solid and dashed lines indicate the veltical displacement of the outer-tips of the left 

and right column footings, the long dash and long dash-dotted lines represent the vertical 

displacement oUhe left and right-tips of the internal footing respectively. The zero value oUhe 

y-axis represents the unloaded soil position. It is clear that the footing-tip vertical displacements 

for both buildings are far from the lift-off limit. This means that during the loading history the 

footing foundations are still in full contact with the supporting soil. 

Base node rotations for the 12 and IS-storey frame-wall buildings are shown in 

Fig.9.12 and 9.14 respectively. The solid and long-dashed lines indicate the rotation of the left 

column and the wall footing node respectively. The rotation of the wall footing nodes are 8 

times greater than that of column footing nodes. This result implies that it is difficult to stop 

the stmctural wall rotating. Rotation of the stmctural wall has a significant effect on structural 

responses as discussed in next sections. Foundation tip vertical displacement of the 12 and 18-

storey wall-frames are shown in Fig.9.13 and 9.15 respectively. The solid and dashed lines 

represent the outer tip of the left and right column footings, while the long-dashed and long

dash-dotted lines indicate the vertical displacement of the left and right tips of the wall footings 

respectively. The outer tip vertical displacement of the wall footing of the 12-storey wall-frame 

is in full contact with the supporting soil during the response history. A very short duration and 

small footing lift-off occurred in the 1S-storey frame-walls, as shown in Fig.9.15. This is 

caused by the relatively high rotation of the wall footing node. The effects of this lift-off on 

the stmctural responses are ignored. 

9,5.3 Fundamental Period of Structures 

In structural analysis the fundamental period Tl is commonly used to describe the 

stiffness of the structure and it is also useful for preliminary analysis. In the equivalent static 

analysis specified by Codes, the base shear force is computed from the structural fundamental 

period, therefore the magnitude of the design force input depends upon this period. In the 
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elastic dynamic analysis using the response spectrum approach, the response contribution of 

every mode will depend upon its own period. The response of the structure is largely dependent 

on the contribution of the first few modes. Studies to determine the approximate fundamental 

period for Moment Resisting Frame and Frame-Wall Structures subjected to several 

earthquakes has been reported by Ref.B20, and B26. 

The fundamental period of the 12 and IS-storey buildings with fixed bases and flexible 

foundations are shown in Tables 9.1 and 9.2 respectively. The fundamental period of the 12 

and 18 storey frames with flexible foundations are 4.9 and 5.7 % longer than those for fixed 

base foundations. In terms of number of stories N, these periods correspond to 0.23 Nand 0.19 

N respectively. Ref. B13 reported that the fundamental period for 4 and 8-storey inelastic MRF 

of 0.22 Nand 0.25 N respectively were found. 

Table 9.1 Response Quantities of the 12-Storey Frame 

Structural Systems 
No. Pammeters Fixed Base Flex.. Found. Remark 

1. Fundamental Period 
T. (sec). 2.754 2.886 (+) 

2. Roof Displacement (m) 
a. Positive Envelope 0.1873 (0.415 % Ho) 0.1900 (0.421 % Ho) (+) 
h. negative Envelope 0.2997 (0.664 % Ho) 0.3009 (0.666 % Ho) (+) 

3. Base Shear (Tonne) 
a. Positive Envelope 104.00 102.50 (-) 
h. Negative Envelope 94.80 94.20 (-) 

4. Col. Base Curv. Ductility 
a. Left Column + 1.364, -0.914 +1.233, -0.824 (-) 
b. Internal Column + 1. 723, -0.954 + 1.270, -0.921 (-) 
c. Right Column +1.929, -0.937 + 1.017, -0.884 (-) 

5. Col.Base Rot.(x 0.001 Rad.) 
a. Left Column + 1.639, -0.000 +1.481, -0.000 (-) 
h. Internal Column +2.240, -0.000 + 1.769, -0.000 (-) 
c. Right Column +1.900, -0.000 +1.221, -0.000 (-) 

6. Total P.H.Rol.(x 0.001 Rad.) 
a. Positive Envelope 188.244 181.722 (-) 
h. Negative Envelope 159.701 160.099 ( +) 
c. Total Rotations 347.945 341.821 (-) 

7. Energy Dissipation (Tm.) 
a. Viscous (V.) 21.800 21.800 (=) 
h. Hysteresis (H.) 21.300 19.200 (-) 

c. V. + He 43.100 41.000 (-) 

Hb : Total Height, (+) : Increase, (-) : Decrease, (=) : Equal, (.) : Not Clear 

The fundamental period for the 12 and 18-storey fixed frame-wall structures as given 

in Tables 9.3 and 9.4 and correspond to 0.19 Nand 0.17 N respectively. These periods are 

smaller than those for the MRF because the frame-wall structures are stiffer. These 
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fundamental periods were based on a rigid zone length Z = 0.50, meaning that the length of 

the rigid zones of columns and beams are 114 of the beams and column's depth respectively. 

Chapter X describes the effects of the rigid zone length on the structural responses. 

In the case of flexible foundations, the fundamental periods correspond to 0.24 Nand 

0.20 N for the 12 and 18-storey MRF. In comparison with the fixed base structures, these 

fundamental periods are 19.9 % and 18.60 % longer. These results imply that due to the 

foundation flexibility, the frame-wall structures decrease in stiffness much more than do the 

frame structures. Increasing the fundamental periods due to foundation flexibility is also 

reported in Ref.C3, C4, E2 and P6. The change in fundamental period due to different 

foundation system affects the structural responses especially for frame-wall structures. 

9.5.4 The Damage Parameters 

9.5.4.1 Maximum Roof Horizontal Displacement 

The member response quantities from the inelastic analysis are the stresses, 

strains, forces, deformations, degradations, ductility and work done. The structural responses 

may be the inter-storey drift, storey shear, storey ductility, base shear and nodal responses. The 

nodal responses consist of the nodal rotation and the nodal displacements in the x, y and z

direction respectively. The roof horizontal displacement is often used as a damage parameter. 

If the demand and capacity procedure as shown in Fig.9.3 is used, Ref. P36 reported that-the 

roof horizontal displacement can be used to provide damage index for the structure. 

Using elasto-plastic hysteresis behaviour, GUANGQIAN et al.(1984) reported 

that the maximum roof horizontal displacement in an inelastic response analysis may be taken 

as 0.9 times the sum of the maximum inter-storey drifts. The maximum displacement of the 

12-storey frames with fixed and flexible foundations are 0.86 and 0.82 times the sum of the 

inter-storey drifts respectively. These results are relatively close to the above approximation. 

However, this approximation does not agree well with the results from the I8-storey frames. 

The roof horizontal displacement of the I8-storey frames with fixed and flexible 

foundations as given in Table 9.2 correspond to 0.74 and 0.68 of the sum of storey drifts. As 

shown in Table 9.1 the roof horizontal displacement of the 12-storey frames is even larger than 
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that for the l8-storey as given in Table 9.2. This depends on the structural fundamental period 

with respect to the peak spectra of the input motion. The roof displacement to building height 

ratios of the 12-storey with fixed bases and flexible foundations are 0.664 % and 0.666 % Hb 

and only 0.41 % and 0.395 Hb for the IS-storey frames respectively. This depend on the 

natural period with respect to the peak in the response spectra. 

Table 9.2 Response Quantities of the lS-Storey Frame 

Structural Systems 
No. Parameters Pixed Base Flex. Found. Remark 

1. Fundamental Period 
T, (sec). 3.338 3.527 (+) 

2. Roof Displacement (m) 
a. Positive Envelope 0.2229 (0.332 % Hu 0.2289 (0.341 % HJ (+) 
b. negative Envelope 0.2752 (0.410 % Rt, 0.2648 (0.395 % Hi,) (-) 

3. Base Shear (Tonne) 
n. Positive Envelope 97.40 96.50 (-) 
b. Negative Envelope 128.30 122.80 (-) 

4. Col. Base Curv. Ductility 
I!. Left Column +0.000, -0.000 +0.000, ..{).ooo (=) 
h. Internal Column + 1.416, -0.753 +1.065, -0.763 (-) 
c. Right Column +0.000, ..{).ooo +0.000, -0.000 (=) 

5. CoI.Base Rot.(x 0.001 Rad.) 
a. Left Column +0.000, -0.000 +0.000, -0.000 (.) 
b. Internal Column + 1.481, -0.000 +1.114, -0.000 (-) 
c. Right Column +0.000, -0.000 +0.000, -0.000 (.) 

6. Total P.H.Rot.(x 0.001 Rad.) 
ft. Positive Envelope 161.580 146.101 (-) 
b. Negative Envelope 197.030 176.970 (-) 
c. Total Rotations 358.610 323.071 (-) 

7. Energy Dissipation (Tm.) 
a. Viscous (V J 26.320 25.180 (-) 
b. Hysteresis (HJ 21.800 19.360 (-) 
c. V. + He 48.120 44.340 (-) 

: Total Building (+) : Increase, (-) : Decrease, (==) : (.) : Not Clear 

The maximum displacement for fixed bases and flexible foundations for the 12-

storey frame-walls are 0.88 and 0.84 of the sum of the storey drifts respectively. For the 18-

storey frame-walls, the maximum displacements are 0.86 and 0.68 of the sum of the storey 

drifts for the same types of foundations. The relationship between displacement to total drift 

ratio versus fundamental period is shown in Fig. 9.39 which shows that this relationship is not 

constant as reported by Ref.G20 but has a negative slope. The variation of roof displacement 

to Hb ratios versus fundamental periods as shown in Fig.9.40 is not clear. 
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Table 9.3 Response Quantities of the 12-Storey Frame-Wall Structures 

Structural Systems 
No. Parameters 

Fixed Base Flex. Found. Remark 

1. Fund. Period T\ (see). 2.312 2.771 (+) 

2. Roof Displacement (m) 
a. PosiLive Envelope 0.2962 (0.656 % Ht. 0.2691 (0..596 % Ht. (-) 
b. negative Envelope 0.2683 (0.594 % H!.) 0.3138 (0.695 % 1\ (+) 

3. Base Shear (Tonne) 
1. Frames 

11. Positive Envelope 809.00 (42.94 %) 912.00 (60.80 %) (+) 
b. Negative Envelope 780.00 (36.90 %) 926.00 (50.80 %) (+) 

2.Walls 
a. Positive Envelope 1075.00 (57.06 %) 588.00 (39.20 %) (-) 
b. Negative Envelope 1334.00 (63.10 %) 897.00 (49.20 %) (-) 

3.Total Base Shear 
a. Positive Envelope 1884.00 (100.0 %) 1500.00 (100.0 %) (-) 
b. Negative Envelope 2114.00 (100.0 %) 1823.00 (100.0 %) (-) 

4. Col. Base Curv. Ductility 
a. Left Column +1.046, -0.870 +2.166, -0.937 (+) 
b. Internal Column + 1.430, -1.439 +2.219, -1.841 (+) 
c. Right Column +0.939, -1.261 + 1.349, -1.769 (+) 
d. Wall +3.918, -3.971 +0.000, -0.000 (-) 

5. Col.Base Rot.(x 0.001 Rad.) 
a. Left Column +1.378, -0.000 +2.855, -0.000 (+) 
b. Internal Column +1.895, -1.907 +2.940, -2.439 (+) 
c. Right Column +0.000, -1.675 + 1. 777, -2.332 (+) 
d. Wall +4.772, -4.837 +0.000, -0.000 (-) 

6. Total P.H.Rol.(x 0.001 Rad.) 
a. Positive Envelope 184.790 147.640 (-) 
b. NegaLive Envelope 152.180 179.120 (+) 
c. Total Rotations 336.970 326.760 (-) 

7. Energy Dissipation (Tm.) 
a. Viscous (Y.) 306.000 355.000 (+) 
b. Hysteresis (HJ 306.000 172.000 (-) 

c. V. + H. 612.000 527.000 (-) 

Hb : Total Building Height, (+) : Increase, (-) : Deerease, (=) : Equal, (.) : Not Clear 

9.5.4.2 Base Shear and Storey Shear Ratios 

In both elastic and inelastic analyses, the total base shear is one of the most 

important response design quantities. In most loading codes, the base shear force is then 

distributed to evelY floor over the building height. POWELL & ALLAHABADI (1988) 

reported that the base shear can be utilized to predict the structural damage index even-though 

estimates of yield and ultimate base shear are only approximate. CARR & TABUCHI (1993) 

used the elastic and elastic base shear to estimate the structural yield displacement. 
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The base shear of the 12 and IS-storey frames with fixed and flexible 

foundations are shown in Tables. 9.1 and 9.2 respectively. The base shear of the 12 and 18-

storey buildings with flexible foundations is only 0.95 % and 2.65 % smaller than that for fixed 

base foundations respectively. These results indicate that effects of the soil-foundation 

interaction on the structural response are less significant for the flexible structures. The storey 

shear ratios of the 12 and is-storey frames are depicted in Fig.9.16 and 9.24 respectively. In 

the lower storeys, the storey shears for flexible foundations are less than those for fixed base 

foundations. The effect of the higher modes are clearly shown in the upper storeys. 

Table 9.4 Response Quantities of the i8-Storey Frame-Wall Structures 

Structural Systems 
No. Parameters Fixed Base Flex. Found. Remark 

1. Fundamental Period 
T. (sec). 3.041 3.607 (+) 

2. Roof Displaeement (m) 
a. Positive Envelope 0.2379 (0.354 % lIt, 0.2945 (0.439 % 1\) (+) 
b. negative Envelope 0.3067 (0.457 % 1\ 0.2987 (0.445 % 1\) (-) 

3. Base Shear (Tonne) 
1. Frames 

a. Positive Envelope 670.00 (29.32 %) 1257.00 (49.16 %) (+) 
b. Negative Envelope 838.00 (26.49 %) 1301.00 (49.59 %) (+) 

2.Walls 
a. Positive Envelope 1618.00 (70.67 %) 1300.00 (50.84 %) (-) 
b. Negative Envelope 2325.00 (75.51 %) 1323.00 (50.41 %) (-) 

3.Total Base Shear 
a. Positive Envelope 2288.00 (100.0 %) 2557.00 (100.0 %) (+) 
b. Negative Envelope 3163.00 (100.0 %) 2624.00 (100.0 %) (-) 

4. CoL Base Curv. Ductility 
a. Left Column +0.000, -0.000 + 1.449, -1.044 (+) 
b. Internal Column +0.000, -0.000 +2.352, -2.422 (+) 
c. Right Column +0.000, -0.000 +1.112, -1.396 (+) 
d. Wall +1.954, -2.248 +0.000, -0.000 (-) 

5. CoLBase Rot.(x 0.001 Rad.) 
a. Left Column +0.000, -0.000 +2.060, -1.484 (+) 
b. Internal Column +0.000, -0.000 +2.541, -2.620 (+) 
c. Right Column +0.000, -0.000 + 1.582, -1.985 (+) 
d. Wall +2.870, -3.030 +0.000, -0.000 (-) 

6. Total P.H.Rot.(x 0.001 Rad.) 
a. Positive Envelope 126.080 163.700 (+) 
b. Negative Envelope 135.160 168.690 (+) 
c. Total Rotations 261.240 332.390 (+) 

7. Energy Dissipation (Tm.) 
a. Viscous (V J 304.500 385.000 (+) 
b. Hysteresis (HJ 223.900 138.000 (-) 
c. Ve + He 528.400 523.000 (-) 

Remark: (+) : Increase, (-) : Decrease, (=) : Equal, (.) : Not Clear. 
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The base shear of the 12 and 18-storey frame-wall structures are presented in 

Table 9.3 and 9.4 respectively. Base shear of for the flexible foundations are 17.0 % and 17.1 

% smaller when compared to the 12 and 18 storey frame-walls with fIxed base foundations 

respectively. The wall base shear reduces when the footing foundations rotate. In contrast, the 

base shears resisted by the frames with flexible foundations increase by 15.7 % and 55.2 % 

for the 12 and IS-storey respectively when compared with the frames with fixed bases. When 

the structural walls rotate part ofthe base shear is redistributed to the frames. In Figs. 9.33 and 

9.42, the frame and wall storey shears of the 12 and 18 storey frame-wall structures are 

normalized with respect to the ftxed base foundations. The wall storey shear ratios of the 12 

and 18 storey frame-walls are less than unity in most stories with the smallest ratios being 

0.547 and 0.570 respectively at the first floor. On the other hand, the frame storey shear ratios 

in most stories are greater than unity with the highest ratio of 1.19 and 1.87 respectively at the 

first floor. The ability of the wall to resist the shear force decreases as the wall bases rotate. 

The shear force is then redistributed to the frames resulting in a greater shear in the frames. 

9.5.4.3 Beams, Column Moment Ratios and Wall Moments 

As shown in Figs. 9. 17 and 9.25, the beam moments of the 12 and 18 storey 

frames with flexible foundations are normalized with respect to the ftxed base foundation and 

are termed as beam moment ratios. The outer ends of the beams of the buildings with flexible 

foundations seem to suffer more than that of the internal ends although the moments are only 

increased by a maximum of 5 %. Similar normalization of the left and internal column 

moments of the 12 and IS-storey frames are shown in Fig. 9.18 and 9.26 respectively. Fig. 

9.18 shows that the moment ratios are not consistent. Due to the foundation rotation, the 

column moments in the lower levels of the 18-storey frame are redistributed to the middle 

level. As a result, the column moment ratios at the middle level are greater than unity as shown 

in Fig.9.26. This is evidence that the redistribution of forces due to the foundation flexibility 

are more significant in relatively flexible structures. 

The column moment ratios for the 12 and 18 storey frame-wall structures are 

depicted in Fig.9.34 and 9.43 respectively. In approximately one-half of the upper part of the 

building, the column moment ratios are greater than unity. At the first storey, these ratios are 

1.16 and 2.07 for the 12 and 18-storey respectively. The wall moments for the 12 and 18-
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storey buildings are shown in Fig.9.35 and 9.44 respectively. The wall-base moment reduces 

when the wall base is allowed to rotate because of the soil-foundation flexibility. As shown in 

these figures. the redistribution of wall moments from the base to the upper storeys are more 

significant in the IS-storey wall compared to the 12-storey wall. The wall moment ratios at the 

first storey are 0.70 and 0.65 for the 12 and 18-storey walls respectively. These results are 

similar to the redistribution of the column moments in the l8-storey frames, as mentioned 

earlier. 

From the column moment and storey shear ratios discussed above, it is clear 

that the columns in the first storey of frame-wall structures with flexible foundations suffer 

more than those of fixed base foundations. The columns of the first storey of the 18-storey 

frame-wall structures with flexible foundations resist 87 and 107 % greater shear and moment 

when compared with the fixed base foundations respectively. This is because of the 

redistribution of shear and moment due to the soil-foundation flexibility. Further effects of the 

wall rotation will be discussed in the following sections. 

9.5.4.4 Inter-storey Drifts 

The effect of gravity load induced axial load in the column on the storey drifts 

will produce additional forces, moments and reduce the effective stiffnessI>U9·T21. These 

additional effects are commonly referred to as P-.1. effects, where P refers to the gravity 

loading and ;:,. the inter-storey drifts. When the building responds elastically, the inter-storey 

drifts are relatively small and these effects are commonly negligibleC1J,Plll.M21. When the building 

responds in a highly inelastic manner with a relatively large column axial load, these effects 

cause a significant increase in the plastic deformation TIl. To minimize these effects, the inter

storey drifts under seismic loading in many design codes must not to exceed specified limits. 

Inter-storey drifts and storey plastic hinge rotations of the 12 and 18 storey 

frames are shown in Fig.9.19 and 9.27 respectively. Inter-storey drifts of the flexible 

foundation structures tend to be greater than that for fIxed base structures in almost all of floor 

levels and especially so for the 18-storey frames. The maximum inter-storey drifts for the fixed 

and flexible foundations are 0.85 % and 0.926 % H for the 12 storey and 0.63 % and 0.69 % 

H for the 18-storey frames respectively, where H is the storey height. These inter-storey drifts 

are less than the 1 % level allowed for Seismic Zone A, in Section 3.8.3.1 NZS 4203:1984. 
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These inter-storey drifts are also much less than the limit values of Section 2.5.4.5, NZS 

4203: 1992. When an inelastic numerical integration time history method is used, the maximum 

permissible inter-storey drifts is 2.5 % (including P-delta and torsion effects) of the 

corresponding storey height. 

For the 12 and 1S-storey frame-wall structures, the inter-storey drifts are 

presented in Fig.9.38 and 9.47 respectively. The maximum values for the fixed and flexible 

foundations are 0.95 % and 0.89 % H. for the 12 storey building and 0.61 % and 0.84 % 

for 18 storey building respectively. Again, these maximum storey drifts are less the code limit 

value. In relation to the P-.6. effects, CARR & MOSS (1980) pointed out that if the inter-storey 

drifts are less than 1. 0 %, the P-Ll effect may be justifiably ignored. 

9.5.4.5 The Maximum Beam Curvatures and Beam Plastic Hinge Rotations 

In the strong column and weak beam failure mode mechanism, the structural 

energy dissipation is expected to be due to the formation of beam plastic hinges. A large 

amount of energy absorbtion is expected when the moment-curvature hysteresis loops are 

relatively stable over several cycles without significant strength deterioration. Hence, the 

maximum member curvature sustained during cyclic loading is an important aspect. PAULA Y 

(1979) and BOOTH (1994) reported that the maximum sustainable plastic hinge rotation was 

0.035 radians or approximately 2 degrees. WATSON et a1.(1994) and WATSON & PARK 

(1994) reported that based on tests of columns with low levels of axial load, the maximum 

measured member curvature was 0.312 radians/m corresponding to 0.0624 radians of plastic 

hinge rotation. 

The maximum beam plastic hinge rotation for fixed bases and flexible 

foundations are 0.0102 and 0.0099 radians for the 12 storey frames and 0.0068 and 0.0066 

radians for the 18 storey frames respectively. In the cases of fixed and flexible foundations for 

frame-wall structures, the maximum beam plastic hinge rotations are 0.0099 and 0.0071 radians 

for the 12 storey buildings and 0.0083 and 0.0069 radians for the 18-storey buildings 

respectively. The member rotations of the structure with flexible foundations are smaller than 

those for fixed bases. These beam plastic hinge rotations are much lower than that the possible 

maximum limit. The storey plastic hinge rotations for the 12 and 18 storey frames are shown 

in Fig.9.19 and 9.27 respectively. The storey plastic hinge rotations for fixed bases seem 
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greater than those for flexible foundations. The accumulation of beam plastic hinge rotations 

for the 12 and IS-storey frames are 0.0184 and 0.0127 radians respectively. These values are 

less than the results repOlted by TSO et a1.(1993). In the following section the importance of 

storey plastic hinge rotations in the calculation of a structural damage index will be discussed. 

Figs. 9.20, 9.28, 9.36 and 9.45 represent the variation ofinter-storey drifts and 

plastic hinge rotations for the 12 and 18-storey frames and frame-wall structures respectively. 

The storey plastic hinge rotations tend to increase as the inter-storey drifts increase, although 

the relationships are not clear. 

9,5.4.6 Plastic Hinge Rotations of Column and Wall Bases 

The column plastic hinge rotations for the 12 and 18 storey frames are shown 

in Fig.9.21 and 9.29 and are given in Table 9.1 and 9.2 respectively. Due to the rotation of 

the foundations during the earthquake, the column plastic hinge rotations are reduced by an 

average of 22.2 % and 24.8 % for the 12 and 18 storey frames respectively. The zero plastic 

hinge rotations in these tables imply that the column bases remain elastic. These results confirm 

the reduction of the moment at the column bases as indicated in Fig.9.18 for the 12 storey 

frames and in Fig.9.26 for the 18 storey frame respectively. 

In the case of the frame-wall structures, interesting results were found. Fig. 

9.37 shows that the column base rotations for the 12-storey frame-walls with flexible 

foundations increase significantly when compared with the fixed base foundations. Fig. 9.46 

shows that the column bases of the 18-storey frame-walls with fixed bases remain elastic but 

response inelastically in the case of the flexible foundations. In contrast, the wall bases of the 

12 and IS-storey frame-walls with fixed bases response inelastically and remain elastic in the 

case of flexible bases. This is because the rotation of the walls are several times greater than 

the rotation of the column footings, as represented in Fig.9.12 and 9.14 respectively. The soil

footing foundation to column stiffness ratios are relatively greater than the soil-footing 

foundation to wall stiffness ratios. As a consequence, when the wall bases are highly rotated 

the column bases displace with the same mode with the walls and resulting in highly increase 

of plastic hinge rotation at the column bases. 
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9.5.4.7 Beam CUl'Vature Ductility Demands 

In the strong column and weak beam type of failure mechanism, the member 

ductility demand is the most common damage parameter used in inelastic analyses. The 

limitation of this damage parameter is its inability to describe the member damage under low

cycle fatigue type loadings. 

As shown in Figs. 9.22 and 9.30, the beam CUIvature ductility factors over the 

building height are smaller in the frame buildings with flexible foundations than those for fixed 

base foundations. Similar results are found for the 12 and 18 storey frame-wall structures as 

shown in Figs. 9.38 and 9.47 respectively. The maximum curvature ductility demands are 9.52 

and 7.86 for the 12 storey frame and 6.58 and 5.93 for the 18 storey frame with fixed bases 

and flexible foundations respectively. The equivalent values are 8.99 and 7.45 for the 12 storey 

frame-wall structures and 7.15 and 6.2 for the 18 storey frame-wall structures. These show that 

the maximum value of curvature ductility demand in the buildings with flexible foundations are 

approximately 15 % smaller than those for fixed based buildings. 

PRIESTLEY et al.(1981) reported that tests of spirally-confined concrete 

columns with a relatively low axial load ratio P/Ag C where P, Ag and fc are the axial load, 

gross area and compressive cylinder strength of concrete respectively, show that the maximum 

available curvature ductility factors range between 16.3 to 25.4. Similar tests have been 

conducted by PARK et a1.(1982) with the maximum curvature ductilities varying between 20 

to 21. ZAHN et al.(1986) and WATSON et al.(1994) discussed a proposed curvature ductility 

design chart. The chart shows that if the axial load ratio is less than 0.15, a curvature ductility 

even greater than 30 may be obtained. Hence, the beam curvature ductility demand obtained 

in this analyses can easily be achieved. 

9.5.4.8 The Accumulation of Plastic Hinge Rotations 

The maximum plastic hinge rotation and ductility demand as discussed earlier 

represent a single value damage parameter. Accordingly, the structure with a higher plastic 

hinge rotation and curvature ductility which only occurs in one member has a considerably 

greater damage than the structure with only slightly smaller plastic hinge rotations and 
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curvature ductility demands even though they occur in all members. The concept of cumulative 

plastic hinge rotations has been introduced to take account of cumulative effect of the structural 

damage under dynamic loadings. The use of cumulative plastic hinge rotations to measure the 

severity ofRC fixed frames under earthquake excitations were also reported TSO et al.(1993). 

The cumulative plastic hinge rotations in the positive envelope of the 12-storey 

frame and in the negative envelope of the 18 storey frames are shown in Figs. 9.23 and 9.31 

respectively. The upper storeys of the 12-storey frame and an the storeys of the IS-storey 

frame with flexible foundations suffer greater damage than the stmctures with fixed base 

foundations. As given in Tables 9.1 and 9.2, the total plastic hinge rotations of the 12 and 18-

storey frames with fixed base foundations are 2 % and 11 % higher than those for flexible 

foundations. Total plastic hinge rotations are 0.3479 radians and 0.3586 radians for the 12 and 

IS-storey frame with fixed bases and 0.3418 radians and 0.3231 radians for the same frames 

with flexible foundation respectively. A relatively flexible structure with flexible foundations 

suffers less damage than a stiffer structure with fixed base foundations. 

Total plastic hinge rotations for the 12 and I8-storey frame-wall structures are 

presented in Tables 9.3 and 9.4 respectively. They show that the total plastic hinge rotations 

of the 12-storey frame-walls with fixed base foundations are higher and accordingly suffer more 

damage than those for flexible foundations. It is interesting to note that in the IS-storey frame

walls with fixed base foundations the total plastic hinge rotation is 21.5 % smaller than for the 

flexible foundations. This means that the 18-storey frame-walls with flexible foundations suffer 

more damage than when it has a fixed base foundations. The fundamental period of the 

structure and the spectral characteristics of the earthquake excitation seem to effect the 

structural response. This is an exceptional result and in Chapter XII it will be shown that, in 

general, the flexibility of the foundations reduce the structural responses. 

9.5,4,9 Viscous and Hysteretic Energy Dissipation 

As with the cumulative plastic hinge rotations, the hysteretic energy absorbed 

by the structures can be used to represent the cumulative value of the damage parameter. This 

hysteretic energy absorbtion is a function of time, hence, a longer duration of the earthquake 

excitation may result in a greater absorbtion of hysteretic energy dissipation than that for a 

shOtt duration earthquake. The 20 seconds of earthquake excitation from the 1940 EI-Centro 



E 
1:: 
c 
c 

;;:; 

'" "-;;; 
~ 

5 ... 
!? 
'" C 

I.!J 

E 
" c 

;;:; 

" "-
'iii 

<c 

is ... 
E' 
OJ 

" !.U 

60 

40 

30 

20 

10 

0 

0 

700 

SOO 

500 

400 

300 

-200 

100 

0 

0 

Hysteretic En. 

s 10 12 14 16 18 

Time Isec) 

Fig. 9.48 Visco Bnd Hyst. Energy Dissiplldons of the 12-etQrey Fixed Frame 

2 .8 10 

'nme lseci 

12 

Hysteretlc En. 

En. 

14 115 13 

Fig. 9.50 Visco and Hyst. Energy Dissipations of the 1~-storey Fixed Frlllme-Walls 

60 

4Q 

E 
!:: 
J: 
C 30 ';' ., 
"-
'i 
m 

5 20 ... 
E' 
'" C 

I.U 

10 

0 

20 0 

700 

600 

E 500 

" c 
:0 400 
'" Q. 

'i .. 
is 300 ... 
eo 
" " 200 Ilol 

100 

0 

20 0 

, 
Hysteretic En, 

10 12 14 19 

Fig. 9.49 Visco snd H'(6t. Energy Dissipatiol'l!l 01 the 12-etorey Frame 

Q420, FW12f\Z 
Takeda, EcNSci 

2 10 

Time (sec) 

I 
Hystaretlc Ell. 

En. 

14 18 

Fig, 9.51 .Vlsc, IIInd Hyst. Energy Dissipations ~f the 12-etorey Fram<J-Wails 

20 

20 



243 

NSC earthquake is used. Ref. TID used this parameter to describe the severity of damage to RC 

frames with fixed base foundations under earthquake excitations. 

As given in Tables 9.1 and 9.2, the hysteresis energy demand of the 12 and 18-

storey frames with fixed base foundations are 10.9 % and 12.5 % higher than those for the 

structures with flexible foundations respectively. The hysteretic energy absorbed by the 12 

storey frame is nearly equal to that of the 1S-storey frames. Thus, the energy absorbed per unit 

mass of the 12 storey frame is greater than that for the 1S-storey frame. It can be concluded 

that the 12-storey frames are considerably more damage than the 18-storey frames. 

The hysteretic energy absorbed in the 12 and 18-storey frame-walls with 

flexible base foundations is much lower than that for the fixed base foundations. Again, this 

result is because of the rotation the structure due to the foundation flexibility. In contrast, the 

viscous energy absorbed by the flexible foundations is much greater than that absorbed by the 

fixed base foundations. The rotation of the structural systems due to the foundation flexibility 

increases the velocity response. The hysteretic energy dissipation in the 12-storey frame-walls 

is even higher and results in absorbed energy per unit mass being much higher than that for the 

18 storey frame-walls. Accordingly, the stiffer structures with fIXed base foundations are 

considerably more damaged than that for relatively flexible structures with flexible foundations. 

Examples of viscous and hysteretic energy absorbed by the 12 storey frames and frame-walls 

with fixed bases and flexible foundations are shown in Figs.9A8, 9.49, 9.50 and 9.51 

respectively. They show that the patterns of energy absorbtion are similar. 

9.5.5 Member, Storey and Structural Damage Indices 

Fig. 9.3 shows the damage index of the member can be calculated from either demand 

versus capacity procedures or degradation procedures. The choice of the procedure depends on 

the expected member damage modes, using either a single value, the cumulative value or the 

combination of these damage parameters. 

Results of these analyses indicate that the combination of a single damage parameter 

and the cumulative damage parameters are likely to be the most appropriate choice. 

Accordingly, the damage index proposed by PARK et al.(1984) as expressed in Eq.9.8 is used 



244 

0.3 ,------.-----

B +''-----------t--''' ... ' .. -.... +-- .. ----.. -.. + .. ----.. --.. -C~-,--, .. ,,··,--"\--,,,,,,,-,,-,,,,,1 K 0.25 (l) 

"" -'= 
III 
01 

6 '" E 
III 
Cl 

iii 
!i .... 
" 2 0.2 .... 

IJ) 

2+------,,----,,+----

I 12·Stf. Frames, 

O~J=~~~~~~~~~~~~~~~ 

0.05 0.1 0.15 0.2 0.25 0.3 0.35 0.15 +-----------+---------~~--------~ 

Damage Index Fixed Flex. 

Fig. 9.52 Storey Damage Index Fig. 9.53 Str. Damage Index vs. Found Types 

0.3 ,------------------------------

Storey 

10+'''----, .. ----· .. + .. ,·,-·--, .. ·'''·"+C)---.··--~J~I .. ·-.. + .... ·,,·-,, ......... -

0.25 

8· .... · .. ·r.S~q;;;u~a:;r::e---:-~:::'~~-1.. ...... ·-+-~"::::-()·{5iNII 
,J 

Circle Ql .., 
.E 

Filled Ql 
rn 

6 Blank 
~1IIIIlIIIIIIlII1IIIIIIIIIi!III. 

., 
E 

0.2 .. 
0 

iii 
!i .... 
" 4+·,,,,, .. ,, .... ·,, .. i-,, .. -.(r' .. t"'· ........ ,· .. · .. nf· .... ' ... ,· .. ,· .... ;· .... -..... ,,, ...... ,., :J 

J:> 
IJ) 

0.15 
2+, .. , .. -,,+,'., .. 0 .... f, .. · .. ,·'''· .. ·' .. ''' .. l'''·'''''·· .. ~]. 

Square Frame 
Circle F·Walis 

o .kJ~$::cf:-=-
0.05 0.1 0.15 0.2 0.25 0.3 0.1 

Damage Index Fixed Flex. 

Fig. 9.54 Frame & Frame·Wall Storey Damage Indices Fig. 9.55 Str. Damage Index vs. Found. Types 



13 

16 

14 

12 

10 

8 

6 

Storey 

4 

2 

0 

0.05 0.1 0.15 

Damage Index 

245 

0.2 

Fig. 9.56 Storey Damage Indices 

B 

6 Frame 
F·Walis 

Fixed 
Flex. 

o +~.---l.~-liI---t ---Cl'''''HIt---j----i 

o 0.05 0.1 0.15 0.2 0.25 

Damage Index. 

0.2 ,-----------.. -~.~-.-... --____, 

'" 
0.15 

'" ." 
.E 
<II 
tn ., 
E 
'" 0 

~ .a 
" 2 
Iii 0.1 

0.05 +------+-------+-------1 

Fixed Flex. 

Fig. 9.57 Structural Damage Indices vs. Found. Types 

0.19 

0.17 

0.15 
I< 

'" ." 
.E 
III 

'" " 0.13 E .. 
0 

E 
" tI 0.11 

" Iii 

0.09 

Square Frame 
0.07 Circle F·Walis 

0.05 

Fixed Flex. 

Fig. 9.58 Frame & Frame-Walls Storey Damage Indices Fig. 9.59 Structural Damage Indices vs. Found. Types 



246 

in this study. The damage index of the member is calculated by the summation of normalized 

stmctural deformation and member dissipation energy. Instead of using the member 

deformation, CARR & TABUCHI (1993) modified this parameter to use the member curvature. 

The member curvature demand and member dissipation energy represent the single and 

cumulative values respectively. 

The storey damage index is based on the member damage indices in a particular storey. 

As mentioned in Section 9.4, the weighting factors used in the calculation of the storey damage 

indices depend on the failure mode mechanism. The strong column and weak beam failure 

mode mechanism is selected in this analysis. Based on the results as presented in Chapter XII, 

the member damage indices are strongly correlated with the member curvatures. Accordingly, 

the weighting factors based on member curvatures are used in the calculation of storey damage 

indices. The structural damage index is based on the storey damage indices. As will be 

discussed in Chapter XII that the storey damage indices are also strongly correlated with the 

curvature distribution over the building height. Hence, a similar weighting factor to that used 

in the calculation of storey damage indices is used in the calculation of a structural damage 

index. 

Table 9.5 Damage Indices of the 12 and 18-storey Structures 

Foundation Types 
No. Types of the Structures and Remark 

Damage Parameters Fixed Base Flex. Found. 

1. The 12-storey Frame 
a. Max. Member Damage Index 0.3340 0.2790 ( - ) 

b. Max. Storey Damage Index 0.2929 0.2652 ( - ) 

c. Max. Structural Dm.1ndex 0.2377 0.2219 ( - ) 

2. The 12-storey Frame-Walls 
a. Max. Member Damage Index 0.3200 0.2670 ( - ) 

b. Max. Storey Damage Index 0.2694 0.2314 ( - ) 
c. Max. Structural Dm.Index 0.1948 0.1700 ( - ) 

3. The 18-s1orey Frame 
a. Max. Member Damage Index 0.2290 0.2070 ( - ) 
b. Max. Storey Damage Index 0.1798 0.1649 ( - ) 
c. Max. Structural Dm.lndex 0.1568 0.1317 ( - ) 

4. The 18-storey Frame-Walls 
a. Max. Member Damage Index 0.2210 0.2530 (+) 
b. Max. Storey Damage Index 0.1889 0.2177 (+) 
c. Max. Structural Dm.Index 0.1167 0.1390 (+) 

Remark: ( - ) : Decrease, (+) : Increase 
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Based on the laboratory tests discussed in Section 9.5 A. 7, the possible available 

curvature ductility factor more than 30 may be achieved for a member with low level of axial 

load. The maximum curvature ductility factors of 20 and 30 for columns and beams 

respectively are used. PAULAY & PRIESTLEY (1992) stated that the available wall curvature 

ductility factor depends on the required displacement ductility factor and the wall height to 

width ratio. The value of wall height to width ratios of the building prototypes in this study 

were 9.03 and 8.94 for the 12 and 18 storey frame-walls respectively. Accordingly, the 

maximum wall curvature ductility factor of 16 was selected in this study. 

The maximum member, storey and structural damage indices for the 12 and IS-storey 

frames and frame-wall structures with fIxed bases and flexible foundations are given in Table 

9.5. The distribution of storey damage indices for the 12-storey frame with fIxed base and 

flexible foundations is shown in Fig.9.52 and the corresponding structural damage index is 

shown in Fig. 9.53. The storey damage indices of frames with flexible foundations are smaller 

than those with a fixed base in over all storeys and resulting a 6.6 % smaller structural damage 

index. Fig.9.54 shows the distribution of storey damage index of the 12-storey frame and 

frame-wall structures. As with the frame structures, the storey damage indices of the frame

walls with flexible foundations are smaller than that for fixed base foundations resulting a 12.7 

% smaller structural damage index. 

As shown in Fig.9.54, the effect of walls reduce the storey damage indices over almost 

all of the building height. This is because the presence of the walls reduces the beam curvature 

demand. As the result, the damage indices of frame-wall structures for both types of 

foundations are smaller than those for frames structures as shown in Fig. 9.55. The effect of 

the walls reduces the structural damage indices by 18 % and 23.3 % for the fIXed and flexible 

foundations respectively. 

The storey damage indices for the I8-storey frame with flexible foundations are smaller 

than those for the fixed base over the building height as shown in Fig.9.56 resulting in a 16 

% smaller structural damage index as shown in Fig.9.57. Fig.9.58 shows the storey damage 

index for the IS-storey frame and frame-walls respectively. The storey damage index of the 

frame-walls with flexible foundations are greater in the lower and upper storeys. The hysteretic 

energy absorbed by frame-walls with flexible foundations as given in Table 9.4 is smaller but 

the beam curvature demands are greater than those for the fixed base foundations. As a result, 
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the structural damage index of frame-walls with flexible foundation is greater than that for the 

fixed base case. This indicates that the beam curvature demands have greater effect on the 

structural damage index than the hysteretic energy absorbtion. The rotation of the walls cause 

increases in the damage indices at the column bases as shown in Fig. 9.54 and 9.58 

respectively. This result confirms as reported in Ref. VIO where effects of the inertial 

interaction in soil-structure interaction may increase, decrease or have no effect on the response 

of structural system. The outcome depends on the characteristics of the response spectrum at 

the fundamental period of the structural system. 

9.6 SUMMARY AND CONCLUSIONS 

The interpretation of inelastic building responses under seismic excitation have been 

discussed. The response quantities of inelastic analyses are more complex than those of an 

elastic analysis. The damage parameters were categorized into two groups, a single maximum 

and cumulative values. Several approaches for the calculation of the member damage mode 

have been proposed by researchers based on either demand versus capacity or degradation 

procedures. The member, storey and structural damage indices were based on the damage 

modes. 

Effects of the soil-foundation flexibility on the inelastic response of the 12 and 18-

storey frame and wall-frame building structures have been investigated. The soil-foundation 

impedances were calculated using the soil-foundation model discussed in Chapter V with the 

soil shear modulus G = 685 kg/cm2
• The member, storey and structural damage indices were 

those proposed by PARK & ANG (1985). 

The maximum calculated soil-shear strain 'Y .. in all building prototypes is 1.74x10"" and 

is less than 10-2 i.e the limit value for the visco-elastic soil mechanical model as discussed in 

Section 4.3. This justifies the proposed visco-elastic soil-foundation mechanical model as 

discussed in Chapter V. The soil shear modulus G = 0.70 Gmax used in the analysis was in 

close agreement with the calculated soil shear strain. 

During the loading history, the column footing foundations were a long way from the 

tip lift-off limit. The rotations of the wall bases were more than 8 times than those of the 
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column bases. The wall footing foundations, in general, were in full contact with the supported 

soil during the earthquake excitation. 

Compared with flXed base foundations, the soil-foundation flexibility causes a greater 

lengthening in frame-walls fundamental periods than was evident in the frame structures. The 

soil-foundation flexibility decreases in structural stiffness of frame-wall structures was greater 

than in the framed structures. The ratio of roof horizontal displacement to the sum of the inter

storey drifts decreases as the structural fundamental period increases. 

The base shear decreases as the flexibility of the foundations increases. The base shear 

of the frame-walls decreases more than that in the frame structures. The rotation of the wall 

base greatly reduces the wall first-storey moment, shear and plastic hinge rotations, but 

increases greatly the first-storey moments, shears and the plastic hinge rotations in the frames. 

The redistribution of wall and column forces due to foundation flexibility was more significant 

in the more flexible structures. 

The inter-storey drifts in all building prototypes were less than 1 % of the storey 

height. The foundation flexibility increases the upper storey inter-storey drifts, especially for 

more flexible structures. Note that the base rotation is added to the inter-storey drifts due to 

deformation within the storey. The beam ductility demands and storey plastic hinge rotations 

of buildings with flexible foundations decrease when compared with the fixed base foundations . 

. In both types of foundation, the storey plastic hinge rotations tend to increase as the inter-storey 

drift increases. 

The foundation flexibility decreases the absorbed hysteretic energy and increases the 

absorbed viscous energy more in frame-wall structures than in framed structures. The rate of 

energy absorbtion depends on the characteristics of the earthquake input. 

Except for the 1S-storey frame-walls, the maximum member, storey and structural 

damage indices of buildings with flexible foundations were smaller than those for fixed base 

foundations. The damage indices were more strongly correlated with the member curvatures 

than the hysteretic energy dissipation. 



Chapter X 

Effects of Rigid Joint Lengths, NUlnber of Frames and 

Hysteresis Rules on the Response of the 12 and 1S-storey 

Frames and Frame-Wall Structures 

10.1 INTRODUCTION 

As discussed in Section 6.2 the interpretations of the results of inelastic analyses of 

structures are more complex than that for elastic analyses. This is because a number of 

uncertain parameters affect on structural responses. OTANI (1981) and OTANI (1984) discuss 

the maximum response amplitudes and response histories of inelastic RC structures influenced 

by various stiffness properties of the members. The different hysteresis rules are expected to 

respond to an earthquake excitation in a dissimilar manner. SAlIDI (1980) also presented the 

effect of the hysteretic models on the seismic response of RC frames. When compared with the 

result of laboratory tests, it was found that the accuracy of the hysteresis rules in predicting the 

inelastic member behaviour depends on the response amplitude. 

The parameters involved in this chapter are the effects of the rigid joint zone lengths, 

the number of frames in frame-wall structures, and different member hysteresis rules. The 

effect of these parameters on the inelastic responses of the 12 and 18 storey frames and frame

wall structures with fixed bases and flexible foundations will be discussed in the following 

sections. 

The calculation of soil-foundation impedances are based on constant coefficients as 

discussed in Ref.H20 and T19, leads to the frequency independent response analysis. This 

implies that the impedance coefficients are based on a particular frequency of excitation and 

are assumed to be constant during the time integration. The excitation frequency w = 15.707 

rad/sec corresponding to the frequency f = 2.5 Hertz is used in this study. This frequency is 

in the range mentioned in Section 4.1 and discussed in Ref.L6. The member plastic hinge 

rotations are based on a plastic hinge length 4 = 0.50 diU where dm is the depth of the 

member. 

250 
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10.2 EFFECTS OF THE RIGID JOINT ZONE LENGTHS 

It is possible that beam column joints are a critical region in reinforced concrete frames 

designed for inelastic response under seismic excitations. Experience from past earthquakes, 

as reported in Refs.M30, S34 and S35, indicate that the damage of some buildings are caused 

by the failure of the beam column joints. It was found that these failures were mainly because 

of unanchored bars, lack of joint reinforcement and the storey stiffened by a masonry wall. The 

sub-assemblage test results reported in Ref.P30 indicate that the beam column joints may 

exhibit inelastic stress when the beam plastic hinges occur at the column face. Hence, the rigid 

joint zone length may vary from zero for highly inelastic member to half of the column width 

for fully elastic joints respectively. 

As discussed in Section 6.7 the rigid joint zone length may significantly affect the 

structural responses. The effect of the rigid joint zone lengths on the inelastic response of the 

12-storey frames and the 18-storey frame-wall buildings with flXed base and flexible 

foundations are investigated. The soil-foundation impedances were calculated based on the soil 

shear modulus G = 420 kg/cm2 for the 12-storey frame structures and G = 685 kg/cm2 for the 

18-storey structures. The rigid joint zone lengths ratio Z = 0.0, 0.5 and 1.0 correspond to the 

beams with rigid zones equal to zero, one-forth and one-half of the column width respectively. 

The modified Takeda hysteresis rules and the 1940 EI-Centro NSC earthquake are used. 

10.2.1 Fundamental Period and Roof Horizontal Displacement 

As shown in Table 10.1, increasing the rigid joint zone lengths cause a decrease in the 

fundamental periods of free vibration of the 12-storey frames by 6.8 % and 6.2 % for the fixed 

and flexible foundations respectively. The stiffening of the structures due to the rigid joint 

length have been discussed in some referencesC16.07.01O. These shortened periods are even 

greater than the lengthening of the natural periods due to foundation flexibility. The effects of 

the rigid zone length on the response of framed structures is likely to be greater than the effects 

of the different foundation types as discussed in Section 9.5. 

The reduction of structural fundamental periods of the 1S-storey frame-walls as given 

in Table 10.2 are 5.0 % and 5.6 % for fixed bases and flexible foundations respectively. 

Compared with the lengthening of structural fundamental periods of the 18-storey frame-walls 

due to flexible foundations, the reduction of these periods are much lower. This means that the 
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effect of rigid joint zone lengths on the structural responses of frame-wall structures will be less 

significant than the effects of the foundation types. 

The effect of rigid joint zone length on the roof horizontal displacement of the 12-storey 

frames is given in Table. 10. 1. In general, the effect of the rigid joint zone lengths on the roof 

horizontal displacements are not clear. For the IS-storey frame-walls. the effect of the rigid 

joint zone lengths increases the roof displacement in the negative envelope but the opposite 

result was found in the positive envelope. The significance of the relationship between roof 

horizontal displacement and structural damage index will be discussed later. 

10.2.2 Base Shears and Member Forces 

As given in Table 10.1 and shown in Fig. 10.1, the effects of the rigidjoint zone length 

on the 12-storey frames increase the base shear with an average of 10.35 % and 3.50 % for 

the fixed base and flexible foundations respectively. The shortening of the fundamental period 

as discussed in the foregoing section results in higher base shear. The effects of the rigid joint 

zone length on the total base shear of the 18-storey frame-walls are given in Table 10.2 and 

shown in Fig. 10.10. Increase in the rigid joint lengths almost causes no affect in the total base 

shear of the 18-storey frame-walls with fixed bases and only increases them by an average of 

0.75 % for the flexible foundations. These results are smaller than those for the frame 

structures implying that the effects of the rigid joint zone length on the base shear is more 

significant in a frame than in a frame-wall structure. 

The column moment ratios with respect to the rigid joint zone length Z = 0.50 for the 

12-storey frames are presented in Fig. 10.2. These results show that the effects of rigid joint 

zone length on the column moments is not obvious. As the frames become stiffer due to 

increasing rigid joint zone lengths, the wall moments for the 12 and 18-storey frame-walls 

decreased by an average of 3.06 % and 3.56 % respectively. 

10.2~3 Inter-storey Drifts and Plastic Hinge Rotations 

The effect of rigid joint lengths on the inter-storey drifts of the 12-storey frames as 

shown in Figs. 10.3, is insignificant especially between Z = 0.5 and Z = 1. An increase in 

storey drifts might be caused by the decrease in structural fundamental periods as discussed in 

Section 10.2.1. Fig. 10.11 shows that the effect of rigid joint zone lengths on the inter-storey 
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drifts of the 1S-storey frame-walls with flexible foundations tends to decrease in the upper and 

lower storeys but increase in middle storeys. This is because the stiffer the frames the less the 

interaction effect between the frames and the walls at those storeys. 

Table 10.1 Response Quantities of the 12-storey Frames with Fixed Base and Flexible Foundations 

Rigid Zone Length 
No. 

Z = 0.00 Z = 0.50 Z = 1.00 
Rem. 

Parameters & Str. Systems 

1. Fund. Periods (sec) 
a. Fixed Bases 2.951 ( 0.245 N ) 2.753 ( 0.229 N ) 2.565 ( 0.214 N ) (-) 
b. Flex.Foundations 3.076 ( 0.256 N ) 2.886 ( 0.241 N ) 2.707 ( 0.226 N ) (-) 

2. Roof Hor. Displacement (m) 
a. Fixed Bases 

1. Pos.Envelope 0.1924 (0.43 % Ho 0.1839 (0.41 % Ho) 0.1852 (4.10 % Hb (.) 
2. Neg.Envelope 0.2833 (0.63 % Ho 0.2991 (0.66 % lit,) 0.2939 (0.65 % HtJ (.) 

b. Flex.Foundations 
1. Pos.Envelope 0.1982 (0.44 % Ho 0.1897 (0.42 % lit,) 0.1893 (0.42 % Hb (.) 
2. Neg.Envelope 0.2805 (0.62 % Ho 0.3022 (0.67 % Ho 0.3024 (0.67 % Hb • (+) 

3. Base Shear (Tonne) Fixed Flex. Fixed Flex. Fixed Flex. 

1. Pos.Envelope 93.50 92.00 104.00 102.50 113.00 98.50 (+)(+) 
2. Neg.Envelope 87.50 87.00 94.80 94.20 107.50 92.70 (+) (+) 

4. Base P.H.Rot.(xO.OOI Rad) 
a. Fixed Base 

1. Left Column + 1.23, -1.05 +1.79, -1.23 +2.70, -1.10 (+) 
2. Internal Column + 1.66, -1.23 +2.60, -1.83 +3.10, -1.31 (+) 
3. Right Column +1.15, -1.08 +2.31, -1.18 +2.79, -1.38 (+) 

b. Flexible Foundations 
1. Left Column +1.07, -0.98 + 1.52, -1.01 +2.13, -1.17 (+) 
2. Internal Column + 1.33, -1.19 +2.20, -1.25 +2.73, -1.25 (+) 
3. Right Column +1.05, -1.04 + 1.49, -1.06 + 1.94, -1.11 (+) 

5. ToLP.H.Rots. (xO.OOI Rad) Fixed Flex. Fixed Flex. Fixed Flex. 

1. Pos.Envelope 156.140 147.940 159.704 160.099 167.133 168.370 (+) (+) 
2. Neg.Envelope 174.250 164.200 188.244 181.722 213.496 210.294 (+)(+) 
3. Total 330.390 312.140 347.948 341.821 380.629 378.664 (+)(+) 

6. Energy Dissipation (Tm) Fixed Flex. Pixed Flex. Fixed Flex. 

1. Viscous Energy 20.30 19.40 21.80 21.80 23.70 24.00 (+)(+) 
2. Hyst. Energy 19.26 17.50 21.30 19.20 25.00 23.30 (+)(+) 
3. Total Energy 39.56 36.90 43.10 41.00 48.70 47.30 (+)(+) 

Remark: (+): Increase, (-) : Decrease, (.) : Not clear 

The effect of rigid joint length on the storey plastic hinge rotations of the 12-storey 

frames with flexible foundations seem more obvious when compared with the IS-storey frame

walls. In general, the rigid joint zone lengths cause an increase in storey plastic hinge rotations 

over the storey levels. These results confirm earlier findings about increasing base shear, as 

discussed in the foregoing section. Increased storey plastic hinge rotations will strongly affect 

the storey and stmctural damage indices as discussed in Section 10.2.6. Fig. 10.12 shows that 
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the plastic hinge rotations of the 18-storey frame-walls increase as the inter-storey drifts 

increase and the inter-storey drifts are greater in the building on flexible foundations than that 

in fixed bases. More scatter result is found in the 12-storey frames as shown in Fig. 10.4. 

10.2.4 Column, WaH Base Plastic Hinge Rotations and Beam Curvature 

Ductility Demands 

The rigid joint zone lengths in the 12 storey frames increase the column base plastic 

hinge rotations by an average of 48.8 % and 42.1 % for fixed bases and flexible foundations 

respectively, as given in Table 10.1 or Fig. 10.5. This is because of an increase in base shear 

as discussed in Section 10.2.2. Fig. 10.13 shows that the increase in column base plastic hinge 

rotations of the 18-storey frame-walls is more strongly affected by the flexibility of the 

foundations than by rigid joint zone lengths. Increased plastic hinge rotation of the column 

bases due to rotation of the walls was also reported by GOODSIR (1985). This agrees with the 

previous results that response of frame structures are more markedly affected by rigid joint 

zone lengths than are frame-wall structures. 

In the 12-storey frames, both foundation flexibility and rigid joint zone lengths have 

a similar effect on the beam curvature ductility demands. Both of these parameters cause an 

increase in beam curvature ductility demand as shown in Fig. 10.6. The rigidjoint zone lengths 

increased the beam CUlvature ductility demands by an average of 14.06 % for flexible 

foundations and but only 9.54 % for fixed base foundations respectively. This means the effect 

of decreasing free vibration periods due to stiffening of the frames is more significant than the 

effect of lengthening the free vibration periods of the frames due to the foundation flexibility. 

The combinations of the column's base fixity and an increase in rigid joint zone lengths result 

in higher beam curvature ductility demands. Foundation flexibility decreased the beam 

curvature ductility demand by an average of 17.88 %, 15.21 % and 11.47 % for rigid joint 

zone lengths of 0.0,0.5 and 1.0 of the one-half of the column width respectively. The effects 

of foundation flexibility on the damage parameters are less significant in the stiffer structures. 

As shown in Fig. 10.14, the beam curvature ductility demands over the storey levels 

of the 18-storey frame-walls with flexible foundations increase as the rigid joint zone length 

increases. In the case of fixed base foundations, the effect of rigid joint lengths decreases the 

beam curvature ductility demands in the upper storeys but increases in the lower storeys. Rigid 

joint zone lengths increase the beam curvature ductility demand by an average of 13.86 % and 
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10.84 % for the frame-walls on the flexible foundation and fixed bases respectively. These 

results are similar with the case of the 12-storey frames discussed previously. 

Table 10.2 Response Quantities of the lB-storey Frame-Walli with Fixed Base and Flexible Foundations 

Rigid Zone Length 
No. Parameters &. Str. Systems 

Z = 0.00 Z = 0.50 Z = 1.00 
Rem. 

( 7 Frames + 2 Walls ) 

1. Fund. Periods (sec) 
a. Fixed Bases 3.196 ( 0.177 N) 3.041 ( 0.169 N ) 2.887 ( 0.160 N ) (-) 
b. Flex.Foundations 3.318 ( 0.212 N ) 3.607 ( 0.200 N ) 3.401 ( 0.189 N ) (-) 

2. Roof Hor. Displacement (m) 
a. Fixed Bases 

1. Pos.Envelope 0.2576 (0.38 % 1ft, 0.2379 (0.35 % 1ft, 0.2580 (0.38 % Ift,) (.) 
2. Neg.Envelope 0.2985 (0.44 % 1ft, 0.3067 (0.46 % Hb 0.3186 (O.4B % Ift,) (+) 

b. Flex.Foundations 
1. Pos.Envelope 0.3058 (0.46 % 1ft, 0.2945 (0.44 % 1ft, 0.2785 (0.42 % Ift,) (-) 
2. Neg.Envelope 0.2773 (0041 % 1ft, 0.2987 (0.45 % 1ft, 0.3186 (0048 % Hb) (+) 

3. Base Shear (Tonne) 
a. Fixed Bases 

1. Frames + 673.0, - 865.0 + 670.0, - 838.0 + 581.0, - 809.0 (.) 
2. Walls + 1648.0, -2294.0 + 1618.0, -2325.0 + 1685.0, -2352.0 (.) 
3. Total Base Shear +2321.0, -3159.0 +2280.0, -3163.0 +2266.0, -3161.0 (.) 

b. Flex.Foundations 
1. Frames . +1163.0, -1175.0 +1257.0, -1301.0 +1367.0, -1434.0 (+) 
2. Walls +1362.0, -1388.0 +1300.0, -132.3.0 + 1191.0, -1300.0 (.) 
3. Total Base Shear +2525.0, -2563.0 +2557.0, -2601.0 +2558.0, -2734.0 ( +) 

4. Maximum CoL Bases P.H.Rot. Fixed, Flex. Fixed, Flex. Fixed, Flex, 
(x 0.001 Rad) 

1. Left Column 0.000, 1.625 0.000, 2.060 0.000, 2.448 =,+) 
2. Internal Column 0.000, 2.268 0.000, 2.620 0.000, 2.791 =,+) 
3. Right Column 0.000, 1.130 0.000, 1.980 0.000, 1.942 =,+) 
4. Walli 3.570, 0.000 3.030, 0.000 3.165, 0.000 +,=) 

5. Tot.P.H.Rots.(xO.OOl Rad) Fixed Flex. Fixed Flex. Fixed Flex. 

1. Pos.Envelope 115.330 152.170 126.080 163.700 157.110 179.210 (+) (+) 
2. Neg.Envelope 126.590 139.170 135.160 168.690 149.910 198.670 (+) (+) 
3. Total 241.920 291.340 261.240 332.390 307.020 377.880 (+) (+) 

6. Energy Dissipation (Tm) Fixed Flex. Fixed Flex. Fixed Flex. 

1. Viscous Energy 255.550 448.000 313.00 374.00 391.00 329.00 (+)(+) 
2. Hyst. Energy 207.400 124.500 209.00 125.00 262.70 127.80 (+) (+) 
3. Total Energy 406.950 573.400 522.00 499.00 653.70 456.80 (+) (+) 

Remark: (+): Increase, (-) : Decrease, (=) : Equal: (.) : Not clear 

10.2.5 The Accumulation of Plastic Hinge Rotations and Energy Dissipation 

As shown in Figs. 10.7 and 10.15 the accumulation of plastic hinge rotations of the 12-

storey frames and the 18 storey frame-walls increase as the rigid joint zone length increase. 

The total plastic hinge rotations of the 12-storey frames increased by an average of7.09 % and 

10.34 % with fixed and flexible foundations respectively. However, the maximum plastic hinge 

rotations of stmcture with fixed bases is still greater than those for flexible foundations. 
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In the IS-storey frame-walls, an increase of rigid joint zone lengths results in increased 

of plastic hinge rotations by 12.75 % and 13.88 % for fixed bases and flexible foundation 

respectively. The plastic hinge rotations of the IS-storey frame-walls with flexible foundations 

are greater than for the fixed bases and result in a greater structural damage index such as 

discussed in Section 9.5.5. The plastic hinge rotations of the IS-storey frame-walls as given 

in Table 10.2 and Fig. 10.15 are smaller than those of the 12-storey frames given in Table 10.1 

and Fig. 10.7. Thus, the 12 storey frames expected more damage that than do the IS-storey 

frame-walls. 

As shown in Table 10.1 and Fig. 10.8, an increase of rigid joint zone lengths of the 

12-storey frames increase the total energy absorption by an average of 10.99 % for fixed bases 

and 13.26 % for flexible foundations. The rotation of the flexible foundations results in smaller 

hysteretic energy absorption than that for fixed base foundations. Fig. 10.16 also shows that 

an increase of the rigid joint zone length of the 18-storey frame-walls results in increased of 

hysteretic energy absorption for both types of foundation. The viscous energy absorption 

increases for fixed bases but decreases for flexible foundations. The combination of foundation 

types and the rigid joint zone lengths affect the overall stiffness of structures resulting in 

different effects on the viscous energy absorption. 

Compared with structures with fixed base foundations as given in Table 10.1, the total 

plastic hinge rotations of structure with flexible foundations decreased by 5.5 %, 1.8 % and 

0.5 % for rigid joint zone lengths of 0, 0.5 and 1.0 respectively. While the hysteretic energy 

dissipation declined by 9.14 %, 9.86 % and 6.8 % respectively. Similar comparisons for the 

18-storey frame-walls as shown in Table 10.2, give total plastic hinge rotations increased by 

20.4 %, 27.2 % and 23.1 % whereas the hysteretic energy dissipation declined by 40 %, 41 

% and 52 % respectively. As presented in a previous chapter, relatively stiff structures with 

flexible foundations dissipate much less hysteretic energy than those with fixed base 

foundations. Here, the single parameter energy-based concept for describing the structural 

damage becomes less meaningfulL15
• 

10.2,6 Storey and Structural Damage Indices 

Fig. 10.17 shows that the storey damage indices over the storey levels of the 12-storey 

frames with fixed and flexible foundations increase as the rigid joint zone lengths increase. 



261 

10 

8 
Square Z = 0.00 
Circle Z = 0.50 
Triang. Z = 1.00 

Filled Fixed 

6 ----,. Blank Flex. 

4 

2 +· .. ··· .. ·····-}-···· .... ·· .. ··;· ............ · .. +·· .... ·········U 

o 0.05 0.1 0.15 0.2 0.25 0.3 0.35 

Damage Index 

Fig. 10.11 Storey Damage Indices 

10 

Storey 

S Square 
Circle 
Triang. 

Filled 
6 ""Slank 

4 

o 0.05 0.1 0.15 0.2 0.25 0.3 

Damage Index 

Fig. 10.19 Storey Damage Indices 

0.35 ~---------"--------, 

0.3 

>< ., 
TI 
E 0.25 

OJ 

'" '" E ., 
Cl 

"§ 
::J 

0.2 l:i 
2 
Iii 

0.15 
Square Fixed 
Circle Flex. 

0.1 

Z = 0.00 Z = 0.50 Z = 1.00 

Fig. 10.18 Structural D. Indices vs. Rigid Joint Length 

'" II) 

" .£ 

'" tTl 

" E 
OJ 
a 
-.; 
!:i ... 
" 2 ... en 

0.3 ~---------------

0.25 

0.2 

0.15 

0.1 

0.05 

Square 
Circle 

Fixed. 
Flex. 

z = 0.00 Z = 0.50 Z 1.00 

Fig. 10.20 Structural D. Indices vs. Rigid Joint Length 



262 

18 ...---~--.,..---.,----

16 

8 

6 

4 

2 

o 0.05 0.1 0.15 0.2 0.25 0.3 o 0.02 0.04 0.06 0.08 0.1 0.12 
Damage Indel(. Co efficient Lamda 

Fig. 10.21 Max. Member Damage Index Fig.10.22 Coefficient lamda 

18 0.2 T--··--------------, 

16 

Storey 

14 

>< 0.15 

~------. '" 't:I 
!iii. .. 

12 

10 
01 

IE 
" 8 Cl 

e 
Square Z 0.00 ~ Circle Z = 0.50 g 
Triang. Z = 1.00 (I) 0.1 

6 

Riled Fixed 
Flex, 4 

2 

o 
o 0.05 0.1 0.15 0.2 0.25 0.05 

Damage Index z 0.00 Z = 0.50 Z = 1.00 

Fig. 10.23 Storey Damage Indices Fig.1 0.24 Structural Damage Indices vs Rigid Zone Length 



263 

Increasing the rigid joint lengths leads to an increase in storey damage indices by an average 

of8.52 % and 11.30 % and increased structural damage indices by an average of 7.3 % and 

8.4 % for structures with fixed bases and flexible foundation respectively. These are the effect 

of decreasing structural period of vibrations due to stiffening of the frames. Compared with the 

fixed base structures the storey damage indices of frames with flexible foundations declined by 

an average of 12.03 %, 7.73 % and 4.72 % for rigid joint zone lengths of Z = 0.0,0.50 and 

1. 0 respectively. Fig. 10.18 shows that the 12-storey frames with flexible foundations suffer 

less damage than those on fixed bases. 

As shown in Figs. 10.19 and 10.20, increasing of rigid joint zone lengths increased the 

storey damage indices by an average of 5.11 % and 15.43 % and caused an increase of 

structural damage indices by 5.85 % and 14.11 % for 12-storey frame-walls with fixed bases 

and flexible foundations respectively. The storey damage indices of structures with flexible 

foundations are 12.71 % less than that for fixed base foundations. Comparing the structural 

damage indices as shown in Figs. 10.18 and 10.20 implies that with the same earthquake 

excitations the framed structures are more severely damaged than the frame-walled structures. 

This is because the structural walls effectively control both the member forces and the 

deformations . 

The effect of rigid joint zone lengths on the member damage indices and weighting 

factor A of the 18-storey frame-walls with fixed and flexible foundations are shown in Figs. 

10.21 and 10.22 respectively. The distribution of member damage indices are similar to the 

distribution of curvature ductility demand as shown in Fig. 10.14. As described in Section 

12.6, for strong column and weak: beam failure mode mechanisms in buildings, the weighting 

factors A are based on the distribution of member curvature rather than hysteretic energy. The 

storey damage indices of the IS-storey frame-walls is shown in Fig. 10.23. As shown in Fig. 

10.24, the structural damage indices for fixed base foundations increase as the rigid joint zone 

lengths increase. In flexible foundation structures, although the storey damage indices in the 

lower storeys increase the structural damage indices decrease as the rigid joint lengths increase. 

This is because in the upper storeys where the members suffer more damage, the weighting 

factors decrease as the rigid joint zone lengths increase. 

Comparing Figs. 10.7 and 10.18 or Figs. 10.15 and 10.20 indicate that the higher total 

plastic hinge rotations tend to show more damage. Figs. 10.19 and 10.23 show that the damage 

indices in the upper stories of the 12-storey frame-walls tend to decrease but tend to increase 
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in the 18-storey frame-walls. The effect of higher modes seems more significant in the 18-

storey frame-walls than in the 12-storey frame-walls. This effect is also discussed in Ref.Z9. 

Table 10.3 Damage Indices of the 12-storey Frame and Frame-Walls and the IS-storey Frame-Walls 

Rigid Joint Zone Length 
No. Types of Structure and 

Damage Parameters Z = 0.00 Z = 0.50 Z = 1.00 

1. The 12-storey Frames 

n. Max. Member Damage Indices 
1. Fixed Base Foundations 0.3420 0.3340 0.3680 
2. Flexible Foundations 0.3040 0.2790 0.3250 

b. Max. Storey Damage Indices 
L Fixed Base Foundations 0.2893 0.2979 0.3109 
2. Flexible Foundations 0.2730 0.2652 0.2899 

c. Structural Damage Indices 
1. Fixed Base Foundations 0.2244 0.2377 0.2584 
2. Flexible Foundations 0.2076 0.2219 0.2443 

2. The 12-storey Frame-Walls 

a. Max. Member Damage Indices 
1. Fixed Base Foundations 0.3020 0.3200 0.3360 
2. Flexible Foundations 0.2380 0.2670 0.2850 

b. Max. Storey Damage Indices 
1. Fixed Base Foundations 0.2567 0.2694 0.2741 
2. Flexible Foundations 0.2015 0.2314 0.2682 

c. Structural Damage Indices 
1. Fixed Base Foundations 0.1798 0.1947 0.2016 
2. Flexible Foundations 0.1482 0.1700 0.1893 

3. The IS-storey Frame-Walls 

a. Max. Member Damage Indices 
1. Fixed Base Foundations 0.2310 0.2210 0.2190 
2. Flexible Foundations 0.2490 0.2530 0.2570 

b. Max. Storey Damage Indices 
1. Fixed Base Foundations 0.1859 0.1889 0.1857 
2. Flexible Foundations 0.2147 0.2177 0.2134 

c. Structural Damage Indices 
1. Fixed Base Foundations 0.1180 0.1190 0.1200 
2. Flexible Foundations 0.1506 0.1440 0.1371 

Remark: (+) : Increase, (-) : Decrease, (=) : Equal: (.) : Not clear 

10,3 EFFECT OF THE NUMBER OF FRAMES IN THE FRAME-WALL 

STRUCTURES 

Remark 

(+) 
(.) 

(+) 
(.) 

(+) 
(+) 

(+) 
(+) 

(+) 
(+) 

(+) 
(+) 

(-) 
(+) 

(.) 
(.) 

(+) 
(-) 

Figs. 9.54 and 9.58 show that the structural walls control both the member 

deformations and the forces in frame-wall structures. The damage indices of the frame-wall are 

less than the framed structures in most storey levels. The effectiveness of the walls in 

controlling the structural damage depend of the stiffness ratio between the walls and frames. 
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This ratio is usually indicated by the number of walls and frames within the building structures. 

Ref.A6 rep0l1ed that ATC 3-06 recommends at least one wall for every four plane frames 

although, in general, it is difficult to establish an optimum ratio. 

The effects of combinations between 2-walls and 5-frames, 2-walls and 7-frames and 

2-walls and 9 frames in the structural responses are investigated. These lateral load resistance 

systems are conveniently denoted by SSI, SS2 and SS3 respectively. The soil-foundation 

stiffnesses and damping coefficients were taken at the soil shear strain "Yes = 4xl()4 and were 

based on soil shear modulus G = 420 kg/em2 and G = 685 kg/cm2 for the 12 and IS-storey 

frame-walls respectively. The structure is excited by the 1940 El Centro N-S component ground 

accelerations. The rigid joint zone length ratio Z = 0.5 and the modified Takeda flexural 

hysteresis rules are used. 

10.3.1 Fundamental Period ami Roof Horizontal Displacements 

Each structure possesses 2 walls and only the number of frames is a variables. Tables 

10.4 and 10.5 show that as the number of frames increases, the structural fundamental period 

of the frame-wall structures with flexible foundations increased by an average of 0.49 % and 

0.81 % for the 12 and 18 storey structures respectively. These period shifts are much less than 

the effects of parameters discussed in the foregoing sections. As mentioned in Chapter IX, the 

soil-foundation to column stiffness ratio is greater than that soil-foundation to wall stiffness 

ratio. Hence, the relative soil-foundation stiffness on the Whole structure increases as the 

number of frames increases, while the relative structural stiffness decreases with the number 

of frames increases. The combination of these effects on the overall structural stiffness result 

in only a slightly lengthening of the fundamental periods. 

As the number of frames increases Table 10.4 and 10.5 show that the roof 

displacements of the 12 and IS-store frame-wall structure with flexible foundations decrease 

in both the positive and negative envelopes. More frames reduce the rotation of the wall bases 

and result in smaller roof horizontal displacements. This is also affected by the shifting free 

vibration periods of the frame-wall structures. As shown in the tables, the roof horizontal 

displacements of structures on fixed bases shows a different trend when compared with the 

structures on flexible foundations. The differences in the responses of the 12 and IS-storey 

frame-walls on the flexible foundations and fixed bases will be discussed further in Sections 

10.3.3 and 10.3.4. 
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10.3.2 Base Shears and Member Forces 

The base shear resisted by each wall in the 12 and 18-storey frame-walls on both type 

of foundations increases as the number of frames increases as shown in Tables 10.4 and 10.5. 

The bases shear resisted by each frame in the 12-storey frame-walls on flexible foundations 

decreases as the number of frames increases, but tends to increase in the 18-storey frame-walls. 

In the case of frame-walls on fixed bases, the base shear resisted by each frame increases in 

the 12-storey buildings, but tends to decrease in the 18-storey buildings. When the 

superstructure stiffness decreases as the number of frames increases, the total base shear may 

decrease. In contrast, the total base shear may increase when the relative soil-foundation 

stiffness increases due to increasing the number of frames. As reported in many references, the 

effect of higher modes on the structural responses are more significant in relatively tall 

structures. The effect of these combinations on base shear, in general, is difficult to generalize. 

As shown in the bracket in Table 10. Athe base shear resisted by each wall in the 12-

storey frame-walls on flexible foundations is 3.19, 3.39 and 3.99 times greater than base shear 

resisted by each frames for S51, SS2 and SS3 respectively. With a similar structural systems, 

a wall in the IS-storey frame-walls resist 3.20, 3.55 and 3041 times greater base shear than that 

carried by a frame as shown in Table 10.5. Fig. 10040 shows that the base shear of a frame 

in frame-wall structures on fixed bases and flexible foundations respectively is approximately 

1.1 and 1.3 times greater than the base shear of a frame in frame structure on the flexible 

foundations. Hence, the structural type factor S = 1.0 used for wall base shear in preliminary 

design as taken in Section 3.3.2 is an underestimate. The total base shear in the whole frame

wall buildings on fixed bases and flexible foundations respectively is around 2.5 and 2.0 times 

greater than total base shear in the whole framed buildings on flexible foundations. This means 

that if the frame-wall structures are assumed to be fixed at their base, the base shear design for 

the foundations is 2.5 times greater than for frame's foundations, otherwise the frame-walls will 

rock at their foundations. 

The wall moments in the 12 and 18 storey frame-wall structures as shown in Fig. 10.26 

and 10.35 tend to increase as the number of frames increases. This is because more frames 

redistribute the flexural moment to the walls. The ratio of column moments in the structures 

with :fIXed bases with respect to the flexible foundation are shown in Figs. 10.27 and 10.36 

respectively. In the upper storeys, these ratios tend to decrease as the number of frames 

increases for the 12 storey frame-walls and the opposite effect is found for the IS-storey frame-
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walls. These results may be caused by the complex interaction between walls and frames, type 

of foundations, number of frames and the effect of the higher modes. These ratios are always 

greater than unity for the columns at the first storey, and similar results as discussed in Chapter 

IX. This is the effect of the rotation of the wall bases. 

Table 10.4 Resp. Quantities of the 12-storey Frame-Wans with Different Number of Frames 

Lateral Load Resistance Systems. 
No Parameters & Str. 

Systems SS1 (2W + 5 P) SS2 (2 + 7 F) S53 (2 + 9 P) Rem 

1. Fund. Periods (sec) 
1. Fixed Bases 2.252 ( 0.18B N ) 2.325 ( 0.194 N ) 2.352 ( 0.196 N ) (+) 
2. Flex. FoundatiOn! 2.756 ( 0.229 N ) 2.771 (0.231 N ) 2.783 ( 0.232 N ) (+) 

2. Roof Hor. Displ. (m) 
L Fixed Bases 

a. Pos.Envelope 0.3088 (0.68 % H.,) 0.2982 (0.66 % H.,) 0.3002 (0.66 % H.,) (.) 
b. Neg.Envelope 0.2333 (0.52 % H.,) 0.2716 (0.60 % H.,) 0.2722 (0.60 % Hv) (+) 

1. Flex. Foundation 
a. Pos.Envelope 0.2713 (0.600 % H.,) 0.2691 (0.596 % H.,) 0.2544 (0.56 % H.,) (-) 
b. Neg.Envelope 0.3110 (0.689 % H.,) 0.3138 (0.695 % Hv) 0.3012 (0.66 % Hb) (-) 

3. Base Shear (Tonne) 
a.Fixed Bases 
1. Frames +521.7, -505.9 (104.3) +809.0, -780.0 (115.6) + 1043.5, -1141.9 (126.9) 
2. Walls +1097.8, -1332.0 (666.0) +1075.0, -1334.0 (667.0) +1076.1, -1421.6 (710.8) 
3. Tt.Shear +1619.5, -1837.9 + 1884.0, -2114.0 +2119.6, -2563.5 

b. Flex.Found. 
1. Frames +678.0, -657.0 (135.6) +912.0, -926.0 (132.3) + 1162.8, -1174.5 (130.5) 
2. Walls +645.0, -866.0 (433.0) +588.0, -897.0 (448.5) +632.0, -1042.0 (521.0) 
3. Tt.Shear +1323.0, -1523.0 +1500.0, -1823.0 +1794.8, -2216.5 

4. Col.Bases Rot. (Flex) 
(xO.OOl Rad.) 

1. Left Column 3.507 2.896 2.428 (-) 
2. Internal Column 3.578 2.773 2.388 (-) 
3. Right Column 2.451 2.449 1.303 (-) 
4. Walls 0.000 0.000 0.000 (-) 

5. P.H.Rots.(xO.OOl Rad, Fixed Flex. Fixed Flex. Fixed Flex. 

R. Pos .Envelope 163.06 188.25 188.07 180.05 189.61 156.89 
b. Neg.Envelope 124.44 149.94 156.43 148.66 168.18 138.58 
c. Total 285.50 338.19 344.50 328.71 357.79 295.47 

6. Energy Dissip. (Tm) Fixed Flex. Fixed Flex. Fixed Flex. 

a. Viscous Energ 297.81 314.80 306.00 355.00 350.36 402.90 
b. Hyst. Energy 267.15 137.10 306.00 172.00 350.36 224.00 
c. Total Energy 564.96 451.90 612.00 527.00 700.72 626.90 

7. Base Curv.Duct.(Flex) 
1. Left Column 2.661 2.277 1.842 (-) 
2. Internal Column 2.492 2.064 1.664 (-) 
3. Right Column 1.786 1.395 0.990 (-) 
4. Wall 0.000 0.000 0.000 (=) 

Remark: (+): Increase, (-): Decrease, (=): Equal: (.) : Not clear 
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Table 10.5 Resp Quantities of the 18-storey Frame-Walls with Different Number of Frames 

Lateral Load Resistance Systems 

N Parameters & Str. SSI (2 W + 5 F) SS2(2W+7F) SS3 (2 W + 9 F) lKem 
0 Systems 

1. Fund. Periods (sec) 
1. Fixed Bases 2.945 ( 0.164 N ) 3.041 ( 0.169 N ) 3.109 (0.173 N) (+) 
2. Flex.Foundations 3.573 (0.199 N ) 3.607 ( 0.200 N) 3.632 (0.202 N ) (+) 

2. Roof Hor.Displ.(m) 
1. Fixed Bases 

a. Pos.Envelope 0.2248 (0.335 % ~) 0.2419 (0.361 % Hb) 0.2557 (0.381 % ~) (+) 
b. Neg.Envelope 0.3171 (0.473 % HJ 0.3001 (0.447 % Hb) 0.2715 (0.405 % ~) (-) 

2. Flex. Foundation 
a. Pos.Envelope 0.2902 (0.432 % 1\) 0.2945 (0.439 % HJ 0.2900 (0.432 % Rt,) (-) 
b. Neg.Envelope 0.3138 (0.468 % 1\) 0.2987 (0.445 % lIt,) 0.2323 (0.346 % Rt,) (-) 

3. Base Shear (Tonne) 
a. Fixed Bases 
I. Frames +765.3, -485.1 (153.1) +637.5, -970.2 (138.6) + 1552.0, -1260,0 (140.0) 
2. Walls + 1576.1, -2033.0 (1016.5) + 1557.9, -2294.8 (1147.4) +2021.0, -2664.0 (1332.0) 
3. Tt.Shear +2341.4, -2518.1 +2195.4, -3265.0 +3573.0, -3924.0 

b. Flex.Found. 
1. Frames + 732.0, ·814.5 (162.9) + 1257.0, -1301.0 (185.9) +1623.6, -1656.0 (184.0) 
2. Walls +945.8, -1045.0 (522.5) + 1300.0, -1323.0 (661.5) +1503.6, -1255.0 (627.5) 
3. Tt.Shear +1677.8, -1859.5 +2557.0, -2623.0 +3127.2, -2911.0 

4. Max.P.RRot. (Flex) 
(x 0.001 Rad.) 
1. Left Column 0.000 2.060 1.943 (+) 
2. Internal Column 1.497 2.620 3.391 (+) 
3. Right Column 0.000 1.980 2.623 (+) 
4. Walls 0.000 0.000 0.000 (=) 

5. P.H.Rots.(O.OOIRad) Fixed Flex. Fixed Flex. Fixed Flex. 

a. Pos.Envelope 129.44 117.110 132.92 163.700 167.62 164.600 
b. Neg.Envelope 198.62 122.490 142.95 168.690 167.76 184.310 
c. Total 328.06 239.600 275.87 332.390 335.38 348.910 

6. Energy Dissip. (Tm) Fixed Flex. Fixed Flex. Fixed Flex. 

a. Viscous Energy 204.38 217.160 306.67 385.00 350.36 394.850 
b. Hyst. Energy 193.43 44.780 226.67 138.00 344.53 176.460 
c. Total Energy 397.81 261.940 533.33 523.00 694.89 571.320 

7. Column Bases 
Curv.Ductility Dem. 

1. Left Column 0.000 1.567 1.366 (.) 
2. Internal Column 1.723 2.548 2.925 (+) 
3. Right Column 0.000 1.182 1.845 (+) 
4. Wall 0.000 0.000 0.000 (=) 

Remark: (+): Increase, (-) : Decrease, (=) : Equal: (.) : Not clear 

10.3.3 Plastic Hinge Rotations and Beam Curvature Ductility Demands 

As shown in Figs. 10.37 the variation between the maximum inter-storey drifts and the 

storey plastic hinge rotations for the 18-storey frame-walls with flexible foundations is stronger 

than that the for 12-storey frame-walls as shown in Figs. 10.28. Using only a single 
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excitation, it is difficult to generalize this variation. Inter-storey drifts of the frame-wall 

buildings on the flexible foundations tend to be greater than those on fixed bases as shown in 

Figs. 10.12 and 10.37. A more clear relationship between the inter-storey drifts and the plastic 

hinge rotations as shown in Figs. 12.4 and 12.12. The effect of the number of frames on the 

column base and wall base plastic hinge rotations is depicted in Fig. 10.29. These rotations 

decrease as the number of frames increases for the i2-storey frame-walls. The rotation of the 

walls may decrease when the number of frames increases and result in smaller plastic hinge 

rotations. In the case of the IS-storey frame-walls, an opposite result was found. This is may 

due to the complex combinations of soil-foundation. superstructure stiffness and effect of higher 

modes as mentioned earlier. 

The beam curvature ductility demand of the 12-storey frame-walls for fixed and flexible 

foundations is shown in Fig. 10.30. For structures with flexible foundations, the effect of the 

number of frames on the beam curvature ductility demands does not indicate a clear 

relationship in the upper storeys but tends to increase in the lower storeys. In the case of 

structures with fixed base foundations, the number of frames causes an increase in the beam 

curvature ductility demands in most storeys for the 12-storey frame-walls and a decrease for 

the 1S-storey frame-walls. For the is-storey frame-walls with flexible foundations, the 

relationship between the number of frames and the beam curvature ductility demands is not 

clear. The combination of effects as mentioned above causes a more complex structural 

responses. 

10.3.4 Total Plastic Hinge Rotations and Energy Dissipation 

As discussed earlier the total plastic hinge rotations have a strong correlation with the 

structural damage indices. This relationship will become more clear in Sections 12.7.7. Fig. 

10.31 shows that the total plastic hinge rotations increase as the number of frames increases 

for the 12-storey frame-walls with fixed base foundations but decreases for structures with 

flexible foundations. In Fig. 10.38 the relationship is not clear for the IS-storey frame-walls 

with fixed base foundations and increases for the flexible foundations. These complex 

relationships may due to cross effects among relative soil-foundation, superstructure stiffness 

and higher mode effects. 

As shown in Figs. 10.32 and 10.39, the viscous and hysteresis energy dissipations 

increase as the number of frames increases for both types of foundation. The viscous energy 
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dissipation of structures on flexible foundations are greater than that for fixed based 

foundations. This is because the rotation of the structure due to the foundation flexibility. In 

contrast, the hysteretic energy dissipations of structures with flexible foundations is much less 

than that for fixed base structures as given in Table. 10.4. The 12-storey wall-frames with 

flexible foundations dissipate 48.7 %, 43.8 % and 36.1 % hysteretic energy less than do for 

the flXed base foundations for SSI, SS2 and SS3 respectively. A similar comparison for the 

IS-storey wall-frames, the hysteretic energy dissipations decreased by 76.1 %,39.0 % and 

48.8 % respectively. Considering the total plastic hinge rotation and the hysteretic energy 

dissipation, as discussed in Section 10.2.5, it is clear that the use of the energy-based concept 

as a single parameter in describing the damage indices of rocking structures becomes less 

meaningful. 

10.3.5 Member, Storey and Structural Damage Indices 

Figs. 10041 indicates that patterns storey damage indices ofthe 12-storey frame-walls 

are similar to the curvature distributions over the building height as shown in Fig. 10.30. The 

member damage index is therefore, strong correlated with the member curvature. The effect 

of the number of frames on the storey damage indices does not show a consistent relationship. 

This is similar to its effect on the curvature ductility demand as discussed in Section 10.3.3. 

As shown in Table 10.6 and Fig. 10041, however, the maximum storey and structural damage 

indices decrease as the number of frames increases for structures with flexible foundations. 

This is because more frames reduce the rotation of the walls and the effects of higher modes 

are insignificant. In the case of fixed base foundations, it shows that the maximum storey and 

structural damage indices increase as the number of frames increases. As the number of frames 

increase, the effectiveness of structural walls in controlling both member deformations and 

member forces decreases. As a result, the structural damage indices decrease as the number 

of frame increases for structures with flexible foundations but increases for structures with 

fixed base foundations as shown in Fig. 10.44. 

As given in Table 10.6 and Fig. 10.42, the maximum storey and structural damage 

indices increase with the number of stories for the 18-storey frame-walls with flexible 

foundations. These results are in opposition to the case of the 12-storey wall-frames. This is 

because the effect of higher modes are more dominant than is the effectiveness of frames in 

preventing the rotation of the structural walls. In the case of fixed base foundations, the 

maximum storey and structural damage indices tend to decrease as the number of walls 
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increases. A more detailed study on the effect of the number of frames on the structural 

response of frame-wall structures is required. Comparison between Figs. 10.43 and 10.44 

shows that the structural damage indices have similar patterns to the total plastic hinge 

rotations. This is further evidence that the structural damage indices are strongly correlated 

with the member curvatures. 

Table ]0.6 Damage Indices of the 12 and IS-storey Frame-Walls with Different Number of Frames 

Lateral Load Resistance Systems 
No. Types of Structure and 

Damage Parameters 2W+5F (SSI) 2W+7F (SS2) 2W+9F (SS3) Remark 

L The 12-storey Frame-Walls 
1. Fixed Bases 
a. Max. Member Damage Indi~ 0.3010 0.3200 0.3480 (+) 
b. Max. Storey Damage Indices 0.2369 0.2694 0.2862 (+) 
c. Structural Damage Indices 0.1669 0.1948 0.1981 (+) 

2. Flex. Foundations 
Max. Member Damage Indice~ 0.2570 0.2670 0.2420 (.) 

b. Max. Storey Damage Indices 0.2330 0.2313 0.2111 (-) 
c. Structural Damage Indices 0.1715 0.1700 0.1579 (-) 

2. The IS-storey Frame-Walls 
1. Fixed Bases 
a. Max. Member Damage Indices 0.2550 0.2210 0.2360 (.) 
b. Max. Storey Damage Indices 0.1896 0.1889 0.1840 (-) 
c. Structural Damage Indices 0.1215 0.1167 0.1169 (.) 

2. Flex. Foundations 
a. Max. Member Damage Indices 0.2080 0.2530 0.2710 (+) 
b. Max. Storey Damage Indices 0.1713 0.2177 0.2250 (+) 
c. Structural Damage Indices 0.1148 0.1440 0.1491 (+) 

Remark: (+): Increase, (-) : Decrease, (=) : Equal: (.) : Not clear 

10.4 EFFECTS OF DIFFERENT HYSTERESIS RULES IN FLEXURE 

The effects of four different flexural hysteretic rules on the structural responses of the 

12-storey frames and the 12 and 18-storey frame-walls subjected to the 1940 El Centro N-S 

component earthquake are investigated. The hysteretic rules include the Bilinear, Clough, 

Modified Takeda and the Q-Hyst rules. The bilinear factor of 0.06 and 0.03 respectively for 

column bases and beams are used. The coefficient fJ for the unloading stiffness in Eq. 6.2 was 

0.5 for the modified Takeda rules and 0.4 for Q-Hyst rules. These coefficients and the 

corresponding reloading stiffnesses are used to control the fatness of the hysteretic rules. 
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1004.1 Base Shear 

The foundation flexibility causes a decrease in the base shear by an average of 0.67 %, 

7.62 % and 5.83 % for the 12-storey frames and the 12 and lS-storey frame-wans as shown 

in Figs. 10.45, 10.54 and 10.66 or as given in Tables 10.7, 10.8 and 10.9 respectively for the 

variation in the hysteresis rules. This is evidence that the effects of foundation flexibility on 

the structural responses is more significant in relatively stiff structures than that for the more 

flexible structures. The Clough, Modified Takeda and Q-Hyst models show a close agreement 

in the structural responses. As shown in Figs. 10.45 and 10.54 the Bilinear rules gives a 

significantly different total base shear. 

Table 10.7 Response Quantities of the 12-storey Frames with Different Hysteresis Rules 

Hysteresis Rules 
No Response 

Bilinear Clough Mod.Takeda Q-Hyst. Quantities 

1. Roof Hor. Displ.(m) 
a. Fixed Bases +0.159, -0.264 +0.149, -0.269 +0.187, -0.299 +0.173, -0.278 
b. Flex.Foundations +0.174, -0.275 +0.152, -0.274 +0.190, -0.301 +0.180, -0.289 

2. Base Shear (Tonne) 
1. Fixed Bases 

n. Pos.Env. 116.90 103.20 104.00 101.50 
b. Neg.Env. 94.90 87.10 94.80 92.80 

2. Flex. Foundations 
a. Pos.Env. 115.80 102.50 102.50 102.50 
b. Neg.Env. 94.90 86.60 94.20 92.20 

3. Base Rot.(xO.001 Rad.) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
u. Left Column 3.170 2.830 1.630 1.480 1.790 1.510 1.920 1.580 
b. Int. Column 3.900 3.500 2.280 1.720 2.600 2.200 2.640 2.160 
c. Right Column 3.140 2.600 1.660 1.290 2.130 1.490 2.500 1.459 

4. Tt.P.H.Rot.(O.OOl Rad) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Pos.Env. 153.194, 154.236 134.152, 133.463 159.704, 160.099 152.510, 153.619 
b. Neg.Env. 191.236, 191.564 177.085, 173.193 188.244, 181.722 184.155, 176.331 
c. Total 344.430, 346.251 311.237, 306.656 347.948,341.821 336.665, 329.95(] 

5. Energy Dissip. (Tm) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Viscous En. 24.90, 29.90 18.70, 19.20 21.60, 21.80 21.00, 20.50 
b. Hyst En. 27.70, 25.00 28.30, 25.70 21.40, 19.20 24.50, 21.00 
c. Total En. 52.60, 54.90 47.00, 44.90 43.00, 41.00 45.50, 41.50 

6. Curv.DuctDemand Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Left Column 2.640 2.356 1.357 1.225 1.491 1.259 1.597 1.318 
b. Int. Column 2.585 2.320 1.507 1.268 1.723 1.457 1.747 1.431 
c. Right Column 2.608 2.162 1.387 1.067 1.929 1.242 1.793 1.208 

Remark: -

10.4.2 Member Forces 

The storey shears of the structures with flexible foundations are normalized with respect 

to that of the case fixed bases for both positive and negative envelopes. The storey shear of the 
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12-storey frames with flexible foundations tend be smaller than the fixed base case for all 

hysteresis rules except for the Bilinear model as shown in Fig. 10.46. As shown in Figs. 10.55 

and 10.67, the frame storey shears of the 12 and I8-storey frame-walls with flexible 

foundations are greater than that for fixed base foundations for all hysteresis rules. This is 

caused by reduced wall shear as shown in Figs. 10.56 and 10.68 respectively. The capacity of 

structural walls to resist storey shears decreases when the wall footings rotate. Similar results 

were reported by GOODSIR (1985). 

Effects of higher modes and frame-wall interactions on the column and wall moments 

of structuces with flexible foundations are more evident in the 18-storey frame-walls a shown 

in Figs. 10.69 and 10.70 than they are in the 12-storey frame-walls shown in Figs. 10.57 and 

10.58 respectively. As in Chapter IX, these effects cause an increase in column moments at 

the fiTSt and the upper stoceys and increased wall moment in the middle storeys. It can be seen 

that the Clough, Modified Takeda and Q-Hyst models give very similac responses. 

Table 10.8 Response Quantities of the 12-storey Frame-Walls with Different Hysteresis Rules 

Hysteresis Rules 
No Response 

Bilinear Clough Mod.Takeda Q-Hyst 
Quantities 

1. Roof Hor. Displ.(m) 
a. Fixed Bases +0.303, -0.248 +0.284, -0.251 +0.296, -0.268 +0.292, -0.257 
b. Flex.Foundations +0.284, -0.304 +0.232, -0.302 +0.269, -0.314 +0.267, -0.312 

2. Tot.Base Shear (ronne) 
1. Fixed Bases 

8, Frames +659.0, -753.0 +671.0, -718.0 +809.0, -780.0 +753.0, -776.0 
b. Walls + 1092.0, -1346.0 + 1081.0, -1335.0 + 1075.0, -1334.0 + 1081.0, -1379.0 
c. Total +1751.0 -2099.0 +1752.0, -2053.0 + 1884.0, -2114.0 + 1834.0, -2155.0 

2. Flex. Foundations 
a. Frames +956.0, -941.0 +918.0, -905.0 +912.0, -926.0 +919.0, -927.0 
b. Walls +697.0, -827.0 +618.0, -897.0 +588.0, -897.0 +600.0, -904.0 
c. Total + 1653.0, -1768.0 +1536.0, -1802.0 +1500.0, -1823.0 +1519.0, -1831.0 

3. P.H.Rot.(x 0.001 Rad.) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Left Column 0.000 2.780 0.000 2.626 1.080 2.855 0.000 2.816 
b. Int. Column 1.463 3.108 0.000 2.717 1.507 2.940 1.512 2.808 
c. Right Column 1.532 2.103 0.000 1.884 1.375 2.322 1.481 2.281 
d. Wall 4.385 0.000 4.150 0.000 4.837 0.000 4.555 0.000 

4. Tt.P.H.Rot,(0.001 Rad) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Pos.Env. 183.390, 178.670 166.620, 133.920 184.790, 147.640 178.120, 142.800 
b. Neg.Env. 136.280,179.660 138.070, 170.140 152.180, 179.120 148.270,175.760 
c. Total 319.670,358.330 304.690, 304.060 336.970, 326.760 326.390,318.560 

5. Energy Dissip. (Tm) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Viscous En. 248.0, 344.0 240.0, 304.0 306.0, 355.0 278.0, 334.0 
b. Hyst. En. 235.0, 193.0 313.0, 238.0 306.0, 172.0 313.0, 198.0 
c. Total 483.0, 537.0 553.0, 542.0 612.0, 527.0 591.0, 532.0 

Remark; -
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The Bilinear model with no variation in unloading and reloading slopes gives different 

structural responses as shown in Figs. 10.46, 10.55, 10.58, 10.67 and 10.69 respectively. 

10.4.3 Inter-storey Drifts and Plastic Hinge Rotations 

The hysteresis rules do not significantly affect the inter-storey drifts and storey plastic 

hinge rotations of the 12~storey frames and the 12 and IS-storey frame-walls as shown in Figs. 

10.47, 10.59 and 10.71 respectively. The maximum inter-storey drifts are less than 1 % of 

storey height. In general, the effect of foundation flexibility is more significant than the effect 

of different flexural hysteresis models. The variation of storey drift and plastic hinge rotations 

of these structure are shown in Figs. 10.48, 10.60 and 10.72 respectively. Although the 

relationship is defuse, in general, the storey plastic binge rotation increases as the storey drift 

increases. Figs 11.60 and 10.72 show that greater inter-storey drifts of the frame-walls on the 

flexible foundations than those on fixed bases is more obvious in the 18-storey frame-walls than 

that for the 12-storey frame-walls. This is an evidence that the effect of inertial interaction is 

more significant in the more slender structures. 

10.4.4 Base Plastic Hinge Rotations and Beam Curvature Ductility Demands 

As shown in Figs. 10.49, 10.61 and 10.73 and Tables 10.7, 10.8 and 10.9, the effects 

of the hysteresis rules on the columns and wall base plastic hinge rotations are less significant 

than effect of foundation flexibility. The effect of the foundation flexibility on the columns and 

wall base moment-curvature relationships of the 12-storey frame-walls for the hysteresis rules 

are shown in Figs. 10.77 through 10.84 respectively. The lateral forces in structures with fixed 

base foundations are mainly resisted by the walls and result in high yield cycles in the wans 

but many columns remain elastic. It is difficult to prevent the structural walls from showing 

foundation rotation. As a result high yield cycles occur in the column bases while the structural 

walls remain elastic. 

The member curvature ductility demand of the 12-storey frames and frame-walls are 

shown in Figs. 10.50 and 10.62 respectively. It is clear that the effects of foundation flexibility 

is more significant than the choice of hysteresis rules. The beam curvature ductility demand 

of stmcture with flexible foundations decreased by an average of 14.88 and 8.96 % for the 12-

storey frames and frame-walls respectively with the variation in hysteresis rules. 
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10.4.5 Total Plastic Hinge Rotations and Energy Dissipation 

The variation of the total plastic hinge rotations with hysteresis rules of the 12-storey 

frame-walls as shown in Fig. 10.63 and in general, are similar to the variation of roof 

horizontal displacements as shown in Fig. 10.53. The foundation flexibility reduces the total 

plastic hinge rotations except for the IS-storey frame-walls as shown in Fig. 10. 75. This 

exceptional result is similar to that discussed in Chapter IX. The relationship between the roof 

horizontal displacement and the total plastic hinge rotations is shown in Fig. 10.74. The plastic 

hinge rotations tend to increase as the roof displacement increases through a large amount of 

scatter is evident. 

Table 10.9 Response Quantities of the is-storey Frame-Walls with Different Hysteresis Rules 

Hysteresis Rules 
No Response 

Bilinear Clough Mod.Takeda Q-Hyst 
Quantities 

1. Roof Hor. Displ.(m) 
a. Fixed Bases +0.254, -0.301 +0.240, -0.304 +0.238, -0.307 +0.238, -0.308 
b. FleX.Foundations +0.282, -0.271 +0.289, -0.285 +0.295, -0.299 +0.269, -0.289 

2. Base Shear (Tonne) 
1. Fixed Bases 

a. Frames +639.0, - 810.0 +669.0, - 890.0 +670.0, - 838.0 + 728.0, - 912.0 
b. Walls +1617.0, -2334.0 + 1581.0, -2298.0 + 1618.0, -2325.0 + 1580.0, -2279.0 
c. Total +2256.0, -3144.0 +2250.0, -3188.0 +2288.0, -3163.0 +2308.0, -3191.0 

2. Flex. Foundations 
a. Frames + 1268.0, -1313.0 +1235.0, -1301.0 + 1257.0, -1301.0 +1264.0, -1307.0 
b. Walls +1352.0, -1397.0 + 1264.0, -1309.0 +1300.0, -1323.0 +1286.0, -1324.0 
c. Total +2620.0, -2710.0 +2499.0, -2610.0 +2557.0, -2624.0 +2550.0, -2631.0 

3. P.R.Rot,(O.OOl Rad.) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Left Column 0.000 2.040 0.000 1.900 0.000 2.060 0.000 1.990 
b. Int. Column 0.000 2.480 ·0.000 2.360 0.000 2.620 0.000 2.570 
c. Right Column 0.000 1.860 0.000 1.860 0.000 1.980 0.000 1.940 
d. Wall 3.100 0.000 3.080 0.000 3.030 0.000 3.230 0.000 

4.[rt.P.H.Rot(0.001 Rad) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Pos.Env. 128.400, 158.240 123.920, 146.480 126.080, 163.700 126.470, 159.860 
b. Neg.Env. 133.710,170.110 131.520, 158.820 135.160, 168.690 133.470, 168.430 
c. Total 262.110, 328.350 255.440, 305.300 261.240, 332.290 259.940, 328.290 

5. Energy Dissip. (Tm) Fixed Flex. Fixed Flex. Fixed Flex. Fixed Flex. 
a. Viscous En. 355.9, 333.40 317.9, 294.8 304.5, 385.0 313.4, 358.2 
b. Hyst. En. 217.2, 106.40 237.2, 179.1 223.9, 138.0 223.9, 150.0 
c. Total 573.1, 440.30 555.1, 473.9 528.4, 523.0 537.3, 508.2 

Remark: -

The viscous energy dissipation of structures with flexible foundations is larger than 

for those with fixed bases but the hysteretic energy dissipations are smaller. This is caused 

by the rotation of the footing foundations due to the soil flexibility. The hysteretic energy 

dissipated by the Clough model, in general, is higher than that other models. This is because 
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the unloading stiffness of Clough model is equal to the initial stiffness and results a relatively 

fat hysteresis loop. Because of the effectiveness of this model in dissipating energy in small 

amplitude cycles, this models even dissipates greater hysteretic energy dissipation than the 

Bilinear model which only dissipates energy when the member yield stresses are reached. 

This is another reason why the Bilinear model causes a different structural response when 

compared with other the models. 

Another interesting result is that the Q-Hyst model dissipates more hysteretic energy 

than that does the modified Takeda Model. This is due to the fact that the reloading stiffness 

of the Q-Hyst model is smaller than that for modified Takeda model so that in a relatively 

small amplitude oscillation this model dissipates energy more effectively than that does the 

modified Takeda model. Similar results were reported in Ref.06. As given in Tables. 10.7, 

10.8 and 10.9 the Q-Hyst model showed a slightly smaller roof displacement than the 

modified Takeda model. This result is in contrast to those reported in Ref.S29. In general, 

however, the Q-Hyst and modified Takeda hysteretic models gave very similar structural 

responses as was reported in Ref.SI4. Comparison between the total plastic hinge rotation 

and hysteretic energy dissipation of the frame-wall structures on flexible foundations and the 

rigid bases as shown in Tables 10.8 and 10.9 again shows that the energy concept in 

describing the structural damage indices becomes meaningful as in the result in Sections 

10.2.5 and 10.3.4. 

10.4.6 Member, Storey and Structural Damage Indices 

The member, storey and structural damage indices of the 12-storey frames and 

frame-walls are given in Table 10.10. As shown in Figs. 10.85 and 10.86 the Bilinear model 

gives higher storey and structural damage indices when compared with the other models. 

This is because this model gives higher total plastic hinge rotations than the other models as 

shown in Fig. 10.51 and lower hysteretic energy dissipation when compared with the Clough 

model as shown in Fig. 10.52. In this model the structure is stiffer because there is no 

change in the member stiffness during the elastic part of the response. As a consequence, 

this model gives greater total base shear and plastic hinge rotations than the other models. 

On the other hand, the Clough model gives the smallest structural damage index because this 

model results in the smallest plastic hinge rotations due to the highest hysteretic energy 

dissipation. The Q-Hyst model causes a smaller total plastic hinge rotation and a higher 
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hysteretic energy dissipations when compared with the modified Takeda rules as shown in 

the figures. As a result, the Q-Hyst model gives smaller structural damage than the modified 

Takeda model. The foundation flexibility reduces the storey and structural damage indices 

by an average of 6.89 and 6.05 % respectively. 

Table 10.10 Damage Indices of the 12-storoy Frames IlIld Frame-Walls with Different Hysteretic Rules 

Flexural Hysteretic Rules 
No. Structural and Damage 

Bilinear Clough Mod.Tak. Q-Hyst. 
Remark 

Systems 

1. The 12-storey Frames 
l.Fixed Base Found. 

11. Max.Member D.Index 0.3860 0.3310 0.3340 0.3400 
b. Max.Storey D.Index 0.3049 0.2660 0.2929 0.2859 
c. Struetural D.Index 0.2475 0.2197 0.2377 0.2284 

2.F1ex.Foundations 
11. Max.Member D.Index 0.3150 0.2750 0.2780 0.2990 
b. Max.Storey D.Index 0.2736 0.2454 0.2652 0.2697 
c. Structural D.lndex 0.2346 0.2219 0.2219 0.2154 

The 12-storey Frame-Walla 
l.Fixed BaBe Found. 

a. Max.Member D.Index 0.2960 0.2950 0.3200 0.3050 
b. Max.Storey D.lndex 0.2590 0.2460 0.2694 0.2570 
c. Structural D.Index 0.1871 0.1810 0.1947 0.1859 

2.Flex.Foundations 
a. Max.Member D.Index 0.2910 0.2780 0.2670 0.2760 
b. Max.Storey D.Index 0.2775 0.2427 0.2313 0.2373 
c. Structural D.lndex 0.1909 0.1667 0.1700 0.1685 

Remark: -

The effects of the hysteretic rules on the storey and structural damage indices are 

shown in Figs. 10.87 and 1O.88respectively. The Clough model gives the smallest structural 

damage index than the other models with the reasons mentioned above and shown in Figs. 

10.63 and 10.64. The Q-Hyst model gives a smaller structural damage index than that modified 

Takeda model for similar reasons. The anomalous performance of the Bilinear model on the 

12-storey wall-frames with flexible foundations is shown in Figs. 10.63 and 10.88 respectively. 

This model causes very high total plastic hinge rotations and results in higher structural damage 

indices than for the case with fixed bases. Again, comparison between Fig. 10.86 and Fig. 

10.88 indicate that the frame-walls tend to suffer less damage than frame structures. 

10.5 SUMMARY AND CONCLUSIONS 

The interpretation of the results of inelastic analysis of RC structures becomes more 

complex due to a number of aspects affecting the structural responses. The effect of several 
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analysis aspects on the inelastic response ofRC structures including the rigid joint zone lengths, 

number of frames in frame-walls and flexural hysteretic rules were investigated. As with 

Chapter IX the investigations were conducted in several important damage parameters. The 

damage parameters of structures with fixed and flexible foundations were compared. 

The structural fundamental period of the frames and the frame-wall structures on the 

flexible foundations and fixed bases decreases significantly as the rigid joint lengths increases. 

A decrease in the period significantly affects the structural responses especially for the frame 

structures. The shifting of the structural fundamental period is insignificant when the number 

of frames in the frame-wall structures increases. Stiffening of the structural system due to an 

increase in the rigid joint lengths cause an increase in roof horizontal displacements. 

An increase in the rigid joint lengths gives a more significant increase in the base shear 

on the frame structures than for frame-wall structures on both types of foundations. As with 

previous results, rotation of the walls significantly increases in the first storey moment and 

shear of the frame-planes. The total base shear in a whole frame-wall building may be several 

times than that for a whole frame building. The structural type factor S = 1 for the 

preliminary analysis of frame-wall structures is an underestimate. The type of member 

hysteresis rules does not significantly affect the base shear except for the Bilinear rule. 

The effect of the rigid joint lengths, number of frames and hysteresis cycles on the 

inter-storey drift is insignificant. The maximum inter-story drifts (without P-delta and torsion 

effects) is less than the limit value specified in NZS 4203: 1992. The effect of rigid joint 

lengths, number of frames and hysteresis rules on the beam curvature ductility demands of 

structures, in general, is less than the effect of the foundation types except for the frame 

structures. The storey plastic hinge rotations tend to increase as the inter-storey drift increases. 

The total plastic hinge rotation of the frame structures on flexible foundations is smaller 

than that for the fixed bases as the rigid joint lengths are varied. The opposite result is found 

in the 18-storey frame-wall structures. The effect of foundation flexibility on the total plastic 

hinge rotation of the frames and the I2-storey frame-wall structures is less significant when 

compared with that in the I8-storey frame-walls for all hysteresis rules. The number of frames 

causes a complex effect on the total plastic hinge rotation. 
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The hysteretic energy dissipation of frame-wall structures with flexible foundations is 

much less than those with fixed bases for all rigid joint lengths and hysteresis rules. The 

opposite results are found in the viscous energy dissipations. The Clough and Q-Hyst hysteretic 

models yielded more hysteretic energy absorption than the Bilinear and Modified Takeda rules 

respectively. Considering the total plastic hinge rotation and the hysteretic energy dissipation 

of the rocking structures, the single parameter energy-based concept for describing damage 

indices of structures becomes less meaningful. 

Both the foundation types and rigid joint lengths significantly affect on the storey and 

structural damage indices of the frame structures. The storey damage indices had a similar 

pattern with beam curvature ductility demands. The effect of the number of frames on these 

damage indices were not clear. The Bilinear and Clough hysteretic models caused the biggest 

and the smallest of structural damage indices respectively. In general, the Modified Takeda and 

Q-Hyst models provided very similar structural responses, while some anomalous in structural 

responses were found with the Bilinear model. 



Chapter XI 

Effects of Soil Shear Strains, Shear Moduli and Soil Models 

on the Response of the 12 and lS-storey Frames and Frame

Wall Structures 

11.1 INTRODUCTION 

As discussed in Chapter IV the soil shear modulus G is strain dependent. The variation 

of soil shear modulus with soil shear strain is commonly expressed in a shear modulus 

degradation curve G/Gm"" as shown in Figs. 4.11, 4.12 or 4.13 respectively. Effects of the soil

foundation impedances based on different levels of soil shear strains for the 12 and 18-storey 

frame-walls are investigated. These soil-foundation impedances are based on the soil shear 

modulus at shear strains 'Yu = 9x10·2 % , 'Y .. = 4xlO"2 % and 'Y" = 4xlO-J % corresponding 

to shear modulus G = 0.50 Gmax, G = 0.70 Gmax and G = 0.95 Gmox respectively. These soil 

shear strains are denoted by 0.5Gm, 0.7Gm and 0.95Gm as shown in the Fig. 11.1. The soil

foundation impedances from soil shear strains of 0.0001 to 0.1 % are calculated with G = 420 

kg/cm2 and G = 685 kg/cm2 for the 12 storey and 18-storey frame-walls respectively. These 

soil shear strains cover the variation of soil shear strains from 0.95xlO-4 to 1. 74xlO-4 as 

computed in Section 9.5.1. 

In addition, effects of the soil shear modulus G of 125 kg/cm2, 260 kg/cm2, 540 

kg/cm2, 685 kg/cm2 and 825 kg/cm2 on the structural responses of the 18-storey frame-walls 

are also investigated. These soil shear moduli correspond to shear wave velocities of 

approximately 85 mlsec, 120 m/sec, 150 m/sec, 170 m/sec, 190 mlsec and 210 mlsec 

respectively. The first three soils may considerable soft soils and others may be classified as 

intermediate soilsDJO,SJ1. The soil-foundation stiffnesses and damping coefficients are based on 

G = 0.70 Gmw< corresponding to a soil shear strain 'Yso = 4xl0-4. The modified Takeda 

hysteresis rule, the 1940 EI Centro N-S component earthquake and the rigid joint length Z = 

0.50 are used. 

The effect of the fictitious layer over half-space (FLHS) soil models on the responses 

of the 12-storey frame-walls are compared with the effect of the fictitious layer over rigid 
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boundary (FLRB) and the Winkler soil-foundation models. The soil-shear modulus G = 420 

kg/em2 is used. 

11.2 EFFECTS OF SOIL SHEAR STRAINS AND SOIL MODULI 

11.2.1 Fundamental! Period and Roof Horizontal Displacement 

As presented in Tables 11.1 and 11.2, the fundamental periods of the 12 and 18-storey 

frame-walls decreased by an average of 1.9 % and 4.2 % as the shear strains decrease. This 

is because the lower the soil shear strains the stiffer the soils. These results are less than the 

decrease in fundamental periods due to increasing the rigid joint zone lengths as discussed in 

Section 10.2.1. This means that the effects of soil shear strains on the fundamental period of 

structures are less significant than the effects of rigid joint lengths. As given in Table 11.3, a 

decrease in the structural fundamental periods is more obvious in relatively soft soils and 

almost linearly decreases for the intermediate soils. For example, an increase of soil shear 

modulus from 125 kg/cm! to 260 kg/cm2 decreases the fundamental period by 9.1 %, while an 

increase in the soil shear modulus from 685 kglcm2 to 825 kglcm2 only decreases the structural 

fundamental period by 1.7 %. Hence, effects of the soil shear moduli on the structural 

responses may be significant in the relatively soft soils and may be insignificant in intermediate 

soils. The roof horizontal displacement tends to increase as the soil strain decreases and the soil 

shear modulus increase. This is due to a decrease in the structural fundamental period as 

mentioned above. 

U.2.2 Base Shears and Member Forces 

In the 12-storey frame-walls, a decreases in the soil shear soil strains causes an increase 

in the base shear by an average of 5.2 % as shown in Fig. 11.1. In the case of the 18-storey 

frames, the base shear increases by an average of 3.84 % and is greater than 0.75 % increase 

in the base shear due to an increase in the rigid joint lengths as discussed in Section 10.2.2. 

As shown in Table 11.3 and Fig. 11.21, the increase-of soil shear moduli significantly 

increases in the base shear in the soft soils as noted in Section 2.3.2.1 but the effect of the soil 

shear moduli is almost insignificant in the intermediate soils. These results follow the decrease 

in the structural fundamental period as discussed previously. Fig. 11.21 also shows that the 

base shear of the frames decreases as the wall base shear increases due to an increase of the 

soil shear modulus. 
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Table 11.1 Response Quantities of the 12-storey Frame-Walls with Different Soil Shear Strain 

Soil Shear Strain 'Y .. 
Parameters & Str. Systems 
( 7 Frames + 2 Walls) 'Y .. = 9xl0-4 'Y .. = 4xlO-4 'Y .. = 4xlO's Rem. 

1. Fund. Periods (sec) 
2.833 ( 0.236 N ) 2.771 (0.231 N) 2.728 ( 0.227 N ) (-) 

2. Roof Hor. Displacement (m) 
1. Pos.Envelope 0.2541 (0.563 % Hu) 0.2691 (0.596 % Hb) 0.2781 (0.616 % Hb) (+) 
2. Neg.Envelope 0.3090 (0.684 % Hb) 0.3138 (0.695 % Hb) 0.3188 (0.706 % Hb) (+) 

3. Base Shear (fonne) 
1. Frames +935.0, -917.0 +912.0, -926.0 +913.0, -932.0 (+) 
2. Wlllls +500.0, -761.0 +588.0, -897.0 +565.0, -925.0 (+) 
3. Total Base Shear + 1435.0, -1678.0 +1500.0, -1823.0 +1478.0, -1857.0 (+) 

4. Maximum Col.Bases 
P.H.Rot.(x 0.001 Rad) 

1. Left Column 2.993 2.855 2.721 (-) 
2. Internal Column 2.948 2.940 2.796 (-) 
3. Right Column 1.833 1.777 1.754 (-) 
4. Walls 0.000 0.000 0.000 (=) 

5. Tot.P.H.Rots.(xO.OOI Rad) 
1. Pos.Envelope 126.070 144.170 155.899 (+) 
2. Neg.Envelope 170.549 179.670 186.077 (+) 
3. Total 296.619 323.840 341.976 (+) 

6. Energy Dissipation (fm) 
1. Viscous Energy 258.200 355.000 353.700 ( +) 
2. Hyst. Energy 141.800 172.000 192.500 (+) 
3. Total Energy 500.000 527.000 546.200 (+) 
Remark: (+): Increase, (-) : Decrease, (=) : Equal: (.) : Not clear 

As shown in Figs. 11.2 and 11.10, the wall moments of the 12 and 18-storey frame

walls increased by an average of 5.98 % and 5.94 % as the shear strains increase. These 

results cannot be compared with the effect of joint rigid zone lengths because relative stiffness 

of the frames and walls do not change with variation in the soil shear strains, but do alter with 

the variation of the rigid joint zone lengths. The redistributions of moments to the middle 

storeys due to the rotation of wall footings are more significant in the 18-storey frame-walls. 

11.2.3 Inter-storey Drifts and Plastic Hinge Rotations 

A decrease in the soil shear strain causes a signiticant increase in the inter-storey drifts 

in the upper storeys of the 12 and 18 storey frame-walls as shown in Figs. 11.3 and 11.11 

respectively. According to ZHU et al. (1992) these results occur mainly in relatively slender 

stmctures subjected to a relatively high acceleration to velocity ratios where the effect of higher 

modes becomes significant. Fig.11.n shows that the effect of the soil shear modulus on the 

inter-storey drifts of the IS-storey frame-wall is less signiticant. 
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As shown in Fig. 11.3 the storey plastic hinge rotations of the 12-storey frames 

increased by an average of 4.34 % as the soil shear strain decreases. This shows that in the 

upper storeys the plastic hinge rotations have a strong relationship with the inter-storey drifts. 

Similar relationships have been discussed in Ref.Z9. Fig. 11.22 shows that the storey plastic 

hinge rotation of the 18-storey frame-walls tends to increase as the soil shear modulus 

increases. It also shows that some storeys remain elastic as indicated by zero storey plastic 

hinge rotations. The variation of storey plastic hinge rotation versus inter-storey drift of the 12-

storey frame-walls as shown in Fig. 11.4 and show greater scatter when compared with those 

in Figs. 11.12. Fig. 11.23 shows that relatively soft soils causes greater inter-storey drifts, but 

gives smaller storey plastic hinge rotations. 

Table 11.2 Response Quantities of the IS-storey Frame-Walls with Different Soil Shear Strains 

Soil Shear Strain 'Y .. 
No. Parameters & Str. Systems 

( 7 Frames + 2 Walls ) 'Y .. = 9x1<r 'Y .. = 4x10-4 'Y .. = 4x10-s Rem. 

1. Fund. Periods (sec) 
3.868 ( 0.215 N ) 3.607 ( 0.200 N ) 3.552 ( 0.197 N ) (-) 

2. Roof Hor. Displacement (m) 
1. Pos.Envelope 0.2920 (0.435 % ~) 0.2945 (0.439 % 1\) 0.2996 (0.447 % ~) (+) 
2. Neg.Envelope 0.2767 (0.413 % ~) 0.2987 (0.445 % ~) 0.3027 (0.451 % ~) (+) 

3. Base Shear (Tonne) 
1. Frames +1272.0, -1299.0 +1257.0, -1301.0 +1240.0, -1287.0 (.) 
2. Walls +1087.0, -1209.0 +1300.0, -1323.0 +1304.0, -1418.0 (+) 
3. Total Base Shear +2359.0, -2508.0 +2557.0, -2624.0 +2544.0, -2705.0 (+) 

4. Maximum Col. Bases 
P.H.Rot.(x 0.001 Rad) 

1. Left Column 1.426 2.896 1.563 (.) 
2. Internal Column 2.703 2.773 2.903 (.) 
3. Right Column 1.951 2.446 2.013 (.) 
4. Walls 0.000 0.000 0.000 (=) 

5. Tot.P.H.Rots.(xO.ool Rad) 
1. Pos.Envelope 149.130 163.700 171.650 (+) 
2. Neg.Envelope 144.880 168.690 183.240 (+) 
3. Total 294.010 332.390 354.890 (+) 

6. Energy Dissipation (Tm) 
1. Viscous Energy 400.000 374.000 348.900 (+) 
2. Hyst. Energy 101.900 125.000 132.460 (+) 
3. Total Energy 501.900 499.000 481.360 (+) 

Remark: (+): Increase, (-) : Decrease, (=) : Equal: (.) : Not clear 

11.2.4 Column, Wall Base Rotations and Beam Curvature Ductility Demands 

Figs. 11.5, and 11.13 show that the plastic hinge rotations of column and wall bases 

are not significantly affected by increasing the soil shear strain when compared with the effect 
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of the foundation flexibility. As with previous results, an increase in the plastic hinge rotations 

of the column bases is more obvious in relatively soft soils as shown in Fig. 11.24. Figs 11.13 

and 11.24 show that the column bases of the 18-storey frame-walls with fixed bases remain 

elastic but response inelastically in the case of the flexible foundations. The opposite response 

is found for the wall bases. The maximum plastic hinge rotation of 0.003 is much lower than 

the rotation capacity as discussed in Section 95.4.5. Increased plastic hinge rotations, shear 

forces and moments at the column bases, decreased wall moment and shear forces at the wall 

bases due to the rotation of wall-footings are similar results as reported by GOODSIR (1985). 

The maximum beam curvature ductility demand increases as the soil shear strain 

decreases or the shear modulus increases. Increased base shear, as discussed in Section 11.2.2 

cause an increase in beam curvature ductility demands. Figs 11.6 and 1l.14 show that the beam 

curvature ductility demands of the 12 and 18-storey frame-walls increase by an average of 

Table 11.3 Response Quantities of the 18-storey Frame-Walls with Different Soil Shear Moduli 

Soil Shear Modulus G 
No. [Parameters & SIr.Systems 

( 7 Frames + 2 Walls) 

G125 G260 G400 G540 G685 G825 

1. Fund. Periods (sec) 
4.344 3.918 3.765 3.694 3.607 3.545 

2. Roof Hor. Displ.(m) 
1. Pos.Envelope 0.2703 0.2852 0.2872 0.2881 0.2848 0.2844 
2. Neg.Envelope 0.2267 0.2280 0.2509 0.2608 0.2773 0.2902 

3. Base Shear (Tonne) 
a. Pos. Envelope 

1. Frames +1326.08 +1391.3C +1391.30 +1302.00 +1268.00 +1213.00 
2. Walls + 902.18 +1086.9<: +1184.80 + 1309.00 +1352.00 +1360.00 
3. Total Base Shear +2228.26 +2478.2(' +2576.10 +2611.00 +2620.00 +2573.00 

b. Negative Envelope 
1. Frames -1354.48 -1388.06 -1392.50 -1345.00 -1313.00 -1279.00 
2. Walls -1097.01 -1152.98 -1242.50 -1353.00 -1397.00 -1415.00 
3. Total Base Shear -2451.49 -2541.04 -2635.00 -2698.00 -2710.00 -2694.00 

4. Max.Bases Rot(O.OOI Rad) 
1. Left Column 0.000 1.792 2.108 2.154 2.044 1.907 
2. Internal Column 1.965 2.409 2.615 2.711 2.480 2.395 
3. Right Column 1.658 1.870 2.032 2.151 1.860 1.655 
4. Walls 0.000 0.000 0.000 0.000 0.000 0.000 

5. Tot.P.H.Rot,(O.OOI Rad) 
1. Pos.Envelope 129.290 143.230 140.860 167.142 167.523 170.202 
2. Neg.Envelope 111.990 140.180 155.920 166.547 179.470 187.724 
3. Total 241.280 283.410 296.780 333.689 346.993 357.926 

6. Energy Dissipation (Tm) 
l. Viscous Energy 492.700 410.580 363.140 341.400 335.000 333.300 
2. Hyst. Energy 56.930 82.170 94.890 100.750 96.000 94.400 
3. Total Energy 549.630 492.750 458.030 442.150 431.000 427.700 

Remark: (+): Increase, (-) : Decrease, (==) : Equal: (.) : Not clear 

Rem. 

(-) 

(.) 
(+) 

(.) 
(+) 
(.) 

(.) 
(+) 
(+) 

(.) 
(.) 
(.) 
(=) 

(+) 
(+) 
(+) 

(-) 
(-) 
(-) 
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7.01 % and 13.56 % respectively. In the case of the lS-storey frame-walls, this result is 

slightly less than the 13.86 % increase in the beam curvature ductility demands due to the 

increase in rigid joint zone lengths. 

n Total Plastic Hinge Rotations, Energy Dissipation and Damage 

Indices 

As given in Tables 11.1, 11.2 and 11.3 and as shown in Figs. 11.7, 11.15 and 11.25 

the total plastic hinge rotations of the 12 and 18 storey frame-walls increased by an average of 

7.39 %, 9.90 % and 9.25 % respectively. This result is similar to that discussed in Chapter 

IX where the total plastic hinge rotations increase with an increase in the overall stiffness of 

the structure. In Figs. 11.8 and 11.16 the hysteretic energy dissipation increases while the 

viscous energy dissipation decreases as the soil shear strains decreases. This is the effect of 

increasing the overall stiffness of the structure. A decrease in the viscous energy dissipation 

due to increasing the overall stiffness of the structure is more obviously as shown in Fig. 

11.26. A decrease in the viscous energy dissipation is more significant in relatively soft soils. 

This result confirms the discussion in Sections 10.2.1 and 10.2.2 

The storey damage indices of the 12 and lS-storey frame-walls as shown in Figs. 

11.17, 11.18 increase as the soil shear modulus increases. The storey damage indices increased 

by an average of 8.17 % and 11.40 % and lead to an increase in the structural damage indices 

by an average of7.76 %,4.85 % respectively. As with the previous results, the effects of soil 

shear modulus on the maximum member and maximum storey damage indices are more 

obvious in relatively soft soils as shown in Fig. 11.28. This figure also shows that in 

intermediate soils the effect of variation of the soil shear modulus on the structural damage 

index is almost insignificant. This also discussed in Ref. S36. As in previous results, the 

higher total plastic hinge rotations results in higher structural damage indices. The effects of 

the higher modes on the storey damage is more significant in higher structures such as the 18-

storey frame-walls than in the 12-storey frame-walls as shown in Figs. 11.17, 11.18 and 11.27 

respectively. The absence of the effect of higher modes in the 12-storey frame-walls was also 

mentioned in Ref. G9. 
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Table 10.4 Damage Indices of the 12 and IS-storey Frame-Walls 

Soil Shear Strain 'Y~ 
No. Types of Structure and 

Damage Parameters 1' .. = 0.9xl~ 1' .. = 4xl0-4 1' .. = 4xlO-5 

1. 12-storey Frame-Walls (faked a) 

a. Max. Member Damage Indices 0.2280 0.2670 0.2840 
b. Max. Storey Damage Indices 0.2006 0.2313 0.2514 
c. Structural Damage Indices 0.1552 0.1700 0.1802 

2. IS-storey Frame-Walls (fakeda) 

11. Max. Member Damage Indices 0.2240 0.2530 0.2380 
b. Max. Storey Damage Indices 0.1987 0.2177 0.2235 
c. Structural Damage Indices 0.1263 0.1390 0.1440 

GI25 G260 G400 G540 G685 G825 

3. IS-storey Frame-Walls (Bilinear) 

a. Max. Member Damage Indices 0.2050 0.2160 0.2480 0.2700 0.2780 0.2870 
b. Max. Storey Damage Indices 0.1760 0.2076 0.2252 0.2303 0.2320 0.2595 
c. Structural Damage Indices 0.1218 0.1457 0.1535 0.1559 0.1542 0.1507 

Remark: (+): Increase, (-) : Decrease, (=) : Equal : (.) : Not clear 

11.3 EFFECTS OF WINKLER FOUNDATION AND LAYER OVER RIGID 

BOUNDARY SOIL MODELS 

Remark 

(+) 
(+) 
(+) 

(+) 
(+) 
(+) 

(+) 
(+) 
(+) 

The response of the 12 storey frame-walls supported by different soil models when they 

SUbjected to the 1966 Parkfield N65E component earthquake are compared. The dynamic 

properties of the soils, modelling of the member hysteresis rules and the rigid joint length used 

fOf the investigation are the same as mentioned in Section 11.1. 

11.3.1 Winkler Foundation 

As described in Chapter V, both the properties and geometry of the soil deposit may 

be non-homogeneous. This may due to irregularity of the soil layer and the corresponding rigid 

boundary. It is often assumed that both the soil layer surface and the rigid boundary surface 

are perfectly horizontal planes. Two other soil models, a fictitious layer over a horizontal rigid 

boundary (FLRB) and a soil model represented by a bed of independent springs or Winkler 

model are used in comparison with the fictitious layer over the half-space soil model (FLHS), 

described in Chapter V. The spring in the Winkler soil-foundation is modelled by the 4-node 

beam member i.e one of the member model option in the RUAUMOKO computer program. 
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A comparison of the wall footing rotations based on the FLHS and Winkler models are 

shown in Fig. 11.29. Only the rotation of the wall footing is compared because this footing is 

sensitive to lift-off. The rotation is computed assuming one-half of the wall gravity load with 

the foundation size being the same as for the case of a full wall gravity load. The Winkler 

spring stiffnesses are based on the initial vertical displacement assumed to have the same 

displacement as the FLHS modeL The pattern of footing rotations are similar but the Winkler 

model results in a higher rotation than the FLHS model. This may be due to an incompatibility 

of the rocking stiffness generated by the vertical forces in the springs in the Winkler model and 

the rocking stiffness from the FLHS model. The absence of vertical dashpots in the Winkler 

foundation, as described in Chapter VII, may also result in differences in the responses. 

The vertical displacement of the wall base node (at the centre of the footing) of these 

models is shown in Fig. 11.30. It shows that these models perform quite differently. The 

Winkler foundation shows the footing lifting-off beyond the centre ofthe footing. On the other 

hand in the FLHS model the centred vertical displacement must remains constant and the 

footing lift-off occurs only at the tip of the footing, as shown in Fig. 11. 31. This is because 

the vertical and horizontal soil-foundation stiffnesses in the FLHS model are assumed to remain 

constant during the time integration as described in Section 13.4. 

The maximum vertical load-deformation of the soil under the Winkler model is shown 

in Fig. 11.32. The soil remains elastic although the footing undergoes a relatively high rotation. 

This is because the static bearing capacity safety factor of the soil is twice that when the footing 

foundation is subjected to the full wall gravity load. The wall moments, beam curvature 

ductility demand and maximum member damage indices are shown in Figs. 11.33, 11.34 and 

11.35 respectively. The effect on the wall footing, as modelled by the Winkler foundation, on 

the structural responses, in general, does not seem significant. 

11.3.2 Soil Layer over a Horizontal Rigid Boundary 

Soil layers with depths of 10, 20 and 30 metres over a horizontal rigid boundary are 

considered. The soil-foundation impedances are computed using formulae proposed by 

ELSABEE et al. GS, The structural response based on this fictitious layer over a rigid boundary 

(FLRB) is compared with the fictitious layer over a half-space (FLHS). The wall footings are 

subjected to the full wall gravity loads. 
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Using these proposed formulae, the shallower the layer in the FLRB model the higher 

the soil-foundation impedance, especially for the vertical vibration mode. The soil-foundation 

radiation damping and rocking stiffnesses of this model are much less than those of the FLHS 

model. The rotation of the wall footing using these soil models is shown in Fig. 11.36. It 

shows that the shallower layer has larger footing rotations. This is because the larger vertical 

stiffness results in a smaller initial vertical displacement of the footing, as shown in Fig. 11.37, 

and the smaller rocking stiffness allows larger rotations. As shown in Fig. 11.37 the lift-off of 

the wall footing tip is also more pronounced on the shallow soil layer than for the deeper 

layers. 

The wall base moment versus footing rotations of these soil models are shown in Fig. 

11.38, 11. 39, 11.40 and 11.41 respectively. The decrease in rocking stiffness due to lift-off 

of the footings is more obvious in the shallower layers. This is because greater footing lift-off 

has occurred. The value of Mo. as given in Eg. 13.5 or shown in Fig. 13.39, increases as the 

depth of the layer increases. This results from a higher value of q,o due to the larger initial 

vertical displacement of the footing. 

The structural responses including the wall moment, beam curvature ductility demands, 

energy dissipation and maximum member damage indices of the 12-storey frame-walls 

supported by these different soil models are shown in Figs. 11.42, 11.43, 11.44 and 11.45 

respectively. As found in the previous section, the structural responses are not significantly 

effected by the different soil models. 

The effects of the static bearing capacity safety factor of the soil on the responses with 

redesigned wall foundation footings are shown in Fig. 11.46 through Fig. 11.56 and will be 

discussed in Section 13.5. 

11.4 SUMMARY AND CONCLUSIONS 

The effect of soil shear strains (SS), soil moduli (SM) and soil models on the seismic 

response of the 12 and lS-storey frame-walls on the flexible foundation were investigated. A 

decreased in soil-shear strain corresponds to an increase in the soil modulus. Investigations 

were conducted on several important damage parameters including roof horizontal 
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displacements, member forces, total base shears, storey drifts, curvature ductility demands, 

plastic hinge rotations, energy dissipations and damage indices. 

Lengthening of the structural fundamental period is more obvious in relatively soft soils 

than in intermediate soils. This result strongly affects the structural responses. Stiffening of the 

structural system due to increased soil moduli cause an increase in roof horizontal 

displacement. 

The total base shear of frame-wall structures increases as the soil stiffness increases. 

As with previous results an increase in the total base shear is more evident in relatively soft 

soils than in intermediate soils. An increase in the soil stiffness also causes significant increase 

in the wall moment. 

The effect of increasing the soil stiffness on the inter-storey drifts were significant in 

the upper storeys especially for the 18-storey frame-walls. The maximum inter-storey drifts was 

less than the limit value specified in NZS 4203: 1992. An increase in the soil stiffness also gives 

significant increase in the beam curvature ductility demands in both the 12 and IS-storey frame

walls. 

The storey and total plastic hinge rotations increase as the soil stiffness increases. Some 

beams in the middle storeys of the I8-storey frame-walls remain elastic as indicated by zero 

curvature ductility factors. Relatively high inter-storey drifts with small storey plastic hinge 

rotations were found in the IS-storey frame-walls on a relatively soft soils. In general, the 

storey plastic hinge rotation increases as the inter-storey drifts increase. 

The hysteretic energy dissipation increases as the soil stiffness increases but viscous 

energy dissipation decreases. Viscous energy dissipation is very sensitive in relatively soft soils. 

The member, storey and structural damage indices tend to increase as the soil stiffness 

increases. 

The soil models, in general, do not significantly affect the structural responses. When 

compared with the lumped spring-dashpot model, the Winkler soil-foundation model shows 

very different veltical displacements at the centre of the wall bases. 



Chapter XII 

Effects of Earthquake Excitations on the Response of the 

and IS-storey Frames and Frame-Wall Structures 

]2,1 INTRODUCTION 

The uncertainties associated with a proper selection of the design earthquake ground 

motions for any building site have been recognized by engineers over past few decades. These 

uncertainties are basically initiated by complex factors involving source mechanisms, source

site transmission paths and local site conditions that affect the characteristics of strong motion 

ground shaking as discussed in Ref. W31. The characteristics of earthquake strong motions are 

usually quantified in terms of intensity. frequency content, duration, the number, size and 

sequence of acceleration pulsesLlS•W31 • The 1985 Mexico earthquake showed that these 

earthquake characteristics strongly affect the structural damage. A simple quantification of the 

earthquake characteristics for design purposes, however, is still difficult to define. 

The NZS 4203: 1984 clause C3.3 gives a simple guidance that for a class III building 

on rigid or intermediate soils in seismic region A, the earthquake motions including 1940 EI 

Centro N-S component may be used for design purposes. The NZS 4203:1992 Sections 4.10.1 

and 4.10.2 state that when the numerical time history analysis of ultimate state limit building 

response is used at least three different ealthquake records shall be employed. The minimum 

length of earthquake input shall be taken as the greater of 15 seconds or 5 times the 

fundamental period of the structure. 

Attempts to describe the relationships between duration, frequency content, peak ground 

acceleration and velocity was discussed by ZHU et al.(1988) and TSO et.al (1992). Records 

from several ealthquakes indicate that at near the source the peak acceleration to ground 

velocity (a/v) ratio is high, the record is of short duration, high frequency and impulsive. At 

a large distance from the source, the a/v ratio is low, the record is of long duration, more 

periodic and has a broad frequency content. Results of analytical investigations as reported by 

ZHU et a1.(1992) indicate that a Iowa/v ratio of the ealthquake ground motions causes more 

damage in high rise structures than motion with a high a/v ratio. TSO et.al (1993) reported that 

the hysteretic energy dissipation for structures with relatively long fundamental periods is much 
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higher when subjected to earthquake ground motions with low acceleration to velocity ratios. 

TSO et a1. (1993) discussed the characteristics of earthquake ground excitations and their affects 

on the structural responses. It was demonstrated that the acceleration to velocity ratios strongly 

affect both structural deformation and energy dissipation. Because of the uncertainties involved 

in estimating the nature of ground motions that might occur in the future at a building site, 

Ref.M25 suggested that several records should be used during the analyses of building 

stmctures. 

The structural fundamental periods of the building prototypes in this study are mostly 

greater than 2 seconds. By considering the results above, several earthquakes with moderate 

and low acceleration to velocity ratio are used. The earthquake ground motions and the 

corresponding acceleration ratio are presented in Table 12.1. 

Table 12.1 Acceleration to Velocity Ratio (a/v ratio) 

No Earthquake Date Max. Ace. Max.VeL a/v ratio Remark 
(g) (m/sec) g/m/sec 

1. El Centro, N-S May 5, 1940 0.349 0.334 1.044 Md 

2. Taft, N69W July 21, 1952 0.179 0.177 1.010 Md 

3. EI Centro, E-W May 5, 1940 0.214 0.369 0.580 L 

4. Bucharest, N-S March 4, 1977 0.206 0.751 0.272 L 

5. Parkfield, N68E June 27, 1966 0.489 0.781 0.627 L 

6. Tokachi Oki. N-S May 16, 1968 0.236 - - -
RemarkTIO

•
Z6 

: 1.2 g/mls > a/v> 0.8 g/mls : moderate, a/v < 0.8 g/mls : low 
g: acceleration of gravity, Md : Moderate, L : low, - : not available 

The available duration of the Bucharest earthquake record is only 16 seconds. A 

duration of 20 seconds is used for the other earthquakes which is considerably greater than 5 

times the structural fundamental period. The Parkf.1 and Taft.l as shown in Fig. 12.9 

correspond to the 1966 Parkfield N65E and 1952 Taft N69W scaled to the maximum ground 

acceleration of the 1940 El Centro NSC earthquake. The Parkf.2 is scaled according to spectral 

acceleration of the 1940 El Centro NSC at the corresponding structural fundamental period. 

According to Ref.TI1 the 1971 San Fernando earthquake recorded at Pacoima Dam seems to 

be an upper bound for a possible seismic event in New Zealand, therefore, this earthquake is 

not used in this study. 

The soil-foundation stiffnesses and damping coeffIcients were taken at the soil shear 

strains 1' .. :::: 4xlO-4 and were based on a soil shear modulus G = 420 kgfcm2 and G :::: 540 
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kg/cm2 for the 12 and I8-storey frame-walls respectively. Other soil dynamic properties were 

similar to there used in Chapter IX. The rigid joint zone length Z = 0.5 and the modified 

Takeda flexural hysteresis rule was used. The effects of different earthquake excitations on the 

response quantities of the 12 and IS-storey frame-walls are investigated. 

12.2 THE ROOF HORIZONTAL DISPLACEMENT AND BASE SHEAR 

The roof horizontal displacement of the 12 and IS-storey frame-waIls with flexible 

foundations are shown in Figs. 12.1 and 12.9 respectively. Comparing the maximum positive 

and negative displacements, they show that some earthquakes cause a strong oscillation in only 

one direction while others cause a similar magnitude of oscillation in both directions. This will 

affect the hysteretic energy dissipation and will be discussed in Section 12.7. The variation of 

the roof horizontal displacements under different earthquakes and their correlation with the total 

plastic hinge rotations will be described latter. For structures with fixed base foundations the 

roof displacements are given in Tables 12.2 and 12.3 respectively. 

The variations of base shear resisted by frames and walls with different earthquake 

excitations of the 12 and 18-storey frame-walls with flexible foundations are presented in Figs. 

12.2 and 10.10 respectively. The base shear resisted by 2-WaIls and 7-frames are almost same 

in some earthquakes but is very different in other earthquakes. This means that the base shear 

resisted by one wall may be several times than that resisted by one-frame as is discussed in 

Section 10.3.2. The variation of total base shear with different foundation types and earthquake 

excitations are presented in Section 12.7. 

Although the maximum ground acceleration of the 1940 EI Centro N-S is larger than 

the E-W component or the 1977 Bucharest N-S components these latter two earthquakes cause 

a larger horizontal displacement of the roof of the 12 and 18-storey frame-walls as shown in 

. Tables 12.2 and 12.3. However, the total base shears from the latter two earthquakes are 

smaller than that due to the 1940 EI Centro N-S earthquake. This is caused by the high rotation 

of the base of the stmctural walls. The lower acceleration to velocity a/v ratio and the 

frequency contents have a more significant effect on the response quantities of long period 

structures as discussed in Ref.Z9. 
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Table 12.2 Response Quantities of the 12 Storey Frame-Walls with Different Earthquake Excitations 

:: 

Earthquake Excitation 
No. Response Rem. 

Quantities 40EcNS Taft,NW 40EcEW Tok.Oki NS Buch.NS Parkf.NE 

1. Roof Hor. Displ.(m) 
LFixed Bases 

a. Pos. Env. 0.2982 0.1158 0.1920 0.3072 0.5059 0.6702 
b. Neg. Env. 0.2716 0.1149 0.3293 0.3702 0.5981 0.2262 

I.Flex.Foundations 
a. Pos. Env. 0.2691 0.1633 0.2554 0.3425 0.5046 0.6600 
b. Neg. Env. 0.3138 0.1157 0.4306 0.3210 0.6537 0.2499 

2 2. Base Shear (Tonne) Fix. Plex. Fix. Flex. Fix. Flex. Fix. Flex. Fix. Flex. Fix. Flex. 
1. Frames 

a. Pos.Env. 809 912 282 478 833 928 912 902 877 913 837 946 
b. Neg.Env. 780 926 185 573 784 823 799 888 896 948 1310 1254 

2. Walls 
a. Pos.Env. 1075 588 718 316 753 465 1026 809 760 609 1295 967 
b. Neg.Env. 1334 897 722 340 753 542 750 370 538 242 1422 1187 

3. Total Base Shear 
a. Pos.Env. 1884150C 1000 794 1586 1193 1938 1711 16371522 2132 1913 
b. Neg.Env. 21141823 907 913 1537 1365 1549 1258 1413 1190 27322441 

3. Base Rot.(xO.OOI Rad.) 
1. Fixed Bases 
a. Left Column 1.378 * 0.000 2.684 4.351 13.020 
b. Int. Column 1.907 * 1.525 3.000 4.732 12.212 
c. Right Column 1.675 * 0.000 2.176 4.072 10.229 
d. Wall 4.837 "' 3.980 6.155 8.201 14.400 

1. Flex.Foundations 
a. Left Colu mn 2.855 0.000 2.781 2.311 4.495 8.449 
b. Int. Column 2.940 0.000 3.062 2.838 4.824 10.024 
c. Right Column 2.330 0.000 1.836 2.221 4.301 9.425 
d. Wall 0.000 0.000 0.000 0.000 1.972 7.665 

4. Tot.P.H.Rot.(xO.001 Rad) 
L Fixed Bases 

a. Pos.Env. 188.807 "' 118.170 161.806 432.809 640.430 
b. Neg.Env. 156.430 >I: 191.540 216.004 334.427 185.169 
c. Total 345.237 * 309.710 377.810 767.23t:. 825.599 

2. Flex. Foundations 
a. Pos.Env. 148.660 58.619 126.720 171.315 294.155 574.320 
b. Neg.Env. 180.051 39.341 239.470 165.349 439.381 224.609 
c. Total 328.711 98.020 366.190 336.664 733.536 798.929 

5. Energy Dissipation (Tm) 
1. Fixed Bases 

a. Viscous En. 313.430 * 205.220 432.830 395.520 302.840 
b. Hyst. En. 307.460 >I: 195.900 402.990 537.310 518.650 
c. Total En. 620.890 * 401.110 932.830 932.830 821.490 

2. Flex. Foundations 
a. Viscous En. 355.000 62.100 266.680 360.000 382.100 574.320 
b. Hyst.En. 172.000 8.700 154.800 200.000 385.060 224.609 
c. Total En. 530.000 70.800 421.600 760.000 767.170 798.929 

6. Col.Base Curv.Duct.Dmd. 
(Flex. Foundations) 

a. Left Column 2.166 0.000 1.999 1.754 3.278 6.439 
b. Int. Column 2.219 0.000 2.187 2.079 3.447 7.540 
c. Right Column 1.709 0.000 1.352 1.671 3.154 7.122 
d. Wall 0.000 0.000 0.000 0.000 1.441 5.508 

Remark: *: The results are not nrpco(>.n'rt·.£l 
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12.3 THE WALL MOMENTS, INTER-STOREY DRIFTS AND PLASTIC IDNGE 

ROTATIONS 

The variation of wall moments with different earthquake excitations of the 12 and 18-

storey frame-walls with flexible foundations are depicted in Figs. 12.3 and 12.11 respectively. 

It shows that the effect of earthquakes on the wall moments do not show a consistent pattern. 

For instance, the 1977 Bucharest N-S earthquake causes smaller wall moments in the 12 storey 

frame-walls than does the 1940 El Centro N-S component although the former earthquake gives 

higher response quantities for most other responses than the latter earthquake. These figures 

show that earthquakes with low acceleration to velocity ratios cause a higher wall moment in 

the lower storeys than in the middle storeys. This sensitivity of the lower storey responses due 

to low frequency earthquake excitation was discussed in Ref. Z9. The larger earthquake, in 

general, causes more redistribution of wall moments to the middle storeys. 

The Parkfield N65E earthquake caused a maximum inter-storey drift of the 12-storey 

frame-walls with flexible foundations of 2.28 % of the storey height. This drift close to the 

limit value of 2.5 % (including P-delta and torsion effects) as suggested in NZS 4203: 1992 

Section 2.5.4.5. The 1977 Bucharest NSC earthquake gave a maximum inter-storey drift of 

1.44 % for the IS-storey frame-walls with flexible foundations. The variation between the 

maximum inter-storey drifts and the plastic hinge rotations of the 12 and 18-storey frame-walls 

in both direction of displacements are presented in Figs. 12.4 and 12.12 respectively. These 

show that the storey plastic hinge rotations starts to develop at a particular inter-storey drift and 

then increase with the inter-storey drift. The storey plastic hinge rotation tend to increase as 

the inter-storey drifts increase. 

When the structure strongly displaces in one direction, the total plastic hinge rotations 

in the positive and negative envelopes will different from each other. As a result, a relatively 

large maximum inter-storey drift will be related to different plastic hinge rotations as illustrated 

in Figs. 12.4 and 12.12. For instance, the 1940 El Centro EWC, the 1977 Bucharest NSC and 

the 1966 Parkfield N65E earthquakes cause a strong displacement to one side in the 12-storey 

frame-walls as shown in Fig. 12.1 giving two different beam plastic hinge rotations for the 

same storey drift as shown in Fig. 12.4. Similar results are found for the I8-storey frame-walls 

and are shown in Fig. 12.12. 
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Table 12.3 Response Quantities of the 18 Storey Frame-Walls with Different Earthquake Excitations 

Earthquake Excitation 
No. Response Rem. 

Quantities 
40EcNS Buch.NS 40EcEW PaM. 1 Parkf.2 Taft. 1 

1. Roof Hor. DiNpl.(m) 
1.Fixed Bases 

ll. Pos. Env. 0.2419 0.4807 0.2447 0.4822 0.5929 0.3202 
b. Neg. Env. 0.3001 0.6933 0.4906 0.2278 0.2555 0.2885 

1.Flex.Foundations 
a. Pos. Env. 0.2954 0.3944 0.2731 0.4506 0.5647 0.3513 
b. Neg. Env. 0.2937 0.6896 0.5669 0.3037 0.3386 0.3392 

2. Base Shear (Tonne) Fix. Flex. IFix. Flex. Fix. Flex. Fix. Flex. Fix. Flex. Ipix. Flex 
1. Frames 

a. Pos.Env. 7101257 6501163 1000 1185 794 1250 1033 13Hi >I< 1347 
b. Neg.Env. 963 1301 8881056 605 1209 12991198 13771299 lie 1377 

2. Walls 
a. Pos.Bnv. 15401300 1638 783 1076 752 1948 880 2000 1029 '" 1468 
h. Neg.Env. 22951323 7761243 1466 752 1567 804 1926 956 >I: 1660 

3. Total Base Shear 
a. Pos.Bnv. 22502551 228819M: 20761937 27422130 30332345 >I: 2815 
b. Neg.Env. 32582624 1664 2299 2071 1961 2866 2002 3303 2255 >I< 3037 

3. Base Rot.(x 0.001 Rad.) 
1. Fixed Bases 
a. Left Column 0.000 0.000 0.000 2.450 3.620 0.000 
h. lnt. Column 0.000 0.000 1.157 3.412 4.530 1.410 
c. Right Column 0.000 0.000 0.000 3.200 4.290 0.000 
d. Wall 3.030 3.581 3.745 5.380 5.930 4.050 

1. Flex.Foundations 
a. Left Column 2.060 2.220 2.740 2.414 2.249 2.459 
h. Int. Column 2.620 2.614 3.023 2.882 3.790 3.700 
c. Right Column 1.985 0.000 1.742 1.592 3.123 3.081 
d. Wall 0.000 0.000 0.000 0.000 0.000 0.000 

4. Tot.F.H.Rot.(xO.OOl Rad) 
1. Fixed Bases 

a. Pos.Env. 132.954 250.622 140.470 160.900 438.094 208.132 
b. Neg.Env. 142.528 333.612 282.390 338.940 204.495 169.544 
c. Total 275.482 584.23~ 422.860 499.840 642.589 377.675 

2. Flex. Foundations 
a. Pos.Env. 172.880 166.89( 141.744 250.430 354.73C 220.410 
b. Neg.Env. 167.100 381.96( 294.770 156.900 204.71C 201.560 
c. Total 339.880 548.85( 436.514 407.330 559.44C 421.970 

5. Energy DiNsipation (Tm) 
1. Fixed Bases 

a. Visoous En. 306.670 41O.44( 270.890 244.000 339.55(J 293.280 
b. Hyst. En. 226.670 421.65( 266.420 333.610 500.000 266.420 
c. Total En. 533.330 S32.09C 537.310 577.610 839.55C 559.700 

2. Flex. Foundations 
a. Visoous En. 394.100 339.70< 289.200 279.900 402.98(] 543.300 
b. Hyst.En. 134.300 180.90< 134.300 123.100 223.88(] 185.100 
c. Total En. 528.400 520.60( 423.500 403.000 626.87(] 728.400 

6. Col.Base Curv.Duct.Dmd. 
(Flex.Found.) 

a. Left Column 1.606 1.350 1.847 1.459 2.330 1.874 
b. lnt. Column 2.530 2.012 2.531 2.196 3.053 3.198 
c. Right Column 1.480 0.000 1.215 1.401 2.145 2.186 
d. Wall 0.000 0.000 0.000 0.000 0.000 0.000 

Remark: -
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12.4 COLUMN, WALL BASE PLASTIC HINGE ROTATIONS AND BEAM 

CURVATURE DUCTILITY DEMANDS 

The variation of column and wall base plastic hinge rotations with different earthquakes 

for the 12 and 18-storey frame-walls with flexible foundations are shown in Fig. 12.5 and 

12.13 respectively. The maximum rotation is 0.0102 radians and is much less than the possible 

maximum limit of 0.035 radians discussed in Section 9.5.4.5. It is also shows that the rotation 

of the wall footings causes a significantly increase in the plastic hinge rotations in the column 

bases but a great decrease in the wall base plastic hinge rotations for most earthquake 

excitations. The comparison between the columns and wall base rotations of the structure with 

fixed bases and flexible foundations will be discussed in Section 12.7.2. 

As shown in Fig. 12.6, the effect of the foundation flexibility on the beam curvature 

ductility demands of the 12-storey frame-walls induced by the El Centro N-S, Tokachi Oki, 

Bucharest NSC and Parkfield earthquakes decrease by an average of 4.15 %, 5.12 %, 3.32 % 

and 8.27 % respectively. In contrast, the 1940 El Centro E-W causes an increase of beam 

curvature ductility demands by an average of 13.16 %. Increases in beam curvature ductility 

demand due to foundation flexibility is found in the 18-storey frame-walls exited by the 1940 

EI Centro N -S component as discussed in Chapter IX. This result is likely to be affected by 

the spectral characteristics of the corresponding earthquake excitation at the fundamental period 

of the structure as discussed in Ref. V 10. 

The beam curvature ductility demands of the 18-storey frame-walls with flexible 

foundations are shown in Fig. 12.14. Due to foundation flexibility, the beam curvature ductility 

demands of structures subjected to the El Centro E-W, Bucharest, Parkf.l and Parkf.2 

earthquakes decreased by an average of 13.95 %, 16.43 %,33.56 % and 23.66 % respectively. 

In general, it is difficult to describe types of earthquake that always cause higher response 

quantities in any type of structures. However, Figs. 12.6 and 12.14 show that the earthquakes 

with a low value of the a/v ratio such as the 1940 EI Centro E-W, the 1977 Bucharest NSC 

and the Parkfield N65E components tend to cause higher response quantities than those for 

earthquakes with a moderate value of the a/v ratio such as the 1940 El Centro N-S and Taft 

earthquakes. 
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12.5 TOTAL PLASTIC HINGE ROTATIONS AND ENERGY DISSIPATION 

The variation of total plastic hinge rotations with respect to earthquake excitation of the 

12-storey frame-walls with flexible foundations is shown in Fig. 12.7. Comparing Figs. 12.1 

and 12.7 indicates that the variation of maximum floor displacements and total plastic hinge 

rotations with respect to the earthquake excitations have a similar pattern. A similar pattern of 

variation is also found in the case of the 1S-storey wall-frames by comparing Figs. 12.9 and 

12.15. Hence, these response quantities are significantly correlated and equally important as 

damage parameters in inelastic structural analyses. The roof horizontal displacements and total 

plastic hinge rotations of the 12 and IS-storey frame-walls with fixed base foundations are 

given in Tables 12.2 and 12.3 respectively. The relationship between the roof displacements 

in terms ofthe overall drift of the structures and plastic hinge rotations is shown in Fig. 12.41. 

The variation of the dissipated energy versus earthquake excitation for the 12-storey 

frame-walls with flexible foundations is illustrated in Fig. 12.8. As mentioned in Section 12.2, 

the magnitude and type of building displacements affects the hysteretic energy dissipation. A 

relatively. large roof displacement combined with a relatively symmetric building oscillation 

may give higher hysteretic energy dissipations. For example, Tokachi Oki earthquake gives a 

relatively symmetric oscillation as shown in Fig. 12.1 and gives a higher hysteretic energy 

dissipation than that induced by the 1940 El Centro E-W earthquake as shown in Fig. 12.8 

although the maximum roof displacement caused by the former earthquake is less than that the 

latter earthquake. Similar results are found in comparing the roof displacements and hysteretic 

energy dissipations of the I8-storey frame-walls subjected to the Taft.l and Bucharest 

earthquakes as shown in Figs. 12.9 and 12.16 respectively. Tables 12.2 and 12.3 show that the 

hysteretic energy dissipation of rocking structures is much less than those with fixed bases 

while the total plastic hinge rotation may decrease or increase with the variation of the 

earthquake excitations. 

12.6 MEMBER, STOREY AND STRUCTURAL DAMAGE INDICES 

As discussed in Section 9.3 several approximate formulae for member damage indices 

are based on the expected damage mode of the member and related to a single maximum 

response, accumulation of response or combinations of these damage parameters. As mentioned 

earlier the damage index proposed by PARK & ANG (1984) with (J = 0.05 is used in this 

study_ PARK et a1.(1987) stated that to get a reasonable determination of the storey and 
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structural damage indices weighting factors need to be used. KUNNATH et al.(1990) stated 

that the weighting factor based on hysteretic energy in Eq. 9.10 is used for the weak column 

and strong beam failure mechanism and a weighting factor for the strong column and weak 

beam needs to be defined. 

For this purpose the relationship between the member curvature and member damage 

index and the variation of member hysteretic energy dissipation and member damage index are 

plotted. These relationships are required to determine which parameter strongly affect on the 

member damage index. The variations of member curvature versus member damage index of 

the 12 storey frames with fixed bases is shown in Fig. 12.17, while the relationship between 

the member hysteretic energy dissipation and member damage index is shown in Fig. 12. 18 . 

Similar relationships for the 18-storey frames and frame-walls on the flexible foundations and 

fixed bases are shown in Appendix C. 

Table 12.4 Damage Indices of the 12 and 18-storey Frames wilh Different Earthquake Excitations 

Earthquake Excitation 
No. Structural and Damage 

40EeNS 40EcEW Tok.Oki Parkf.NE Buch.NS 
Remark 

Systems 

1. The 12-storey Frames 
1.Fixed Base Found. 

a. Max.Member D.Index 0.3680 0.4550 0.3800 0.7410 0.7920 
b. Max.Storey D.lndex 0.3109 0.3742 0.3584 0.6347 0.6299 
c. Structural D.lndcx 0.2585 0.2892 0.2933 0.4572 0.4923 

2.Flex.Foundations 
a. Max.Member D.lndex 0.3250 0.4510 0.3490 0.7280 0.7520 
b. Max.Storey D.lndcx 0.2899 0.3707 0.3452 0.6105 0.6106 
c. Structural D.lndcx 0.2443 0.2841 0.2798 0.4441 0.4751 

2. The 18-storey Frames 
1.Fixed Base Found. 

a. Max.Member D.Index 0.2610 0.3360 0.2460 0.5240 0.5080 
b. Max.Storey D.lndex 0.2186 0.2689 0.2069 0.4370 0.4255 
c. Structural D.lndex 0.1698 0.2076 0.1713 0.3212 0.3368 

2.Flex.Foundations 
a. Max.Member D.Index 0.2420 0.2970 0.2390 0.5010 0.5100 
b. Max.Storey D.Index 0.2105 0.2413 0.1928 0.4201 0.4334 
c. Structural D.lndex 0.1538 0.1930 0.1476 0.3034 0.3185 

Remark: -

These figures show that the relationships between hysteretic energy dissipation in the 

member and member damage index are very scattered especially at large member damage 

indices. On the other hand, the relationships between the member curvature and the member 

damage index are very strong. Some anomalies in the relationships appear in the figures, and 

are likely due to the low amplitude cyclic reversals that cause a relatively large member 

hysteretic energy dissipation. 
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These results imply that the member damage indices are more strongly affected by the 

member curvatures than the member hysteretic energy dissipation. These results are strongly 

dependent on the selection of the member deterioration factor fJ. A relatively small (J is 

associated with a ductile member where the damage is due to an excessive member 

deformation, while the high fl corresponds to 11 brittle member where the damage is governed 

by hysteretic energy dissipation. Hence, for a ductile RC building designed for strong column 

and weak beam failure mechanism a weighting factor based on the member curvature is 

suggested. The weighting factor Ai is written as, 

(12.1) 

where rpj is the curvature of member j or the total curvature of storey j and N is the number 

of members or the number of storeys. 

The storey damage indices of the 12 and 18-storey frames with rigid joint zone length 

Z = 1.0 are shown in Figs. 12.19 and 12.23 respectively. It shows that an earthquake with low 

acceleration to velocity, a/v, ratio as given in Table. 12.1 gives higher storey damage indices 

in the lower stories than those in the upper stories. These results agree with the wall moments 

as discussed in Section 12.3 and the results reported by ZHU et a1.(1992). The storey damage 

indices of structures with flexible foundations are smaller than those of structures with fixed 

bases in all storeys and for all earthquake excitations. Varying the earthquake excitation, the 

storey damage indices decreased by the range of 2.79 % to 11.55 % with an average of 6.16 

% for the 12-storey and 4.78 % to 14.33 % with an average of 8.39 % for the 18-storey 

frames. In Fig. 12.19, the maximum storey damage index for the frames subjected to the 

Parkfield earthquake is greater than that caused by the Bucharest earthquakes. However, the 

Parkfield earthquake gives a lower structural damage index than the Bucharest earthquake 

because the structural damage index is affected by the distribution of storey damage indices in 

all storeys. Using 34 seconds of the earthquake duration, the Tokachi Oki earthquake provides 

a greater hysteretic energy dissipation than 20 seconds of the 1940 El Centro NS earthquake. 

The effect of earthquake duration will significantly affect the hysteretic energy dissipation in 

the structure and was discussed in Ref. TIO and Z3. 

As shown in Figs. 12.22 and 12.26 the structural damage indices of frame structures 

with flexible foundations subjected to different earthquake excitations are smaller by an average 
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of 4.02 % for the 12 storey frames and 8.18 % for the 18-storey frames when compared with 

those for fixed bases. Comparing Figs. 12.20, 12.21 and 12.22 for the 12-storey frames and 

Figs. 12.24, 12.25 and 12.26 for the IS-storey frames indicate that the variations of structural 

damage indices are more closely correlated with the total plastic hinge rotations than the 

hysteretic energy dissipations. 

Table 12.5 Damage Indices of the 12 and 18-storey Frame-Walls with Different Earthquake Excitations 

Earthquake Excitations 
No. Structural and Damage 

40EcEW Tok.Oki 
Remark 

Systems 40EcNS Parkf.NE Buch.NS -

1. The 12-storey Frame-Walls 
l.Fixed Base Found. 

a. Max.Member D.Index 0.2890 0.3190 0.3480 0.6620 0.5350 
b. Max.Storey D.Index 0.2694 0.2353 0.2992 0.4840 0.4723 
c. Structural D.Index 0.1948 0.1786 0.2169 0.4219 0.3632 

2.Flex.Foundations 
a. Max.Member D.Index 0.2670 0.3650 0.2790 0.5730 0.5420 
b. Max.Storey D.Index 0.2313 0.2924 0.2552 0.5177 0.4778 
c. Structural D.Index 0.1700 0.2119 0.1817 0.3914 0.3608 

Earthquake Excitations 
No Structural and Damage Remark 

Systems 40EcNS Buch.N~ 40EcEW Parkf.l Parkf.2 Taft. 1 

The 18-storey Frame-Walls 
l.Fixed Base Found. 

a. Max.Member D.Index 0.2210 0.4680 0.3270 0.4080 0.4590 0.2960 
b. Max.Storey D.Index 0.1889 0.3671 0.2489 0.3085 0.3567 0.2388 
c. Structural D.Index 0.1167 0.2488 0.1709 0.2021 0.2415 0.1542 

2.Flex.Foundations 
a. Max.Member D.lndex 0.2420 0.4290 0.2950 0.2870 0.3720 0.2770 
b. Max.Storey D.Index 0.2132 0.3333 0.2338 0.2344 0.3015 0.2493 
c. Structural D.Index 0.1377 0.2258 0.1560 0.1490 0.1991 0.1619 

Remark: -

The variation of the storey damage indices of the 12 and IS-storey frame-walls with 

different earthquake excitations are presented in Figs. 12.27, 12.31 and 12.32 respectively. In 

general, the storey damage indices decrease as the foundation flexibility increases. As shown 

in Figs. 12.30 and Fig. 12.34 the structural damage indices of structures with flexible 

foundations decreased by 0.9 % to 16.3 % for the 12-storey and 4.7 % to 26.3 % for the 18-

storey frame-walls. However, the 1940 EI Centro E-W component gave an increase in the 

structural damage index by 22.6 % for the 12 storey frame-walls and the 1940 EI Centro N-S 

and Taft. 1 earthquakes caused an increase in structural damage indices by an average of 11.25 

%. As mentioned previously, the spectral characteristics of earthquakes significantly affect the 

structural responses. The effect of acceleration to velocity ratio on the structural responses 

cannot clearly be identified because the earthquakes are not uniformly normalized as carried 

out in Ref.T12, T20, Z6, Z7 and Z9. 
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12.7 OVERALL RESPONSE QUANTITIES OF STRUCTURES 

12.7.1 Base Shear 

The base shear of the 12-storey frames and frame-walls with flexible foundations are 

smaller than those for the flXEul base foundations as the earthquake excitations is varied as 

shown in Figs. 12.35 and 12.36 respectively. These agree with the previous discussion and 

confirm both the experimental and analytical investigations discussed in Chapter II. The base 

shear decreased by an average of 1.82 % and 8.76 % for frames and frame-walls respectively. 

This shows that the stiffer structures such as frame-walls are more affected by foundation 

flexibility than are: frame structures. This result implies that the soil-structure interaction is 

more significant for relatively stiff structures. 

12.7.2 Plastic Hinge Rotation of Column and Wall Bases 

The variation of column base and wall rotations as the earthquake excitations are varied 

for both types of foundations ofthe 12 and 1S-storey frame-walls are shown in Figs. 12.37 and 

12.38 respectively. In relatively small earthquakes, the column base plastic hinge rotations in 

the frame-walls with flexible foundations are relatively high due to rotation of the wall footings. 

Examples of the moment versus curvature relationships of columns and wall bases are shown 

in Figs. 10.81, 10.82, 10.83 and 10.84 respectively. For fixed base structures the column 

plastic hinge rotations are relatively small or even fully elastic because a large amount of the 

flexural force is resisted by the walls. Examples of the moment curvature relationships of 

columns and wall bases are shown in Fig. 10.77, 10.78, 10.79 and 10.80 respectively. 

During a large earthquake, the column plastic hinge rotations of the frame-walls with 

fixed base foundations are larger than those for flexible foundations. This is because the fixed 

base columns have already undergone large inelastic deformations and the rotation of the 

foundation footings as shown in Fig. 12.43 slightly reduce the plastic hinge rotation of the 

column bases. However, at what earthquake level the rotation of the column bases of the 

structure with fixed bases exceeds than that of the flexible foundations is difficult to defme. 

Compared with the laboratory tests reported by WATSON and PARK (1994) the maximum 

column base rotations of 0.0145 radians seen in Fig. 12.37 are nearly the ultimate rotation. 
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12,7.3 Vertical Displacement of Footing Foundation 

The footing foundation impedances are functions of the foundation geometlY. 

Decreasing the soil contact due to footing foundation lift-offwill cause an reduction in the soil

foundation impedances. Checking the soil-foundation status during the loading history is 

necessary. The history of the vertical displacement of the outer tips of the footing of the 18-

storey frame-wall foundations subjected to the 1940 El Centro N-S component with the 

differing soil shear modulus G is shown in Fig. 12.44. It shows that there are different values 

of initial vertical displacements due to the difference of the vertical stiffnesses of the soils. The 

smaller initial displacement due to the larger vertical stiffness of the soil may lead to foundation 

tip lift-off as shown in the figure. The durations and the amounts of vertical tip lift-off are 

relatively small compared with the earthquake duration and the effects on the structural 

response are negligible. 

The outer tip vertical displacement histories of the wall footings of 12 and 18-storey 

frame-walls footings subjected to different earthquakes are shown in Figs. 12.45 and 12.46 

respectively. The initial vertical displacements are equal because they used the same soil 

vertical stiffnesses. The effect on the structural response of a relatively small foundation tip lift

off when subjected to the 1977 Bucharest N-S component are also insignificant. 

12.7.4 Fundamental Period of Structures 

The ratio of fundamental period of free vibration of structures Tl and the number of 

storeys N versus number of storeys for the 12 and 18-storey frames and frame-walls are shown 

in Fig. 12.39. It shows that the ratio tends to decrease as the number of storey and the stiffness 

of the superstructure increases. There is scatter because of involvement of the effects of 

foundation flexibility, rigid j oint zone lengths, soil shear strains, shear moduli and the number 

of frames. As with the results reported in experimental and analytical investigations discussed 

in Chapter II, the flexibility of the foundations cause an increase in the fundamental period of 

the structures. 

The variation of structural fundamental periods with respect to building height Hb 

including the results reported in Ref. DB and C17 are shown in Figs. 12.48, 12.49 and 12.50 

respectively. The fundamental period T. of structures with flexible foundation according to Eq. 

6-3 of the ATC 3-06 (1978) appears to overestimate when compared with results of this study 
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especially for intermediate soils as shown in Figs 12.48 and 12.50, but relatively close for soft 

soils as indicated by cross mark shown in Fig. 12.50. The RC structures as reported in 

Ref.Cl7 seem stiffer than those in this analysis. The ratio of the fundamental period of the 

structures on the flexible foundations and on the fIxed bases are shown in Fig. 12.47. Again, 

the stlUctural fundamental period ratio suggested by ATC 3-06 (1978) overestimates the result 

of this study. Fig. 12.47 also shows the structural fundamental periods normalized in terms 

Hbo.7s
• They show that these normalized value are almost constant in every type of bUilding. 

Hence, the structural fundamental period of structures can be expressed in terms of 1\0.75 by 

a coefficient. These fundamental periods Tl of inelastic RC structures can be expressed by the 

relationships, 

T = C HII.?S 
1 t f; 

(12.2) 

where Hb is the height of building in metres, C t is a coefficient depending on the types of 

foundations and structural lateral load resistance system and Tl in seconds. The value of ~ = 

0.145 and 0.130 for frames and frame-walls with fIxed base foundations respectively are 

suggested. In the case of structure with flexible foundations the value of ~ = 0.160 and 0.155 

are suggested for frames and frame-walls structures. 

12.7.5 Coefficients of Wm 

As discussed in Section 12.6 the member damage index is dependent on the member 

energy dissipation and the member curvature. However, the result of this study indicates that 

member damage indices are strongly correlated with the member curvature. For simplicity, the 

member damage index can, therefore, be conveniently expressed in terms of member curvature 

with the linear relationship as, 

(12.3) 

where DIm is the member damage index, Wm is a coefficient and cPm is the member curvature. 

A linear regression on the relationships between the mem~ damage indices and 

member curvature as shown in Fig. 12.17 and Figs. C.l, C.3, C.S, C.7, C.9, C.lt and C.12 

have been made. Regressions cover 480, 760 and 912 member damage indices and earthquake 

excitations for the 12 and 18-storey frames and wall-frames respectively. In all structural and 

foundation systems, the regression lines almost exactly pass through the origin, meaning that 

no member damage at zero member curvature. It will be proved latter that the member damage 
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index can be linearly correlated with the member curvature by the coefficient Wm • These 

coefficients and the corresponding coefficient correlations are presented in the following table. 

Table 12.6 Coefficient Wm 

Fixed Base Foundations Flexible Foundations 
No. Str. Systems 

Coeff. Wm coer. VaT. CodY. Wm Coef.Var. 
Average Wd 

1. Frame Structures 

a. 12-Storey 12Jl99 0.9956 12.916 0.9930 
13.25 

b. 1 B-storey 13.910 0.9527 13.702 0.9589 

2. Frame-Walls 

s. 12-storey 10.705 0.9527 11.100 0.9442 
10.50 

b. 18-storey 9.664 0.9294 10.620 0.9776 

The table shows that the coefficients of correlation are nearly unity. Results of at-test 

based on the statistical analysis concluded that the member damage indices are linearly 

correlated with member curvatures. As in Section 12.6 using a relatively small value of {3 = 

0.05 causes the damage indices to be strongly correlated with the member deformations. The 

coefficient Wm for frame structures as given in the above table may give an upper bound value 

because the member damage indices are based on a rigid joint length Z = 1.0 

12.7.6 Overall Drift (OD) Wld P.Hinge Rotation Relationships 

As discussed in Section 12.5, the roof displacements and total plastic hinge rotations 

seem to have a strong relationship between them. Fig. 12.41 shows the variation between 

overall drift and total plastic hinge rotation results from all building prototypes subjected to the 

various earthquake excitations. Overall drift, aD, is defined as the ratio between the roof 

horizontal displacement and height of the building Hb in percent ( % ). In general, the figure 

shows that the total plastic hinge rotation increases significantly as the overall drift increases. 

This relationship impl~s that both the roof horizontal displacement and the plastic hinge 

rotations are equally important as damage parameters in the inelastic analysis of RC structures. 

The relationship seems stronger in the case of frame-walls than for frame structures. This is 

because the effect of higher modes on the top floor displacements are more significant in the 

more flexible structures. The figure shows that the total plastic hinge rotation in radians for 

each direction can be estimated by, 
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(12.4) 

where PH~ is the total plastic hinge rotation in each direction, u\ is a coefficient as given in 

Table 12.7 and OD is overall drift in percent ( % ). 

The coefficients W t as given in Table 12.7 indicate that with the same earthquake 

excitations, frame structures exhibit greater total plastic hinge rotations than frame-walls. 

Similarity, a structure with a fIXed base has greater plastic hinge rotations than structures with 

flexible foundations. These agree with the results discussed in previous sections. 

Table 12.7 Coefficient Wt and Ws 

Fixed Base Foundations Flexible Foundations 
No. Str. Systems Coeff. lilt Coeff.Var. Coeff. W. Coeff.Var. Remark 

1. a. Frame-Walls (Z = 0.5) 0.362 "'" 0.36 0.8880 0.331 ".. 0.33 0.8987 
b. Frames (Z = 1.0) 0,483 "" 0.48 0.8206 0.471 "'" 0.47 0.8693 

No. Str. Systems Coeff. Iil. Coeff.Vae. Coeff. "'. Coeff.Var. 

1. a. Frame-Walls (Z = 0.50) 0.2746 ,.. 0.275 0.9688 0.2478 .. 0.250 0.9460 
b. Frames (Z = 1.0) 0.3784 "" 0.380 0.9663 0.3773 "" 0.375 0.9678 

12.7.7 Overall Drifts and Structural Damage Index Relationships 

As shown in Fig. 12.41, the plastic hinge rotations are strongly correlated with the 

overall drift. As discussed in Section 12.6 the member damage indices are linearly correlated 

with the member curvatures. The relationship between the structural damage indices and overall 

drifts is shown in Fig. 12.42. These structural damage indices result from aU building 

prototypes and earthquake excitations. It shows that, in general, the structural damage indices 

are also linearly correlated with the overall drifts. Two different slopes appear in the figure. 

The square marks correspond to full rigid joint lengths of the 12-storey frames. The effect of 

this full rigid joint length on the damage indices of the 12-storey frames is very significant. 

Using a linear regression analysis the structural damage index can be estimated by the formula, 

(12.5) 

where DIs is the structural damage index, w. is a coefficient as given in Table 10.17 and OD 

is the overall drift in percent (%). 
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The regression line for the structural damage indices almost exactly pass through the 

origin, meaning no structural damage is found at zero overall drift. As given in the table the 

coefficient of variation of these relationships are relatively high. The result of a statistical 

analysis concluded that the structural damage index is linearly correlated with the overall drift. 

The plus and cross marks in the figure correspond to the 12-storey frames with the rigid joint 

length Z = 0.0 and 0.5 respectively. The coefficient w. for these structures may be lower than 

that given in Table 12.7. These results indicated that effects of rigid j oint length on the 

structural response of relatively low frames are significant and need to be comprehensively 

investigated. 

12.8 SUMMARY AND CONCLUSIONS 

The base shear of structures on flexible foundations and fixed bases varies with the 

earthquake excitations. The base shear resisted by a walls may be several times than that 

resisted by a frame. The decrease in the base shear due to the flexibility of the foundations is 

more obvious in relatively stiff structures such the frame-walls. The foundation flexibility 

redistributes the maximum wall moment from the lower storeys to the middle storeys in almost 

all earthquake excitations. 

The maximum calculated inter-story drifts may less than the limit value specified in 

NZS 4203: 1992. The storey plastic hinge rotation tends to increase as the inter-storey drifts 

increase. The beam curvature ductility demands of structure with flexible foundations, in 

general, are smaller than those with fixed bases. The maximum value of beam curvature 

ductility demands are 18.88 and 17.89 for fixed bases and flexible foundations respectively. 

In ductile RC members these values can be easily provided. 

The flexibility of the foundations may cause an increase or decrease in the total plastic 

hinge rotations of the 12 and I8-storey frame-wall structures as the earthquake excitations are 

varied. The total plastic hinge rotations, in general, were linearly correlated with the roof 

horizontal displacement. The storey plastic hinge rotation tends to increase as the inter-storey 

drifts increases. 

The hysteretic energy dissipation of structures with flexible foundations is much less 

than those with fixed bases especially for the frame-wall structures. The opposite results are 
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found for the viscous energy dissipation. The total hysteretic energy dissipations are affected 

by the magnitude of the roof displacement and type of structural oscillation. Considering the 

effect of foundation flexibility on the structural deformation and hysteretic energy dissipation 

as with in Chapters IX and X, the use of the energy-based damage model as a single parameter 

for describing the structural damage indices becomes less meaningful. 

Using a relatively small value of {3 in the PARK & ANG (1984) damage indices for the· 

strong column-weak beam failure mechanism indicated that the member damage indices were 

strongly correlated with the member curvatures. The storey damage showed a similar 

correlation with the beam curvature ductility demands. The use of weighting factors based on 

the member curvatures for the calculation of storey and structural damage indices was 

suggested. 

The member, storey and structural damage indices of structures with flexible 

foundations, in general, were smaller than those with fixed bases except for a structure under 

a particular earthquake as mentioned earlier. The frames suffered greater damage than the 

frame-wall structures as the earthquake excitations are varied. 

The total plastic hinge rotations and the structural damage indices were strongly 

correlated with the overall structural drifts. The relationship for the frame-wall structures were 

more strongly affected by the type of foundation than that for the frame structures. Hence, the 

total plastic hinge rotations and top floor displacements were equally important in describing 

the overall damage to the structures. The structural fundamental period of the inelastic response 

of building structures can be approximated in terms of the building height. The approximate 

formula for the structural fundamental period of structure on the flexible foundation suggested 

by ATC 3-06 (1978) is an overestimate for structure on intermediate soils. 



Chapter XIII 

The Analysis and Design Recommendations for Rocking 

Structures 

13.1 INTRODUCTION 

The effects of a rocking foundation on the inelastic structural response of frames and 

wall-frame structures have been investigated and discussed in the preceding chapters. The 

inelastic structural responses include the most common damage indicators such as the member 

moments and shear forces, the roof horizontal displacements, the base shear forces, the inter

storey drifts, the beam curvature ductility demands, the total plastic hinge rotations and damage 

indices. The investigations also involved looking at the effects of rigid joint zone lengths, soil

shear strains, soil shear moduli, the numbers of frames in the frame-wall buildings, the 

different earthquake excitations and the hysteresis rules used for the inelastic members. 

In structural analyses it is often assumed that the structures are fixed at their bases. 

This assumption is not valid for a relatively stiff structure supported by a relatively soft soil. 

The errors are compounded by the assumptions concerning the lateral constraint on the 

foundation which is discussed in this chapter. 

The effects of the interaction between walls and frames on the design of walls of 

frame-wall structures still lacks attention. The current design procedures for structural walls 

in frame-wall structures, as discussed in Ref.P18, is based on a free-standing wall. This model 

is inadequate for frame-wall structures supported by a flexible soil-foundation system. In this 

chapter, a new design procedure is proposed. 

The foundation footing of the structural wall will rotate significantly during an 

earthquake excitation. It is possible that this rotation may lead to lift-off of part of the footing 

especially when of wall gravity load is smaiL This lift-off phenomenon decreases the soil-

352 
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foundation stiffness and affects the structural responses. Hysteresis rules for the soil-foundation 

stiffnesses, taking into account lift-off, are developed and discussed in this chapter. 

13.2 THE BUILDING'S LATERAL FIXITY 

The equivalent static lateral force at each floor level, as specified by the building codes, 

is a function of its floor height. NZS 4202: 1992 states that the height of the floor level is 

measured from the level that provides lateral restraint Of lateral fixity of the building. 

Unfortunately the location of this fixity level is not clear. It is common to assume that the 

ground level is able to provide the lateral restraint of the building, accordingly, the floor level 

height is measured from the ground surface. In the case of multistorey building frames 

supported by surface foundation footings this assumption seems logical. However, some 

building codes strongly recommend the use of embedded foundations rather than surface 

foundations. The effect of variation of the location of the building lateral fixity, therefore, 

needs to be investigated. 

Four types of structure supported at different levels, namely the frames and frame-wall 

buildings fixed at ground level, at footing level, supported by flexible soil-foundations and 

flexible foundations with stub columns, denoted by SFix, LFix, LFlex and SCFlex respectively, 

are investigated by comparing the building response quantities. These foundations are shown 

in Fig. 11.50. The SCFlex is similar with LFlex but possesses additional beams and slabs 

located at the ground surface and assumed to be in full contact with the ground surface. The 

effect of SCFlex on the response quantities are only investigated for the l2-storey frames and 

frame-walls respectively. The soil shear-moduli, earthquake excitations and other soil 

properties, as used in the preceding chapter, are used here as wel1. 

13.2.1 Frame Structures 

The response quantities compared are the total base shears, the maximum beam 

curvature ductility demands, the total plastic hinge rotations, the hysteretic energy dissipation 

and the member, storey and structural damage indices. These response quantities are presented 

in Table 13.1 and 13.2 respectively. 

The base shear of the 12 and l8-storey structures subjected to different 

eal1hquake excitations are shown in Fig. 13.1 and 13.2 respectively. Table 13.1 shows that the 
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base shears of the LFix and LFlex structures only differ by an average of 4.12 % and 2.24 % 

for the 12 and IS-storey frames respectively. The base shear of the SCFlex is only 2.85 % 

different from the SFix structures. Assuming that the SFix condition for the frames with 

embedded foundations leads to an overestimation of the base shear by an average of 16.46 % 

and 8.41 % for the 12 and 18-storey frames respectively. A shortening of the first storey height 

causes a larger increase in the of structural base shear. 

The beam curvature ductility demands of SFix, LFix, LFlex and SCFlex of 

the 12 and IS-storey frames are shown in Fig. 13.5 and 13.6 respectively. These beam 

curvature ductility demands are not very sensitive to the foundation types. In Table 13.1, the 

beam curvature ductility demands of LFix are relatively closer to those of LFlex than the 

SFix condition. The beam curvature ductility demands for the SCFlex only differs by an 

average of 1.8 % from the SFix frames. Again, taking frames with embedded foundations 

as SFix structures, gives an overestimation in the results. 

In some earthquakes, the effects of foundation type on the total plastic hinge 

rotations gives inconclusive results, see Table 13.1, Figs. 13.9 and 13.10 respectively. The 

total plastic hinge rotation of the SCFlex and SFix frames only differs by an average of 2.22 

%. Similar inconclusive results are found for the hysteretic energy dissipation for the 12 and 

18-storey frames, as shown in Figs. 13.13 and 13.14 respectively. In the 12-storey frame 

the hysteretic energy dissipation for the SCFlex case only differs by an average of 3.64 %. 

In general, the LFix frames give results closer to the LFlex than SFix structures and the 

SCFlex frames provide response quantities closer to the SFix frames. 

The maximum member, storey and structural damage indices of the 12 and 

18-storey frames are given in Table 13.2 or shown in Figs. 13.17 and 13.18 respectively. 

The damage indices of the SFix and LFix structures are relatively close. In general, with 

respect to LFlex structures, the SFix structures overestimate the damage indices when 

compared with the LFix structures. Again, the SCFlex frame gives damage indices closer 

to the SFix frame structures. 

It is clear from these results that in all structural response quantities the LFix 

structures provide results closer to the LFlex than those shown by the SFix structures. The 

SCFlex gives results closer to the SFix frame structures. The differences in structural 



Table 13.1 Damage Indicators and Damage Indices of the Frame and Frame-WaH Structures 

Earthquake ExcilaliOnfi % Different 
No. Structural Resp. Respect to 

!llld Str. System 40EcNS Tok.Oki 40 Buc.h.NS LFI..e:!<. 

l. Ba.B<) Shear (TOWle) 
n.12 SI.Prnme 
1. SFix. 127.17 121.74 12&.26 153.73 141.30 16.46 
2. LPix. 10S.00 111.40 118.50 137.70 127.60 4.12 
3. LFlex. 98.50 109.80 115:20 134.30 12&.40 
4. SCFtex. 126.70 118.47 127.17 144.60 135.86 2.3S 

h.IS St.Pmme 
1. SPix. 1411.91 146.64 146.74 192.54 172.46 11.41 
2. LPix. 142.39 135.44 13S.04 1110.59 165.12 2.24 
3. LFlex. 139.61 132.10 137.10 174.60 161.20 -

c.12 St.P-W"lIs 
1. SPix. 2384.33 1990.53 1963.76 3026.12 2051.44 32.21 
2. LPix. 2114.00 1937.33 15116.27 2731.30 1636.20 15.32 
3. LFlex. 1823.00 1514.50 1392.70 2440.30 1521.71 -
4. SCFtex. 1891.05 1502.90 1489.27 2664.18 1641.30 8.30" 

2. Curv .DucI.DellWl.ds 
a.12St.Prome 
1. SFiK. 11.16 11.06 13.05 22.10 23.62 11.S4 
2. LPix. 10.38 10.47 12.81 21.15 22.31 6.44 
3. LFlex. 9.69 10.35 12.1I 19.35 20.33 -
4. SCFtex. 10.91 10.31 13.31 22.13 22.86 UUf 

h.18 St.Fcnme 
1. SPix. 7.64 7.33 9.73 15.51 15.60 10.44 
2. LPix. 7.44 6.S0 9.67 15.07 14.65 6.18 
3. LFlex. 6,88 6.68 8.52 14.09 14.56 -

c.12 SI. P-Wruln 
1. SPix. 9.55 9.76 11.81 19.35 15.05 28.63 
2. LPix. 8.04 9.55 9.10 18.88 14.94 18.91 
3. LFlex. 6.49 7.48 10.35 17.89 15.21 -
4. SC'FIex. 7.92 7.89 9.58 18.96 14.82 5.04' 

3. n.p1.R.Rol.(O.OO 1 Red) 
11.12 SI.Frame 
1. SPix. 41o.s2 442.73 394.81 771.86 870.53 10.22 
2. LPiJ(. 401.93 446.05 399.49 748.59 800.93 7.58 
3. LFlex. 34l.82 42.2.71 384.31 718.58 748.93 -
4. SCFtex. 393.00 423.92 389.96 751.15 1lO6.33 2.z:t 

h.IS St.Prnme 
1. SPix. 429.37 439.29 473.94 856.49 944.32 9.72 
2. LPix. 417,94 409.51 <Ul9.22 835.13 952.16 7.72 
3. LFlex. 392.67 357.16 460.2S 784.97 906.33 -

c.12 SI.P-Walls 
I. SPill:. 312.40 390.75 282,95 821.57 799,96 9.30 
2. LPix, 345,35 377.81 309.63 825.60 767.23 6.27 
3. LFlex. 32S.71 336.66 365.72 798,93 733.54 -
4. SCFtex. 340.27 354.30 321.65 800.66 740.03 3.6d' 

4. Ry81. Energy (Tin) 
11.12 St.Prome 
1. SPix. 28.89 51.20 25.17 46.51 54.44 16.70 
2. LJTIX. 26.69 4<5.27 24.64 47.4<5 49.56 10.26 
3. LFlex. 23.71 40.68 22.58 43.31 46.52 -
4, SCFtex. 25.40 43.79 23.71 45.26 49.27 3.64' 

h.lS St.Frrune 
1. SPill:. 32.87 42.58 33.78 67.77 69.77 17.86 
2. LPix. 31.20 35.95 34.94 64.92 67.96 11.08 
3. LFlex. 27.80 27.57 33.53 61.76 65.63 -

c.12 St.F-Walla 
1. SPix. 244.44 422.22 211.11 525.93 551.U5 34.33 
2. LFix. 307.46 402.96 195.90 518.65 537.31 29.30 
3. LFlex. 172.00 200.00 154.50 426.69 385.01 -
4. SCFtex. 227.58 252.94 166.67 459.85 423.23 20.90' .-

nemar\c; • : with respect to SPill: I.\.£lll LPix for the framea wul frll.llllrwalls reII]JCCtiveiy. 
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response between LFix and LFlex and between SCFlex and SFix in the frame structures are 

relatively small. Accordingly, the. assumption of the structural lateral fixity at the level of 

ground surface and foundation footing for stub column frame structures and frame structures 

supported by embedded foundations respectively, are still acceptable. 

13.2.2 Frrune-Wall Structures 

The base shear of the 12 and 18-storey frame-walls are shown in Figs. 13.3 and 

11.4 respectively . Unlike the frame structures, the effect of the foundation types referred to as 

SFix, LFix, LFlex and SCFlex on the structural responses are relatively significant. With 

respect to the LFlex structures, the LFix structures show an average increase in the base shear 

by 15.2 % and 21.6 % for the 12 and IS-storey frame-wall structures respectively. The 

assumption of the SFix foundation causes an average increase in the base shear by 32.21 % and 

40.96 % for the 12 and IS-storey frame-walls respectively. It shows that relatively stiff 

structures with a small first storey height show a marked increase in the base shear. With 

respect to LFix, the base shear of 12-storey frame wall SCFlex structures shows an average 

different of 8.3 %. 

The beam curvature ductility demands of the 12 and I8-storey frame-walls are 

shown in Figs. 13.7 and 13.8 respectively. The effects of the foundation type is not significant 

except for the 18-storey frame-walls subjected to Parkf.1 and Parkf. 2 ground accelerations. The 

maximum curvature ductility demands are 19.35 and 14.17 for the 12 and IS-storey structures 

respectively. These maximum beam curvature ductility demands are still within the ductility 

capacity of the bearns. As with the previous results and there shown in Table 13.1 the SCFlex 

of the frames and frame-wall buildings provide beam curvature ductility demands closer to 

those of the SFix frames and LFix frame-walls respectively. 

The total plastic hinge rotation of the 12 and I8-storey frame-walls are shown 

in Figs. 13.11 and 13.12 respectively. With respect to the LFlex structures, the LFix structutes 

show an average increase in the total plastic hinge rotation of 6.27 % and 14.65 %, whereas 

a 9.3 % and 21.97 % differences respectively are found for the SFix structures. The total 

plastic hinge rotation of the SCFlex give an average difference of 3.6 % when compared with 

the LFix frame-wall structures. It shows that, in general, the SFix structures suffer greater 

damage than the LFix or LFlex structures. 
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The hysteretic energy dissipation ofthe 12 and IS-storey frame-walls are shown 

in Figs. 13.15 and 13.16 respectively. The hysteretic energy dissipation for the LFlex and 

SCFlex structures is much less than the SFix or LFix structures for all earthquake excitations. 

The difference in the hysteretic energy dissipation between these types of foundations as shown 

in Figs. 13.15 and 13.16 is almost independent of the earthquake excitations. The hysteretic 

energy demand of the 1S-storey frame-walls with fixed bases is more than double that for those 

with flexible soil-foundations, while the maximum period shift due to foundation flexibility is 

only 20 % as discussed in Section 12.7.4. 

Table 13.2 Damage Indicators of Lhe Frames and Frame-Wall Structures 

Earthquake Excitations % Increase 
Structural Resp. 

No. and Str. System 40EcNS Buch.NS 40EcEW Park.f.1 Park.f.2 
Respect to 

LFLex. 

1. 18-St. Frame-Walls 
a.Base Shear 
1. SFix. 3399.25 2605.06 2380.43 3492.53 4130.55 40.96 
2. LFix. 3257.45 2368.23 2070.88 2865.70 3302.17 21.60 
3. LFlex. 2624.30 2299.20 1960.90 2130.40 2344.10 -

b.Curv.Duct.Dmd. 
L SFix. 6.02 13.36 9.37 12.68 14.17 27.17 
2. LFix. 6.50 13.15 9.21 11.69 13.13 20.80 
3. LFlex. 6.79 12.12 8.46 8.23 10.59 -

c.P.H. Rotation 
1. SFix. 301.83 637.10 413.69 512.86 694.26 21.97 
2. LFix. 275.48 584.23 422.81 499.84 642.59 14.65 
3. LFlex. 339.88 548.85 436.51 407.33 559.44 -

d.Hyst.En.Dissp. 
1. SFix. 238.80 462.96 255.23 361.48 551.85 130.74 
2. LFix. 226.67 421.65 266.42 333.61 500.00 116.94 
3. LFlex. 142.53 180.90 134.30 123.10 -223.80 -

e.Struct.D.Ind. 
1. SFix. 0.1137 0.2455 0.1655 0.2221 0.2631 15.60 
2. LFix. 0.1167 0.2478 0.1709 0.2121 0.2415 13.56 
3. LFlex. 0.1377 0.2258 0.1560 0.1490 0.1991 -

Struct. System 40EcNS Tok.Oki 40EcEW Parkf.NE Buch.NSC 

2. Struct. D.Index 
a.12 St.Frame 
1. SFix. 0.2673 0.2940 0.2845 0.4658 0.5111 12.27 
2. LFix. 0.2585 0.2933 0.2892 0.4572 0.4923 6.86 
3. LFlex. 0.2443 0.2789 0.2841 0.4441 0.4751 -

b.18 St.Frame 
1. SFix. 0.1760 0.1832 0.2067 0.3327 0.3454 5.49 
2. LFix. 0.1698 0.1713 0.2076 0.3213 0.3368 3.84 
3. LFlex. 0.1538 0.1476 0.1930 0.3034 0.3185 -

c.12 St.F-Walls 
1. SFix. 0.1857 0.2151 0.1692 0.4188 0.3752 9.76 
2. LFix. 0.1948 0.2169 0.1786 0.4219 0.3632 9.26 
3. LFlex. 0.1700 0.1817 0.2119 0.3914 0.3608 -

Remark: -
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This is evidence that the soil-foundation system may dissipate a considerable amount of energy; 

an phenomenon that does not exist for the fixed base structures. 

The maximum member, storey and structural damage indices of the SFix, LFix and 

LFlex foundations for the 12 and is-storey frame-walls are shown in Figs. 13.19 and 13.20 

respectively. In general, the structures with fixed base foundations, either SFix or LFix, suffer 

more damage than the flexible soil-foundation structures. The figures show no significant 

difference of the damage indices between the SFix and LFix structures when compared with 

the LFlex structures. 

The effect of foundation type on the structural response quantities of frame-wall 

structures are more significant than for the more flexible frame buildings. There is a little 

difference between LFix and LFlex structures for most response quantities such as beam 

curvature ductility demands, total plastic hinge rotations, hysteretic energy dissipation and 

damage indices. However, a significant difference is found between the SFix and the LFlex 

foundation. In most response quantities, the SCFlex gives closer results to the LFix than the 

others. It is difficult to approximate the location of the lateral fixity for frame-walls when 

compared with frame structures. In the case of the frame-wall structures supported by 

embedded flexible foundation footings the LFix conditions provide a slightly better prediction 

of the structural response quantities than does the SFix conditions. For frame-waH structures 

with stub columns (SCFlex) the assumption of the structural lateral fixity at the level of the 

foundation footing (LFix) gives better prediction on the response quantities than if the fixity 

is assumed to be at the ground surface. 

13.3 THE WALL DESIGN MOMENT ENVELOPES OF FRAME-WALL 

STRUCTURES 

In Ref.P18 it was stated that the design moment envelopes for the walls of frame-wall 

structures were similar with the design moment envelopes for a free standing cantilever wall. 

The only difference was in providing a slightly higher flexural resistance in the upper stories 

to overcome the possibility of reversed moment predicted by an elastic analysisP1B
• 

As shown in Figs. 12.3 and 12.11, the distribution of the wall bending moments up the 

height of frame-wall structures with flexible foundations are significantly different from those 

from an equivalent static analysis of a free standing cantilever wall. The wall moments 
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normalized with respect to wall base maximum moments computed from an equivalent static 

analysis, for the 12 and IS-storey frame-walls are shown in Figs. 13.21 and 13.22 respectively. 

It shows that the normalized moments are much higher than the design envelopes especially at 

the middle height storeys. 

A number of analyses of the inelastic response of the walls in the 12 and IS-storey 

frame-walls have been carried out. Walls with barbel cross sectionll8 were designed using the 

approximate formulae as discussed in Section 3.5.3 with the wall height to length ratios are 

9.03 and 8.94 for the 12 and IS-storey frame-walls respectively. According to Ref.P18 the 

slenderness of these walls are considered as moderate. The effective wall moment of inertia lwe 

as suggested in Ref. P 18 was used. The design assumed that the walls carried the full wall 

gravity load. The results from the Parkfield N-E component earthquake indicated that some 

walls yielded in the middle storeys as shown in Figs. 13.23 and 13.24 respectively. The 

examples of wall hysteretic flexural responses of the 12 and 18-storey frame-walls are shown 

in Fig. 13.25 and 13.26 respectively and show significant plastic yielding occurring in the wall. 

Similar results were discussed in Ref.B27. 

To protect these structural walls from yielding, a proposed wall moment envelope for 

frame-wall structures with fixed bases and flexible soil-foundations were developed and are 

shown in Fig. 13.27. The dotted and dashed lines are the design envelopes presented by Refs. 

PI8 and B27 respectively. It shows that the proposed design envelope for frame-wall structures 

supported by flexible foundations is smal1er in the lower stories and higher in the upper stories 

when compared with the design envelopes in Ref. B27. 

A number of analyses of for the 12 and 18-storey frame-walls designed to the proposed 

wall moment envelopes subjected to the Parkfield N-E and the Bucharest N-S component 

earthquakes have been conducted. Results indicate that no wall plastic hinges occur on the 

middle height storeys of either buildings. The examples of the moment-curvature relationships 

at the wall base of the 12 and IS-storey frame-walls with fixed and flexible foundations 

subjected to Parkfield N-E earthquake are shown in Figs. 13.28, 13.29 13.30 and 13.31 

respectively. Fig. 13.31 shows that the base walls remain elastic. The maximum wall 

curvatures are still much less than 0.03 rad/m i.e the available maximum wall curvature from 

the laboratory tests reported in Ref.G9. 
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The effect of the wall gravity load on the inelastic response was also investigated. The 

structural wall was designed using the present design envelopes and with one-half of the wall 

gravity load. The effect of the wall gravity load on the wall footing rotation of the 12-storey 

frame-walls subjected to Parkfield N-E component is shown in Fig. 13.32. Full and Half in the 

figure correspond to the structural walls with full and one-half of the applied gravity load 

respectively. It shows that using one-half of wall gravity load, the wall footing rotation is 

almost double that associated with the full gravity load. An increase in the waH footing rotation 

causes an increase in the wall moment especially in the middle height storeys as shown in Fig. 

13.33. This is similar to the effect of flexible soil-foundation on the wall moment discussed in 

the preceding Chapter. It shows in Fig. 11.34 that some plastic hinging occurs in the middle 

storeys when the structural wall was designed using the present design moment envelopes. Fig. 

13 .35 shows a moment curvature relationship where a significant plastic deformation has 

developed. No plastic hinge was found on the upper stories when the structural wall was 

designed to the proposed moment design envelopes. 

13.4 THE HYSTERESIS RULES FOR SOIL-FOUNDATION IMPEDANCES 

Fig. 13.32 shows that the effect of the gravity load on the wall base node rotation is 

very significant. The higher wall footing rotation results in a significant lift-off of the footing 

foundation of the 12 and 18-storey frame-walls as shown in Figs. 13.36 and 13.37 respectively. 

These figures correspond to the vertical displacement of wall footing tip where the walls carry 

one-half of the gravity load. This loading condition may occur when the structural walls are 

located as the outer plane-frames in the structures. It shows that the effects of the gravity load 

on the lift-off of the wall footings are very significant. The high frequency impact effects do 

not appear such as in the case of rigid bases or in the results of laboratory tests of the two 

spring model discussed in Ref.C7 and H8. 

An increase of the footing rotation may cause tip lift-off in one side and deeply 

penetrate the soil on the other side. This will cause an increase in the soil stress and decrease 

the length of contact between the soil and footing. The soil-foundation impedance may then 

decrease because the soil foundation impedances depend on the contact geometry between the 

soil and footing. This effect can be referred to as a geometric non-linearitj8. A decrease in the 

soil-foundation impedance will affect the structural responses. 



o.os 

0.04 

0.02 

:g 
.... 
c: 
III 
E 
" " 0 '" "5. 

.!!! 
0 

t:: 
OJ 

> 
-0.02 

-0.04 

·0.06 

0.02 

0.01 

0 

:g ... 
c 
" E 
'" " ·0.01 " Q. 
.!!! 
c 
e .. 
> 

·0.02 

-0.03 

-0.04 

'\ 
1\ ... 
! \ 
! 

370 

Pa,kf.NE 

G420, FW12RZ 
Mod. Takeda 

fig. 13.36 Vertical Dispacements of Wall Footing Tips 

f\ 
Buch.NSC 

Pa'kf.NE 

G540.fW18RZ 
Mod. Takeda 

fig. 13.31 Vertical Dispacements of Wall Footing Tips 



371 

The geometry of lift-off of the footing is shown in Fig. 13.38. The 1;0 and ¢p are the 

angles of rotation when the footing starts to lift-off and the soil starts to yield respectively. 

Assuming that the static contact pressure and deformation of soil follows an elasto-plastic 

relationship, according to Ref.E24 the footing rotation ¢p can be computed by, 

(13.1) 

where, 

(13.2) 

where SF is the static soil bearing capacity safety factor, Wo is the initial vertical displacement 

of the foundation and B is the total length of the footing. 

Eq. 13.1 shows that when SF is equal 2 the soil yield stress and the footing lift-off will 

commence simultaneously, whereas when SF is greater than 2 soil yield will occur after the 

outer tip of the footing lifts-off. From the static equilibrium between the applied moment and 

vertical load, the footing length contact when the soil commences to yield is, 

11' = [~:] (13.3) 

The corresponding vertical displacement at the centre of the footing is, 

(13.4) 

Taking into account the effect of the foundation lift-off on the structural responses, the 

analytical solution of the lift-off equations of motion as carried out in Ref.C3, C4, C7, S9 and 

510 or as discussed in Chapter II can be used. In terms of an engineering application, this 

approach is not simple because the equations are complicated and highly nonlinear. Ref. J8 

used an embedment coefficient and effective width ratio of the footing for taking into account 

the effect of geometric non-linearity. The approximate soil foundation impedance formulae need 

to be built-in in the structural computer program. In general, this approach may not suitable 

in most inelastic structural analysis programs such as RUAUMOKO or DRAIN-2D. A more 

practical approach, therefore, is needed. For this purpose a hysteresis rule for the soil-



Ground Surface 

wo M Inltialllertlcal displacement at the 

centre of the footing foundation 

wtp = tip vertical displacement in which 

the soil start to vield 

B = Foundation Lenllth 

B' Contact Length 

Fig. 13.38 Lift-off Geometry of Foundation footing 

2 

.., 
c 1.6 OJ 
E 
0 
:i 

~ 
0 
Z 

Norm. Rotation 

-2 2. 

Fig. 13.40 Norm. of Soli-Found. Rocking Hyst. Rules 

372 

c 

o Mi 

Fig. 13.39 Moment Vs. Found. Rotation Hvst. Rulas 

IFW12420 I Ivart. Mode: 

·3 .2, -1 

2. 

-1 

-2 

Norm. Rotation 

2. 3 

---- ------....... --.-. Theory 

----Model 

Fig. 13.41 Norm. of Soil-Found, Vert. Mode Hyst. Rulas 



373 

foundation impedance was developed using a simple computer program. The proposed design 

soil-foundation impedance hysteresis rule is shown in Fig. 13.39. 

When the soil and the footing remains in full contact i.e before footing lift-off, the soil

foundation impedances remain constant as indicated by line O-A-B. M" and <p" correspond to 

lift-off moment and footing rotation respectively. During lifting-off of an embedded footing, 

it is difficult to predict the effect of soil-sidewall contacts on the soil-foundation impedances. 

These contact area may less on the lift-off side but increase on the other side. For practical 

purpose these contact area are assumed to be the same as when the footing remains in full 

contact with the soil. When the footing rotation is greater than <p" the footing starts to lift-off 

and the soil-foundation impedances decrease as indicated by lines A-C or B-D respectively. The 

relationship between the applied moment and rotation in these regions can be expressed as, 

M = M {A .. l _ (A -1) } 
t " t II 

11. 

(13.5) 

and, 

~I • [!:l (13.6) 

where Mi is the moment corresponding to footing rotation <Pi> M" = K. 4>" is the moment at 

initial lift-off and 1(.. is the rotational soil-foundation stiffness. 

Examples of the normalized moment and normalized rotation relationships for wall 

foundations of the 12-storey frame-walls are shown in Fig. 13.40. These relationships are 

normalized with respect to initial moment M" and initial lift-off rotation 4>". The dotted line in 

the figure represents the theoretical normalized value from soil-foundation impedances and the 

solid-line indicates the proposed model. The normalized soil-foundation rocking hysteresis rules 

for the proposed model are shown in Fig. 13.40 and are based on Eq. 13.5 with A, p and q 

equal to 4, 0.04 and 0.27 respectively. The figure shows that the proposed model fits the 

theoretical hysteresis rules welL 

There is no unique relationships between the applied axial load and the decrease of soil

foundation vertical stiffness. A similar relationship is also found in a horizontal vibration mode. 

This is because a decrease in the vertical soil-foundation stiffness is caused not by the variation 

of the vel tical load but due to a decrease in the footing contact length when the footing lifts-off. 
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However, to show the hysteresis rules for the soil-foundation vertical stiffness, the fictitious 

normalized axial load is plotted with the rotation of the footing foundation as shown in Fig. 

13.41. The hysteresis rule of the model is based on Eq. 13.5 with A, p and q equal to 4,0.222 

and 0.05 respectively. The normalized hysteresis rules for the rocking and vertical modes for 

a wall foundation of an 18-storey frame-wall is shown in figs. 13.42 and 13.43 respectively. 

These soil-foundation hysteresis models are based on A, p, and q equal to 4, 0.04 and 0.255 

for the rocking mode and 4,0.216, and 0.06 for the vertical vibration modes respectively. The 

theoretical hysteresis rules, in general, are well fitted by the proposed models. They show that 

the decrease in soil-foundation impedances due to the footing lift-off are more significant in the 

rocking mode and relatively less significant in the vertical and horizontal vibration modes. 

Several analyses using the proposed hysteresis model for the frame-wall structures have 

been conducted. The results are compared with the theoretical hysteresis rules on the 12-storey 

frame-walls subjected to the Parkfield N-E and the Bucharest N-S component earthquakes are 

shown in Figs. 13.44 and 13.45 respectively. The solid lines corresponds to the output 

hysteresis value computed from the RUAUMOKO program using the proposed model and the 

dotted lines represent the theoretical hysteresis rules. The proposed hysteresis models perform 

velY well. 

The behaviour of this model for the i8-storey frame-walls excited by Parkfield N-E and 

Bucharest N-S component earthquake are shown in Figs. 13.46 and 13.47 respectively. The 

dotted-line represents the moment-rotation relationship from theory and the solid line represents 

the relationship computed from the RUAUMOKO computer program based on the proposed 

hysteresis model. It shows that the proposed hysteresis model for the moment-rotation of the 

soil-foundation fits the theory moment-rotation relationship quite well. 

Effects of the wall gravity load on the beam curvature ductility demand and maximum 

member damage index are shown in Figs. 13.48 and 13.49 respectively. As with the previous 

results, the distribution of member damage indices over the floor levels is similar to the 

distribution of the member curvature ductility demand. A decrease in the wall gravity load 

causes an increase in the beam curvature ductility demand and member damage indices. 
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13.5 STATIC BEARING CAPACITY SAFETY FACTOR OF SOILS 

Before discussing the effects of the static bearing capacity safety factor of soils on the 

soil stress using a variety of soil models, it is necessary to discuss the response and the soil 

stress of the redesigned wall footing carries one-half of the gravity load. As shown in Fig. 

11.32, the maximum soil stress stiII remains elastic because the static bearing capacity safety 

factor (SF) of the soil is relatively high. Fig. 11.37 shows that the soil layer with a depth of 

lO metres causes the highest footing lift-off. The comparison of footing rotation between the 

Winkler and FLRB soil model with a layer of 10 metres, where the wall carries one-half of 

gravity load and the footing is redesigned with a SF of 3.154, is shown in Fig. 11.46. The 

geometry of the Winkler model is shown in Fig. 11.50. The Winkler model shows a higher 

footing rotation although. the difference in the maximum footing rotation is less than to the 

FLHS model as shown in Fig. 11.50. The maximum footing rotations of the Winkler models 

in these figures are nearly the same, but the FLRB soil model shows a higher rotation than the 

FLHS model. This is due to the FLRB model possessing a relatively smaller rocking stiffness 

than the FLHS model. 

The vertical displacement of the wall base node and the corresponding vertical 

displacement of the wall footing tips are shown in Figs. 11.47 and 11.48 respectively. The 

Winkler model depicted in Fig. 11.47 shows that, after the earthquake induced oscillation 

vanishes the veltical displacement of the wall base node does not return to the initial 

displacement. The reason is due to the inelastic deformation of part of the soil foundation. The 

wall moment and footing rotation relationships of a wall supported by the FLRB is shown in 

Fig. 11.49. The rocking stiffness reduces as the tip of the wall footing lifts-off, as depicted in 

Fig. 11.48. 

The variation between force and deformation of the soil represented by springs 93, 106, 

107 and 108 are shown in Figs. 11.51, 11.52,11.53 and 11.54 respectively. They show that, 

with a static bearing capacity safety factor of the soil, SF == 3.154, the soil beneath the tip of 

the footing foundation, as indicated by springs 107 and 108 or shown in Figs. 11.53 and 11.54, 

show significant yielding. The comparison of the beam curvature ductility demand and 

maximum member damage indices of the 12-storey wall frames supported by these soil models 

are shown in Figs. 11.55 and 11.56. As with the previous results, the effects of the different 

soil models on the structural responses does not appear significant. 



379 

The effect of the static bearing capacity safety factors of the soil on the soil stresses 

using different soil models are investigated. The wall footing foundations are redesigned with 

as the length to width ratio varies between 1.166 to 1.365 corresponding to a SF of the soil of 

4.56,4.31,4.10, 3.57 and 3.109 respectively. The analyses involves the FLHS and FLRB soil 

models with the depth of the soil layer of 10, 20 and 30 metres respectively. The force

deformation relationships of the soil corresponding to the safety factor 4.56, 4,31, 3.57 and 

3.109 for the FLRB with the depth of the soil layer of 10 metres are depicted in Figs. 13.50, 

13.51 and 13.52 respectively. The variation between the axial forces versus static bearing 

capacity safety factor of soil for difference soil models is shown in Fig. 13.53. 

It shows that the required static bearing capacity safety factor where the soil 

commences to yield varies with the soil models and depth of the soil layers. The required static 

bearing capacity safety factor is higher in shallower soil layers than that in the deeper layers. 

This is because the initial vertical displacement of the wall footing in shallower soil layers is 

less than that in deeper layers. On the other hand, as shown in Fig. 11.37, the wall footing lift

off is more pronounced in shallow soil layers than in deep layers. As a result, with the same 

static bearing capacity safety factor, the vertical forces are greater in the FLRB with shallower 

soil layers than that for deeper layers. 

13.6 THE SOIL-FOUNDATION MODEL 

The soil deposit may be non-homogenous in both the soil properties and soil geometry. 

The soil layer arid rigid boundary are commonly assumed to have horizontal planes. The 

properties of soil layers are often transformed to be an equivalent properties in a homogenous 

elastic half-spaceHlI.S19. The effects of the soil stiffnesses and soil models on the damage 

parameters of the 12 frame-walls supported by partially embedded foundation footings have 

been discussed in Chapter XI. It was found that the choice of the soil models does not 

significantly affect the structural responses when compared with the effects of the stiffnesses 

of the soft soils. The effects of the depth of the soil layer on the structural responses are also 

insignificant. 

Based on the above results, the effects of the soil geometry is less impOltant than the 

effects of the soil properties. Hence. in the soil-structure interaction analysis of building 

structures the use of equivalent soil properties of the soil layers is justified. The soil stresses 

found immediately beneath of the foundation footings controls the choice of the soil model. 
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13.7 SUMMARY AND CONCLUSIONS 

Investigations into the analysis and design recommendations for rocking structures have 

been presented. The responses of frames with LFix foundations were close to the LFlex 

foundations. The response quantities of frames with SCFlex foundations and SFix foundations 

were very close. For the frame structures supported by partially embedded foundations and 

frame structures supported by SCFlex foundations, the approximation of the building lateral 

fixity at the level of foundation footing and at the ground surface were suggested. The 

structural responses of the wall-frame structures supported by SFix and LFix foundations were 

significantly different when compared with LFLex foundations. If the frame-wall buildings 

supported by SCFlex foundations the building lateral fixity at the level of foundation footing 

is suggested. The energy dissipated by the soil-foundation systems was very significant. 

A new wall moment design envelope for wall in wall-frame structures with flexible 

foundations was proposed. Several analyses using the new wall moment design envelope with 

full and one-half of gravity load were carried out. It was found that no wall plastic hinges 

occurred in the upper storeys. 

A significant foundation footing lift-off was found when the structural wall carried only 

one-half of the gravity load. Taking into account the effect of the decrease in the soil

foundation impedance on the structural response, hysteresis rules for the soil-foundation 

impedances have been developed. A number of analyses to examine the behaviour of the 

proposed hysteresis models were carried out. It was found that the hysteresis models agreed 

well with the theoretical one. A decrease in the wall gravity load causes a slightly increase in 

the structural responses. 

To avoid yielding of the soil beneath the footing foundation tips, the location of the wall 

in the interior plane-frames is suggested. If structural walls were located in the outer plane

frames of the building, in general, the static bearing capacity safety factor of soil SF should 

be taken exceed than 4.0. 

The effect of soil properties is more significant than the effect of soil geometry. The 

used of equivalent soil properties of the soil layers in the choice of soil model is justified. The 

soil stress immediately beneath the footing and the foundation embedment are two important 

aspects in the choice of the soil-foundation model. 



Chapter XIV 

Conclusions and Recommendations for Further Research. 

14.1 GENERAL 

Research work on the rocking of multi-storey buildings has been carried out. The 

research investigated the effect of parameters on the inelastic responses of the 12 and 18-storey 

frames and frame-wall structures. The main parameter was the effects of soil-foundation 

flexibility in comparison with the fixed base foundations. The other effects were the rigid joint 

lengths, soil-shear strains, soil moduli, number of frames to walls, earthquake excitations and 

flexural hysteresis rules for the members. The damage indicators from the inelastic response 

quantities included the member, storey and structural damage indices. These quantities include 

the fundamental periods, roof horizontal displacements, member forces, inter-storey drifts, 

curvature ductility demands, plastic hinge rotations and energy dissipations. 

The present wall moment design envelopes for frame-wall structures and the location 

of the building'S lateral fixity were reviewed. In addition, the effect of the wall gravity loads 

and soil models on the structural responses were examined. Based on the results of the 

investigations, provisions for the analysis and design of rocking structures were recommended. 

Each chapter, in general, has own summary and conclusions. 

14.2 CONCLUSIONS 

The major results and findings of this research are as follows : 

1. The flexibility of the foundations shifts the fundamental period of the structures as reflected 

in earlier findingsCl
.C4;m,P6. These period shifts are slightly affected by the intermediate soil 

stiffnesses and are significantly affected by soft soil stiffness. A greater period shift is 

found for relatively stiff structures such as frame-walls than in the flexible structures such 

as the frame structures. This confirms the results as presented in Ref.R3. The 
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approximate formulae for the fundamental natural period proposed by ATC 3-06 (1978) 

overestimate the fundamental period of the structures. This shift in the period affects the 

structural responses. 

2. The shift of the structural fundamental periods reduces the base shear. A decrease in the 

base shear is negligible for framed structures but is more obvious in the relatively' stiff 

structures such frame-wall· structures. With respect to the flexible foundations, the 

assumption of base fixity of the frame-wall structures at the ground level overestimates the 

total base shear. Rotation of the structural walls decreases markedly the wall base shear and 

at the same time increases the frame base shear. More appropriate detailing in shear 

reinforcement of the column bases of the frames is necessary. Frame structures with stub 

columns (SCFlex) showed very similar base shear to the frames fixed at the ground level 

(SFix). The total base shear of the frame-wall structures are more than double the base 

shear resisted by the equivalent frame structures. 

3. Rotation of the wall bases increases the column base moments quite markedly. This rotation 

redistributes the maximum wall moment from the base to the middle height storeys. This 

phenomenon shows an inadequacy of the present wall moment design envelopes. The 

approximate formula of wall height to width ratio and new wall moment design envelopes 

show an improved wall performance. 

4. The flexibility of the foundations increases the inter-storey drifts in the upper storeys and 

decreases it in the lower storeys of framed structures. In the frame-wall structure, this 

flexibility tends to increase the inter-storey drifts in the lower and upper storeys and 

decreases it in the middle storeys. The maximum inter-storey drifts might less than the limit 

value specified by the NZS 4203: 1984 and NZS 4203: 1992 loading codes. 

5. The flexibility of the foundations increases the columns base plastic hinge rotations. A 

significant increase in the rotations is found in the column bases of frame-wall structures 

due to larger shears and moments. The rotation of the wall foundation footings decreases 

the plastic hinge rotations of the wall bases. The inter-storey drifts tend to increase as the 

storey plastic hinge rotation increase. 

6. The flexibility of foundations, in general, decreases the beam curvature ductility demands. 

In the frame-wall structures, the decrease in these demands are more marked due to the 
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presence of structural walls than the decrease of the ductility demands due to the flexibility 

of the foundations, especially in relatively low rise bUildings. In the higher buildings i.e 

the IS-storey frame-walls, the effects of the higher modes are more significant. 

7. The flexibility of the foundations may decrease or increas~ the total plastic hinge rotations 

in framed or frame-wall structures. This rotations strongly correlate with the overall drifts 

of the framed structures and the frame-wall structures. The structures with flexible 

foundations, in general, show less damage than those with fixed bases. 

8. The viscous and hysteresis energy dissipations of the superstructures are strongly affected 

by the flexibility of the foundations. This flexibility tends to increase significantly the 

viscous energy dissipation due the increase of velocities resulted from the rocking of the 

foundations. On the other hand, the hysteretic energy dissipation of the superstructures 

decreases dramatically, especially for the relatively stiff frame-wall structures. In higher 

buildings such as the lS-storey frame-walls on the flexible foundations, the inertial 

interaction is mo~ obvious and the energy dissipated by the soil-foundation system 

becomes more significant. Considering the effects of the foundation flexibiliJ:y on the 

structural deformation and the hysteretic energy dissipation, the use of the energy-based 

damage model as a single parameter as the damage index of rocking structures becomes 

less meaningful. 

9. The rigid joint length significantly affects the responses of frame structures. Increasing the 

rigid joint lengths decreases the structural fundamental period and increases most structural 

responses, particularly in framed structures. In the l8-storey frame-walls with flexible 

foundations, however, increasing the rigid joint lengths causes a decrease in the viscous 

energy dissipation. 

10. The magnitude of the soil-shear strains significantly affect some structural responses such 

the beam curvature ductility demands, the total plastic hinge rotations and storey damage 

indices. The structural responses are less affected by soils with intermediate stiffness but 

are strongly affected by the soils with soft stiffnesses. 

11. Increasing the number of frames keeping the number of walls constant slightly increases 

the fundamental period of the structure and tends to decrease the roof horizontal 

displacements. Increasing the number of frames increases the flexibility of the 
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superstructure but stiffens the soil-foundation impedances for the reasons discussed in 

Chapter IX. The effects of increasing the number of frames on some structural responses 

of the frame-wall structures are velY complex and the results cannot be generalized. 

12. The effects of the acceleration to velocity, a/v, ratio on the structural responses are more 

obvious. The earthquakes with a relatively high peak ground velocity or Iowa/v ratio, such 

as the 1977 Bucharest N-S component tends to cause more severe damage than the 1966 

Parkfield N-E component ealthquake even though the peak ground acceleration of the 

former is less than one-half of the latter ealthquake's peak ground acceleration. It is found 

that the effect of the foundation flexibility on the structural responses, in general, depends 

on the spectral characteristics of the applied earthquake excitation in the region of the 

structural fundamental period. This result agrees with the conclusions discussed in 

Ref. V 10. 

13. The structural responses, in general, are not significantly affected by different flexural 

hysteresis rules for the members. In some cases, the Bilinear rules shows a different 

response when compared with the others. The Q-Hyst dissipates more hysteretic energy 

than does the modified Takeda rules, especially for low amplitude cyclic responses. Due 

to a higher unloading stiffness, the Clough rule dissipates more hysteretic energy and 

results in smaller damage indices. 

14. It was found that two damage indicators, the structural deformation and hysteretic energy 

dissipations, are dominant in the case of rocking structures with a strong column-weak 

beam failure mechanism. For ductile members with low values of the deterioration index 

{3, the corresponding member damage index is strongly correlated with the member 

deformation rather than with the hysteretic energy dissipation. A weighting factor for the 

storey and structural damage indices based on the member deformation is suggested. It was 

found in the structural prototypes under consideration that the flexibility of the 

foundations, in general, reduces the member, storey and structural damage indices. 

15. A wall footing with a small gravity load has a greater tendency to lift-off. The proposed 

foundation footing hysteretic rules well simulate the soil-foundation impedances before and 

after footing lift-off. The footing lift-off significantly affects the soil stress but does not 

significantly affect the structural responses. The static bearing capacity safety factor SF of 



385 

the soil higher than 4.0 is needed when the walls are located in outer plane-frames in the 

building. 

16 If the frame building structures are supported by LFlex and SCFlex partially embedded 

foundation footings the approximation to the building lateral fIXity at the ground level and 

the level of foundation footings respectively is suggested. If the frame-wall buildings are 

supported by SCFlex partially embedded foundation footings the approximation that the 

building lateral fixity is at the level of the foundation footings is still justified. 

17 The type of the soil model does not significantly affect the structural responses. The 

properties of soils more significantly affect the structural responses than does the geometry 

of the soils. If the variation of soil properties in the layered soils are not greatly different 

the use of equivalent soil properties is justified. The effect of the soil stresses and the effect 

of foundation footing embedment are two important considerations in the selection of the 

soil-foundation model. 

18 The dynamic responses of the building structures supported by flexible foundations are 

different from those of structures on fixed bases. This difference is significant for stiffer 

structures such as frame-wall buildings. Considering the effects of the soil-structure 

interactions by introducing the dynamic foundation factor as discussed in Refs. E8 and H30 

may not give accurate predictions of the inelastic responses of the rocking stiff structures. 

The effects of the foundation flexibility on the inelastic responses of rocking stiff structures 

should be employed directly in the analyses. 

14.3 RECOMMENDA nON FOR FURTHER RESEARCH 

Some major results and findings on the effects of foundation flexibility on the inelastic 

responses of frame and frame-wall structures have been highlighted. However, to more 

accurately estimate both of strength and deformation demand and supply in the aseismic design 

of reinforced concrete structures, further intensive research, both in the laboratory and in 

analytical investigation is necessary. 
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14.3.1 Laboratory Work 

1. Even though the concrete joint is expected to response elastically, laboratory tests 

indicate that it is difficult to prevent inelastic deformation in the beam plastic hinge 

spreading through into the joint. Laboratory work to investigate a more accurate 

evaluation of the equivalent rigid joint length for the concrete joint is important. This 

is because there is no effective rule for estimating this length and the effect of the rigid 

joint length on the inelastic responses of frame structures is significant. 

2. The soil-foundation compliancies are basically derived from the design of machine 

foundations where a steady state harmonic loading is applied to the foundation footing. 

Laboratory tests on footings with non-harmonic transient loadings through the base is 

likely to more closely represent the earthquake loading. The effects of these two 

different loading systems on the soil-foundation impedances is still uncertain. 

14.3.2 Analytical Work 

1. The soil shear strain in this study is assumed to be constant throughout the duration of 

the excitation which implies a constant soil shear modulus and linear soil-foundation 

impedances. In reality, however, the soil shear strain is time dependent. Considering 

a time dependent effect on the soil shear modulus will provide more realistic analyses. 

2. The dynamic soil-foundation impedances used in this study are also assumed to possess 

constant coefficients, meaning that the analyses are frequency independent. As is 

discussed in many references, the dynamic effects are frequency dependent and result 

in the soil-foundation impedances being not only time but also frequency dependent. 

A more precise analyses should take into account these variations. Work is also 

required to determine how these effects can be used in non-linear time-domain analyses 

where modal methods cannot be used. 

3. Using frames and walls designed to the codes, there is probably an optimum 

combination of frames and walls. At the present time there is no clear guidance on this 

appropriate combination. Analytical investigations into this problem lead to interesting 

results when using different combinations of material strengths, as the changes in 

strength and stiffness are not linearly correlated. 
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4. The use of different types of the walls such as coupled-walls or box-type walls and 

more refined wall modelling will give more insight into the behaviour of rocking frame

wall structures. A more comprehensive investigation may also be achieved by 

considering the flexibility of the floor slab and using a more suitable modelling of walls 

such as a filament or spring element models. 

5. The foundations of stmctural walls often use a group of pile foundations especially for 

high-rise buildings located on a relatively soft soils. The inelastic behaviour of the 

rocking frame-wall structures supported by pile foundations needs investigation. The 

problems include the dynamic impedances of a soil-pile group foundation for different 

pile bearing systems, the lift-offbehaviour and the effect of kinematic interaction in the 

soil-structure interaction analysis as the piles are deeply embedded in the soil medium. 

6. The member damage index used in this study assumes that the concrete members are 

very ductile so that the deterioration index fJ is relatively smalL A study of the member 

damage using different levels of the deterioration index becomes more significant when 

combined with different rigid joint lengths and different material strengths. 

7. The selection of the method of analysis of the member damage index depends mainly 

on the typical damage mode observed under the dynamic loading. The appropriate 

choice of this mode will be achieved by conducting a more comprehensive study into 

the behaviour and characteristics of earthquake ground motions on the variety of 

structural configurations. 
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Appendix A,I : 

Rewriting Eq. 4.22.a, 

A.I 

P==ky+fld'y 
tit 

The first derivative of Eq. A.I.I may written in the form, 

(A.1.1) 

(A. 1.2) 

(A.I.3) 

Eq. A.1.2 is a first order non-homogenous linear differential equation and it is 

convenient to express it in terms of, 

y + OCt) y = R(t) (A.I.4) 

Solution of Eq. A.I.4 can be obtained by the integral factor, 

fQ(t)dt 
Z = e 

(A,1.S) 

Solution of this differential equation of may be determined by multiplication of Eq. 

A.1.4 by Eq. A.I.5, then integrating and yields, 

y = e -fQ(t)dt [ fRet) eQ(t)dtdt + c] (A. 1.6) 

Eq. A.1.6 is the general solution of Eq. A.l.4. Values of the displacement y depend 

on the function Q(t) and R(t) and the initial conditions. If Lbe values of Q(t) = kl1'/ and R(t) = 

P/1'/ are taken as constants, with initial condition at t = 0, Y = 0 and P = Po , then Eq. A.1.6 

may be rewritten as, 

(A.1. 7) 



Appendix A.2 : 

Rewriting Eq. 4.25, 

or, 

A.2 

dy _ ldP 
dt k dt 

p 
+ -

dP + !p = kdy 
dt 11 dt 

(A.2.1) 

(A.2.2) 

In the case of P(t) = Po is a constant, integrating of Eq. A.2.1 with respect to time 

t leads to, 

(A.2.3) 

If an external load is applied to the system, beginning at time t = 0, there is no strain 

contribution from the dashpot, only the spring gives the initial strain, and the value of C) in 

Eq. A.2.3 is equal to zero, therefore, 

(A.2.4) 

Eq. A.2.4 indicates that if the spring stiffness k and viscosity 11 are assumed to be 

constant, the strain or displacement will decrease more rapidly at the beginning of the time 

period under consideration. 

Similarly to Eq. A.I.3, Eq. A.2.2 may be written as the following first order 

differential equation, 

P + Q(t) P = R(t) 
(A.2.S) 

Eq. A.2.5 is similar to Eq. A.l.4, therefore the solution of Eq. A.2.5 yields, 



A.3 

(A.2,6) 

As in the Voigt-Kelvin model, variation of stress with time ofEg. A.2.6 depend on the 

functions Q(t) , R(t) and dy/dt. Supposing Q(t), R(t) and the strain or displacement yare 

constants, with the initial condition at t = 0 , P = Po and dy/dt := 0, then Eg. A.2.6Ieads to, 

Appendix A.3 : 

Rewriting Eq. 4.32.a, 

(- .! t) 

p = P" e \1 

dy 
.- + (k 1) Y = 1. P 
tli 1 

(A.2.7) 

(A,3.1) 

Eq. A.3.1 is similar to Eq. A.1.2, and the solution of Eq. 4.39 is similar to the 

previously solutions, therefore, 

(A.3.2) 

The relationship between strain or displacement y and time t from Eq. A.3.2 depends 

upon 1\. If A is assumed to be a constant and with the initial condition that at t = 0 there is no 

strain contribution of the dashpot element, Eq. A.3.2 yields, 

(A.3.3) 
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D.I 
Appendix D: 

Columns and Beam Properties of the 12-storey Frame 

Columns Beams 

Size (m) My Outer Ends (tm) My Int. Ends (!m) Reinforc. 
Storey Storey Size (m) D28 

No Ext. Col. Int. Col. Pas. Neg. Pos. Neg. top/bottom 

1 I 0.65xO.65 0.75xO.75 1 OAOxO.80 66040 -58.05 58.14 -73.07 4/4 

2 2-4 0.60xO.60 0.70xO.70 2-4 OAOxO.80 66.40 -58.05 58.14 -73.07 4/4 

3 5 - 7 0.60xO.60 0.70xO.70 5-8 o AOxO. 80 65.52 -58.65 58.74 -71.90 3/4 

4 8 - 10 0.60xO.60 0.70xO.70 9 - 12 0.30xO.80 52.37 -45048 45.62 -58.82 3/3 

5 11 - 12 0.60xO.60 0.70xO.70 

Column Bases: Outer column: Pyc = -984.86 t, PB = -742045 t, MB = 76.98 tm, MlB = 104.67 tm, 
M1B = 93045 tm, Mo = 42.81 tm, Pyt = 150.65 t 

Int. Column : The internal column is modelled as beam element (the axial load is nearly constant) : 
AXI = AX2 = -838.30 t, P~" = -1532.97 t, My = 177.51 tm, Pyt = 338.96 t. 

Columns and Beam Properties of the IS-storey Frame 

Columns Beams 

Size (m) My Outer Ends (tm) My Int. Ends (tm) Reinforc. 
Storey Storey Size (m) D28 

No Ext. Col. Int. Col. Pos. Neg. Pos. Neg. top/bottom 

I. 1 0.80xO.80 0.95xO.95 I OAOxO.80 79.45 -71.46 71.51 -86.03 5/5 

2. 2 0.80xO.80 0.95xO.95 2-8 0.50xO.90 91.13 -80.88 81.19 -97.43 5/5 

I 3. 3 - 4 0.80xO.80 0.95xO.95 9 - 12 0.50xO.80 91.13 -80.88 81.19 -97.43 5/5 

4. 5 - 6 0.80xO.80 0.90xO.90 13 - 15 OAOxO.90 74.97 -66.18 66.27 -82.39 4/4 

5. 7 - 9 0.80xO.80 0.90xO.90 16 - 18 0.30xO.80 64.99 -45.74 45.84 -71.39 3/4 

6. 10 - 12 0.70xO.70 0.80xO.80 

7. 13 - 15 0.70xO.70 0.80xO.80 

8. 16 - 18 0.70xO.70 0.80xO.80 

Column Bases: Outer column: Pyc = -1455.83 t, PB = -1133.50 t, MB = 123046 tm, MlB = 176.96 tm, 
M2B = 154.86 tm, Mo = 54.60 tm, P yt = 150.65 t 

Int. Column : The internal column is dodelled as beam element (the axial load is nearly constant) : 
AXl = AX2 = -1314.86 t, Pyc = -2234.20 t, My = 301.29 tm, Pyt = 286.85 t. 

Note: The beam yield moment My includes the contribution of the yield slab reinforcement at the flange region. 

The column and walls of the upper-storeys are assumed remain elastic 
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D.2 

Column, Beam and Wall Properties of the I2-storey Frame-Wall Buildings 

Column 

1-----,---......, St 

Beams 

Outer Ends 
My (tm) 

Size (m) P os. Neg. 

St. 

Wans Ow = 5 m) 

bw bi At Aw 

m. m' m2 

1.020 

1.020 

1.080 

.975 

Column Bases: Outer column: Pyc = -1002.36 t, Po = -746.03 t. Me = 84.82 tm, MIs == 114.82 tm, 
M2B = 103.62 tm, M., = 52.98 tm, Pyt 188.32 t 

Int. Column : The internal column is modelled as beam element (the axial load is nearly constant) 
AXl = AX2 = -838.30 t, Pyc -1700.79 t, My = 217.03 tm, Pyl 338.96 t. 

Cant. Walls Wall Base : The structural wall is modelled as beam element (the axial load is nearly constant) 
AXI = AX2 = -1220.0 t, Pyc == -5145.56 t, = 3709.81 tm, PYI 737.10 t. 

Note: bw = web thickness, bf = boundary element length, Aw web area, Ab boundary element area 

Column, Beam and Wall Properties of the IS-storey Frame-Wall Buildings 

Column 

St. 
No 1-----,-----1 St. 

Column Bases: Outer co[umn: Pvc = -1473.32 t, Po = -1136.41 t, Mo = 133.60 tm, Mm 189.96 tm, 
M2B = 167.83 tm, M., = 67.61 tm, Pyt = 188.32 t 

Int. Column : The internal column is modelled as beam element (the axial load is nearly constant) 
AX! = AX2 = -1314.86 t, Pye = -2575.31 t, My 296.32 tm, Pyt 301.29 t. 

Cant Walls Wall Base : The structural wall is modelled as beam element (the axial load is nearly constant) 
AXI = AX2 = -2198.77 t, Pyc = -8132.79 t. 1\IIy 9076.30 un, PYI 922.47 L 

Note: bw web thickness, bf = boundary element length, Aw = web area, Af boundary element area 



D.3 

CoLumns Properties of the 12-storey 

Column Properties 

0.200 

Note: A = Cross Section Area, AS = Shear Area, I Moment Of fuertia, END = Length of Rigid Block 

Beam Properties of the 12-storey Frame 

Initial Cond., Properties of the Left Bay Beams and External Nodal Loads and Lumped Weight of Exterior Joint 

0 Storey VI =V2 (t) 1=M2 (tm) FY (t) A (m2) AS (m") I (m4) 

1. 14.57 35.310 

2. 2 14.57 25.740 34.630 

3. 3 14.57 25.740 

4. 4 14.57 0.175 

5. 14.57 0.175 34.16 

14.57 0.175 34.16 

33.94 

33.72 

33.51 

13.51 24.100 33.51 

13.51 24.100 33.31 

13.51 24.10 23.64 

Note: V Fixed-End Shear, M Fixed End Moment, FY = Joint External Static Load, 
WY Lumped Nodal Weight 
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Beam Properties of the 12-storey Frame 

Initial Cond., Properties of the Right Bay Beams and Intemal Nodal Loads and Lumped Weight of Interior Joint 

No Storey VI =V2 (t) Ml=M2 (tm) FY (t) A (m2) AS (m2) I (m4) ENDI (m) END2 (m) WY (t) 

1. 1 14.57 25.740 59.570 0.2570 0.2570 0.00884 0.188 0.163 59.57 

2. 2 14.57 25.740 58.210 0.2570 0.2570 0.00884 0.175 0.150 58.21 

3. 3 14.57 25.740 58.210 0.2570 0.2570 0.00884 0.175 0.150 58.21 

4. 4 14.57 25.740 57.890 0.2570 0.2570 0.00884 0.175 0.150 57.89 

5. 5 14.57 25.740 57.570 0.2570 0.2570 0.00884 0.175 0.150 57.57 

6. 6 14.57 25.740 57.570 0.2570 0.2570 0.00884 0.175 0.150 57.57 

7. 7 14.57 25.740 57.280 0.2570 0.2570 O.O~ 0.175 0.150 57.28 

8. 8 14.57 25.740 56.980 0.2570 0.2570 0.00884 0.175 0.150 56.98 

9. 9 14.57 25.740 56.980 0.1927 0.1927 0.00661 0.175 0.150 56.98 

10. 10 13.51 24.100 56.710 0.1927 0.1927 0.00663 0.175 0.150 56.71 

11. 11 13.51 24.100 56.440 0.1927 0.1927 0.00663 0.175 0.150 56.44 

12 12 13.51 24.10 39.380 0.1927 0.1927 0.00661 0.175 0.150 39.38 

Columns Properties of the I8-storey Frame 

Column Properties 

External Column Internal Column 

No 
Storey 

A (ml) AS (m2
) I (m4) ENOl (m) IEND2 (m) A (m2

) AS (m2
) I (m4) ENOl (m) END2 (m) 

1 1 0.5632 0.5632 0.02389 0.175 0.200 0.8392 0.8392 0.054300 0.175 0.200 

2 2 0.6400 0.6400 0·03414 0.200 0.225 0.9025 0.9025 0.067870 0.225 0.225 

3 3 - 4 0.6400 0.6400 0.03414 0.225 0.225 0.9025 0.9025 0.067870 0.225 0.225 

4 5 - 6 0.6400 0.6400 0.03414 0.225 0.225 0.8100 0.8100 0.054680 0.225 0.225 

5 7 - 9 0.6400 0.6400 0.03414 0.225 0.225 0.8100 0.8100 0.054680 0.225 0.225 

6 10 - 12 0.4900 0.4900 0.02000 0.225 0.225 0.6400 0.6400 0.034130 0.225 0.225 

13 - 15 0.4900 0.4900 p.02000 0.213 0.213 0.6400 0.6400 0.034130 0.213 0.213 

16 - 18 0.4900 0.4900 p.02000 0.213 0.213 0.6400 0.6400 0.034130 0.213 0.213 
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Beam Properties of the I8-storey Frame (Left Bay, External Joint) 

Initial Cond., Properties of the Left Bay Beams and External Nodal Loads and Lumped Weight of Exterior Joint 

:No 
Storey V1=V2 (t) M1=M2 (tm) FY (t) A (mZ) AS (m2) ~ (m4) ~ND1 (m) fEND2 (m) WY (t) 

1. 1 14.57 25.740 37.450 0.2464 0.2464 0.00770 0.200 0.238 37.45 

2. 2 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

3. 3 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

4. 4 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

5. 5 . 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

6. 6 15.85 27.700 35.740 0.3465 0.3465 0.01321 0.200 0.225 35.74 

7. 7 15.85 27.700 35.740 0.3465 0.3465 0.01321 0.200 0.225 35.74 

8. 8 15.85 27.700 35.740 0.3465 0.3465 0.01321 0.200 0.225 35.74 

I 9. 9 15.85 27.700 35.160 0.3465 0.3465 0.01321 0.175 0.200 35.16 

1

10
. 

10 15.85 27.700 34.950 0.3465 0.3465 0.01321 0.175 0.200 34.95 

11. 11 15.85 27.700 34.950 0.3465 0.3465 0.01321 0.175 0.200 34.95 

12. 12 15.85 27.700 34.950 0.3465 0.3465 0.01321 0.175 0.200 34.95 

13. 13 13.25 24.120 34.950 0.2772 0.2772 0.011056 0.175 0.200 34.95 

14. 14 13.25 24.120 34.950 0.2772 0.2772 0.011056 0.175 0.200 34.95 

15. 15 13.25 24.120 34.820 0.2772 0.2772 0.011056 0.175 0.200 34.82 

16. 16 13.25 24.120 34.690 0.1848 0.1848 0.005824 0.175 0.200 34.69 

17. 17 13.25 24.120 34.690 0.1848 0.1848 0.005824 0.175 0.200 34.69 

18. 18 13.25 24.120 24.320 0.1848 0.1848 0.005824 0.175 0.200 24.32 

Beam Properties of the 18-storey Frame (Right Bay, Internal Joint) 

Initial Cond., Properties of the Right Bay Beams and Internal Nodal Loads and Lumped Weight of Internal Joint 

No Storey V1=V2 (t) Ml=M2 (tm) FY (t) !A (mZ) fAs (m2) (m4
) END! (m) IEND2 (m) WY (t) 

1. 1 14.57 25.740 62.490 0.2464 0.2464 0.00770 0.238 0.200 62.49 

2. 2 15.85. 27.700 60.380 0.3465 0.3465 0.01321 0.225 0.200 60.38 

3. 3 15.85 27.700 60.380 0.3465 0.3465 0.01321 0.225 0.200 60.38 

4. 4 15.85 27.700 60.380 0.3465 0.3465 0.01321 0.225 0.200 60.38 

5. 5 15.85 27.700 60.380 0.3465 0.3465 0.01321 0.225 0.200 60.38 

6. 6 15.85 27.700 60.000 0.3465 0.3465 0.01321 0.225 0.200 60.00 

7. 7 15.85 27.700 60.000 0.3465 0.3465 0.01321 0.225 0.200 60.00 

8. 8 15.85 27.700 60.000 0.3465 0.3465 0.01321 0.225 0.200 60.00 

9. 9 15.85 27.700 59.610 0.3465 0.3465 0.01321 0.200 0.175 59.61 

10. 10 15.85 27.700 59.610 0.3465 0.3465 0.01321 0.200 0.175 59.61 

11. 11 15.85 27.700 59.610 0.3465 0.3465 0.01321 0.200 0.175 59.61 

12. 12 15.85 27.700 59.250 0.3465 0.3465 0.01321 0.200 0.175 59.25 

13. 13 13.25 24.120 58.890 0.2772 0.2772 0.011056 0.200 0.175 58.89 

14. 14 13.25 24.120 58.890 0.2772 0.2772 0.011056 0.200 0.175 58.89 

15. 15 13.25 24.120 58.550 0.2772 0.2772 0.011056 0.200 0.175 58.55 

16. 16 13.25 24.120 58.210 0.1848 0.1848 0.005824 0.200 0.175 58.21 

1.7. 17 13.25 24.120 58.210 0.1848 0.1848 0.005824 0.200 0.175 58.21 

18. 18 13.25 24.120 40.260 0.1848 0.1848 0.005824 0.200 0.175 40.26 
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Columns Properties of the 12-storey Frame-Wall 

Column Properties 

External Column Internal Column 

No 
Storey iA (ml) AS (ml) I (m4) ENDI (m) iEND2 (m) A (m2) AS (ml) I (m4) ENDI (m) IEND2 (m) 

1 I 0.3929 0.3929 ~.01190 0.188 0.200 0.5231 0.5231 0.021094 0.188 0.200 

2 ~-4 0.3600 0.3600 ~.01080 0.200 0.200 0.4900 0.4900 0.020080 0.200 0.200 

3 ~-7 0.3600 0.3600 p.Ol080 0.200 0.200 0.4900 0.4900 0.020080 0.200 0.200 

4 8 - 10 0.3600 0.3600 p.01080 0.200 0.200 0.4900 0.4900 0.020080 0.200 0.200 

5 11 - 12 0.3600 0.3600 ~.01080 0.200 0.200 0.4900 0.4900 0.020080 0.200 0.200 

Structural Wall Properties of the 12-storey Frame-Wall 

Properties and Initial Conditions of Structural Wall 

No Storey A (ml) AS (ml) 1 (m4) fENDI (m) ~ND2 (m) AXI = AX2 (t) 

1 1 1.6583 1.6583 3.17225 0.000 0.000 1220.0000 

2 2-4 1.8200 1.8200 4.55335 0.000 0.000 1133.5000 

3 5 - 7 1.7800 1.7800 ~.43073 0.000 0.000 892.8200 

4 8 - 10 1.5250 1.5250 3.97252 0.000 0.000 587.0000 

5 11 - 12 1.5250 1.5250 3.97252 0.000 0.000 281.0000 

Beam Properties of the 12-storey Frame-Wall (Left Bay, External Joint) 

Initial Cond., Properties of the Left Bay Beams and External Nodal Loads and Lumped Weight of Exterior Joint 

No Storey Vl=V2 (t) Ml=M2 (tm) FY (t) A (ml) AS (ml) I (m4) ENDI (m) fEND2 (m) Wy 
(t) 

I. 1 14.57 25.740 35.310 0.2570 0.2570 0.00884 0.163 0.188 35.31 

2. 2 14.57 25.740 34.630 0.2570 0.2570 0.00884 0.150 0.175 34.63 

3. 3 14.57 25.740 34.630 0.2570 0.2570 0.00884 0.150 0.175 34.63 

4. 4 14.57 25.740 34.390 0.2570 0.2570 0.00884 0.150 0.175 34.39 

5. 5 14.57 25.740 . 34.160 0.2570 0.2570 0.00884 0.150 0.175 34.16 

6. 6 14.57 25.740 34.160 0.2570 0.2570 0.00884 0.150 0.175 34.16 

7. 7 14.57 25.740 33.940 0.2570 0.2570 0.00884 0.150 0.175 33.94 

8. 8 14.57 25.740 33.720 0.2570 0.2570 0.00884 0.150 0.175 33.72 

9. 9 14.57 25.740 33.720 0.1927 0.1927 0.00663 0.150 0.175 33.51 

10. 10 13.51 24.100 33.510 0.1927 0.1927 0.00663 0.150 0.175 33.51 

11. 11 13.51 24.100 33.310 0.1927 0.1927 0.00663 0.150 0.175 33.31 

12 12 13.51 24.10 23.640 0.1927 0.1927 0.00663 0.150 0.175 23.64 
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Beam Properties of the I2-storey Frame-Wall (Right Bay, Internal Joint) 

Initial Cond .• Properties of the Right Bay Beams and Internal Nodal Loads and Lumped Weighl of Interior Joint 

No 
Vl=V2 (t) !Ml=M2 (tm) FY (I) A (m2) Storey AS (m2) I (m4) END! (m) iEND2 (m) WY (t) 

1. 1 14.57 25.740 59.570 0.2570 0.2570 0.00884 0.188 0.163 59.57 

2. 2 14.57 25.740· 58.210 0.2570 0.2570 0.00884 0.175 0.150 58.21 

3. 3 14.57 25.740 58.210 0.2570 0.2570 0.00884 0.175 0.150 58.21 

4. 4 14.57 25.740 57.890 0.2570 0.2570 0.00884 0.175 0.150 57.89 

5. 5 14.57 25.740 57.570 0.2570 0.2570 0.00884 0.175 0.150 57.57 

6. 6 14.57 25.740 57.570 0.2570 0.2570 0.00884 0.175 0.150 57.57 

7. 7 14.57 25.740 57.280 0.2570 0.2570 0.00884 0.175 0.150 57.28 

8. 8 14.57 25.740 56.980 0.2570 0.2570 0.00884 0.175 0.150 56.98 

9. 9 14.57 25.740 56.980 0.1927 0.1927 0.0066~ 0.175 0.150 56.98 

10. 10 13.51 24.100 56.710 0.1927 0.1927 0.00663 0.175 0.150 56.71 

11. 11 13.51 24.100 56.440 0.1927 0.1927 0.0066 0.175 0.150 56.44 

12 12 13.51 24.10 39.380 0.1927 0.1927 0.0066 0.175 0.150 39.38 

Colurrms Properties of the 18-storey Frame-Wall 

Column Properties I 

External Column Internal Column 

No 
Storey 

A (m2) ~S (m2) I (m4) IENDI (m) END2 (m) fA (m2) AS (m2) I (m4
) ENDI (m) IEND2 (m) 

1 1 0.5632 0.5632 p.02389 0.175 0.200 0.8392 0.8392 0.054300 0.175 0.200 

2 2 0.6400 0.6400 p.03414 0.200 0.225 0.9025 0.9025 0.067870 0.225 0.225 

3 3-4 0.6400 0.6400 p.03414 0.225 0.225 0.9025 0.9025 0.067870 0.225 0.225 

4 5 - 6 0.6400 0.6400 p.03414 0.225 0.225 0.9025 0.9025 0.067870 0.225 0.225 

5 7 - 9 0.6400 0.6400 0.03414 0.225 0.225 0.8100 0.8100 0.054680 0.225 0.225 

6 10 - 12 0.6400 0.6400 p.03414 0.225 0.225 0.8100 0.8100 0.054680 0.225 0.225 

13 - 15 0.6400 0.6400 0.03414 0.225 0.225 0.6400 0.6400 0.034130 0.213 0.213 

16 - 18 0.6400 0.6400 p.03414 0.200 0.200 0.6400 0.6400 0.034130 0.213 0.213 

Structural Wall Properties of the I8-storey Frame-Wall 

Properties and Initial Conditions of Structural Wall 

No Storey A (m2) AS (m2) I (m4) IENDI (m) END2 (m) AXI = AX2 (t) 

1 1 - 2 2.7048 2.7048 9.65043 0.000 0.000 2198.7700 

2 3 3.3600 3.3600 18.5229 0.000 0.000 2005.0050 

3 4 - 7 3.3600 3.3600 18.5229 0.000 0.000 1811.8250 

4 8 - 11 3.3600 3.3600 18.5229 0.000 0.000 1325.6100 

5 12 - 15 3.3600 3.3600 18.5229 0.000 0.000 835.3700 

6 16 - 18 3.3600 3.3600 18.5229 0.000 0.000 345.0500 
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Beam Properties of the 18-storey Frame-Wall (Left Bay, External Joint) 

Initial Cond., Properties of the Left Bay Beams and External Nodal Loads and Lumped Weight of Exterior loint 

Storey Vl=V2 (t) !Ml=M2 (tm) FY (t) IA (m2
) lAs (m2

) I (m4) ENDI (m) END2 (m) WY (t) 
iNa 

l. 1 15.85 27.700 37.990 0.2464 0.2464 0.00770 0.200 0.238 37.99 

2. 2 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

3. 3 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

4. 4 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

5. 5 I 15.85 27.700 36.260 0.3465 0.3465 0.01321 0.200 0.225 36.26 

6. 6 15.85 27.700 36.370 0.3465 0.3465 0.01321 0.200 0.225 36.37 

7. 7 15.85 27.700 36.010 0.3465 0.3465 0.01321 0.200 0.225 36.01 

8. 8 15.85 27.700 36.010 0.3465 0.3465 0.01321 0.200 0.225 36.01 

9. 9 15.85 27.700 35.800 0.3465 0.3465 0.01321 0.175 0.200 35.80 

10. 10 15.85 27.700 35.520 0.3465 0.3465 0.01321 0.175 0.200 35.52 

11. 11 15.85 27.700 35.520 0.3465 0.3465 0.01321 0.175 0.200 35.52 

12. 12 15.85 27.700 35.100 0.3465 0.3465 0.01321 0.175 0.200 35.10 

13. 13 13.25 24.120 34.690 0.2772 0.2772 0,Ol1056 0.175 0.200 34.69 

14. 14 13.25 24.120 34.690 0.2772 0.2772 0,Ol1056 0.175 0.200 34.69 

15. 15 13.25 24.120 34.390 0.2772 0.2772 0.011056 0.175 0.200 34.39 

16. 16 13.25 24.120 33.700 0.1848 0.1848 0.005824 0.175 0.200 33.70 

17. 17 13.25 24.120 33.700 0.1848 0.1848 0.005824 0.175 0.200 33.70 

18. 18 13.25 24.120 23.840 0.1848 0.1848' 0.005824 0.175 0.200 23.84 

Beam Properties of the 1S-storey Frame-Wall (Right Bay, Internal Joint) 

Initial Cond., Properties of the Right Bay Beams and Internal Nodal Loads and Lumped Weight of Internal loint 

Storey Vl=V2 (t) Ml=M2 (tm) FY (t) A (m2) AS (m2) ~ (m4) IENDI (m) END2 (m) WY (t) 
No 

1. 1 15.85 27.700 63.840 0.2464 0.2464 0.00770 0.238 0.200 63.84 

2. 2 15.85 27.700 61.180 0.3465 0.3465 0.01321 0.225 0.200 61.18 

3. 3 15.85 27.700 61.180 0.3465 0.3465 0.01321 0.225 0.200 61.18 

4. 4 15.85 27.700 . 6U80 0.3465 0.3465 0.01321 0.225 0.200 61.18 

5. 5 15.85 27.700 61.180 0.3465 0.3465 0.01321 0.225 0.200 61.18 

6. 6 15.85 27.700 60.400 0.3465 0.3465 0.01321 0.225 0.200 60.40 

7. 7 15.85 27.700 59.610 0.3465 0.3465 0.01321 0.225 0.200 59.61 

8. 8 15.85 27.700 59.610 0.3465 0.3465 0.01321 0.225 0.200 59.61 

9. 9 15.85 27.700 58.910 0.3465 0.3465 0.01321 0.200 0.175 58.91 

10. 10 15.85 27.700 58.210 0.3465 0.3465 0.01321 0.200 0.175 58.21 

11. 11 15.85 27.700 58.210 0.3465 0.3465 0.01321 0.200 0.175 58.21 

12. 12 15.85 27.700 57.600 0.3465 0.3465 0.01321 0.200 0.175 57.60 

13. 13 13.25 24.120 56.980 0.2772 0.2772 0.011056 0.200 0.175 56.98 

14. 14 13.25 24.120 56.980 0.2772 0.2772 0.011056 0.200 0.175 56.98 

15. 15 13.25 24.120 56.700 0.2772 0.2772 0.011056 0.200 0.175 56.70 

16. 16 13.25 24.120 56.420 0.1848 0.184S 0.005824 0.200 0.175 56.42 

17. 17 13.25 24.120 56.420 0.1848 0.1848 0.005824 0.200 0.175 56.42 

18. IS 13.25 24.120 39.360 0.1848 0.1848 0.005824 0.200 0.175 39.36 



Equivalent Spring and Dashpot (at G = 0.70 Gm.J 

I Shear Modulus G 
I . Equivalent Spring and Dashpot Coefficient 

I Foundations 
Vert.Spring Hor.Spring Rock.Spring Vert-Damp. Hor-Damp. Rock.Damp. 

I KV (tim) KH (tim) KR (tID) CV (tsec!m) CH (tsec!m) CR (tsec!m) 

1. G 420 kg!cm2 i 
External Column 31477.610 37530.740 182682.600 1620.733 1387.326 ! 2792.093 

(For 12-storey Internal Column 42044.000 45535.970 459574.700 2681.123 2082.435 7564.134 
Frame and Frame-
Walls) Structural Wall 44267.120 46983.100 560212.800 2933.645 2238.338 9377.984 

! , , 
2. G 685 kg/cm2 External Column 59073.900 68312.140 459475.700 2766.440 2323.288 6726.401 

18-st.Frame Internal Column 80607.500 84931.380 1210161.00 4735.830 .836 18901.77 ! 

and Frame-Walls, I Chapter IX) Structural WaH 85373.670 88468.250 1461434.00 5241.020 3922.350 23177.260 
.I 

! il 
3. G = 540 External Column 46522.320 53817.950 360592.000 2398.426 1990.151 5455.221 

!I 
Internal Column 63458.190 66894.700 947534.800 4023.070 2999.781 13895.55 (For 18-stFrame I 

and Frame-WaUs, 
.~ Structural Wall 71726.790 72930.970 1429531.00 24370.38 

Properties of Winkler Foundation ( 12-storey Frame-Walls, Section 11.3 ) 

Member Type Number 
No Parameters 

37 40 41 42 43 

l. Spring Stiffness 3752.7 3752.757 6254.594 6254.594 6254.594 

Bilinear Factor 0.05 0.05 0.05 0.05 

Neg.Spring Yield -271.887 -271.887 -453.146 -453.146 
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