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Abstract 

Loss optimisation seismic design (LOSD) is a performance-based design procedure which 

aims to introduce a simple, yet reliable, design methodology for the next generation of seismic 

design codes. A preliminary framework for LOSD based on simplified prediction of various 

sources of loss has been proposed in the literature. The first part of this thesis aims to further extend 

and enhance the LOSD framework. To this purpose, three different levels of computational rigor 

(i.e., rigorous, semi-rigorous and simplified) are defined for LOSD which render it as a 

comprehensive design methodology that can cater different projects depending on the importance, 

complexity, regulatory requirements, and available resources. Investigation of the LOSD 

framework reveals the need for extensive additional research to develop simplified modules of 

LOSD. Among those is the development of simplified functions/methods to estimate seismic 

demands for estimating loss, i.e., inter-storey drifts, peak floor accelerations and seismic collapse 

probability at various hazard levels. Thereby, the second part of the thesis is predominantly 

focused on the estimation of seismic collapse probability for RC frame buildings. 

To develop simplified methods to predict seismic collapse probability, various aspects of the 

seismic collapse probability prediction of buildings are scrutinised. First, application of an 

enhanced nonlinear fiber element model for simulation of seismic collapse is examined. The fiber 

element model utilises advanced nonlinear material models to replicate buckling, cyclic 

degradation, and fatigue of reinforcing bars. It is demonstrated that the nonlinear fiber-element 

model enables simulation of sidesway mode of collapse (because of lateral instability) and vertical 

mode of collapse (as a result of the loss of vertical load carrying capacity of structural 
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components).  

Next, the effect of ground motion (GM) selection on the seismic collapse probability 

estimation of RC frame buildings is investigated. To this purpose, collapse probability assessment 

is carried out for a case study building using four different contemporary GM selection methods. 

It is shown that for prediction of collapse probability at a given hazard level, conventional GM 

selection methods, using a uniform hazard spectrum to match GMs to a target spectrum, offer 

conservative yet more reliable results for engineering purposes, as they are less dependent on the 

structural properties and GM selection parameters. 

In the next stage of the research, seismic collapse probability assessment is carried out for 

an extensive range of case study buildings. It is demonstrated that collapse probability of RC frame 

buildings is highly dependent on design inter-storey drifts and anti-buckling detailing of plastic 

hinge regions of structural components. Moreover, it is shown that collapse probability of RC 

frame buildings designed in accordance with NZ standards may become high if buildings are 

designed with large inter-storey drifts. Based on the results of the case study buildings, simplified 

equations for prediction of seismic collapse probability at the maximum credible hazard level are 

proposed. Subsequently, by utilising the proposed equations, a new seismic design approach 

aiming to limit the collapse probability within an acceptable level is presented. 

Finally, height-wise variation of seismic demand parameters for RC frame buildings 

obtained from nonlinear response history analyses for selected case study buildings are illustrated 

in the appendix. It is demonstrated that the anti-buckling detailing and confinement of structural 

components highly affects the height-wise variation of the maximum inter-storey drift demands of 

RC frames, which is not captured by linear analysis methods. Comparison of inter-storey drift 
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predictions by nonlinear analyses and a linear equivalent static procedure and response spectrum 

analysis demonstrate that linear procedures provide conservative estimations. Peak floor 

acceleration demands obtained from nonlinear response history analyses are shown to be close to 

the peak ground acceleration for buildings that are responding highly in nonlinear range. 



iv 

 

Acknowledgements 

First and foremost, I would like to appreciate my main supervisor Professor Rajesh Dhakal’s 

contributions to this thesis. My PhD took a long time to complete. During this period, I had the 

valuable opportunity to receive Professor Dhakal’s outstanding technical support. Professor 

Dhakal is, without doubt, one of the best teachers I have ever had. His patience while I was working 

as a practicing engineer and doing a PhD was exceptional and something that I will never forget. 

Professor Dhakal always motivated me to be passionate and continue the work, even at the times 

that I seemed to be disappointed. I cannot imagine working with a PhD supervisor and enjoying it 

more than I did working with Professor Dhakal. 

I would like to also thank Associate Professor Gregory Macrae (co-supervisor) for his assistance. 

He always found time to help and review my work when needed. I have indeed benefited from Dr 

Macrae’s guidance. 

Professor Brendon Bradley also helped me in the initial phases of this thesis. I am grateful for his 

constructive comments and feedback.  

While doing my PhD, I worked in two consulting firms in New Zealand. I would like to express 

my gratitude for the support I received from the directors of these firms. Namely, Manos 

Bairaktaris, Juliet Brown and Kevin Brown assisted me in every possible way to carry out my 

research and have a successful Ph.D. 

I would like to express my ultimate gratitude to my family. Throughout these years I had the 

privilege of life-long love and support from my parents and siblings. Living overseas far from 



v 

 

home, my mother and father always provided me with the much-needed love, care and support 

during hard days. They steered me in the direction of the person I am today and am indebted to 

them for this thesis and all my other life achievements. They have given me the encouragement to 

pursue my goals. Thank you from bottom my heart.  

I got married while I was doing this PhD. During the last couple of years of my PhD, I had to 

sacrifice many weekends and holidays working on my thesis, rather than spending time with my 

wife. I want to give heartfelt thanks to my amazing wife and partner in crime. I am looking forward 

to enjoying life with her even more following this PhD. 

  

 

 

 

 

 

 



vi 

 

Dedicated to … 

 

 

my dearest parents 

Reza Ebrahimikoupaei 

and 

Soudabeh Hajisafari 

 

and my supportive and loving wife  

Mahsa Moridnejad 

 

without whom my life would not have been the same… 

 

 

 



vii 

 

Contents 

Abstract ........................................................................................................................................ i 

Acknowledgements .................................................................................................................... iv 

Dedicated to …........................................................................................................................... vi 

List of Figures .......................................................................................................................... xiii 

List of Tables ............................................................................................................................... 1 

1. Introduction ...................................................................................................................... 3 

1.1 Background & Motivation .................................................................................................... 3 

1.2 Research Objectives ............................................................................................................ 10 

1.3 Organisation of the dissertation........................................................................................... 12 

2. Review of the existing relevant literature ..................................................................... 17 

2.1 Summary ............................................................................................................................. 17 

2.2 Background to the building-specific loss assessment ......................................................... 18 

2.2.1 PEER framework for performance-based seismic assessment ........................ 20 

2.2.2 Improvements and alternatives to PEER seismic performance assessment 

framework 24 

2.2.3 Simplified methods for prediction of building specific loss estimation .......... 29 

2.2.4 Limitations of current research on the building specific loss estimation ........ 33 

2.2.5 Problem statement ........................................................................................... 36 

2.2.6 Collapse assessment methodologies and measures ......................................... 38 

2.2.7 Structural models for simulation of structural collapse ................................... 42 

2.3 Uncertainties in the collapse prediction of structural systems ............................................ 47 

2.3.1 Alternatives to IDA for seismic collapse assessment of buildings .................. 50 

2.3.2 Pushover-based methods for estimating collapse capacity of buildings ......... 53 



viii 

 

2.3.3 Ground motion selection methods ................................................................... 56 

2.3.4 Conditional mean spectrum ............................................................................. 59 

2.3.5 Selection of ground motions based on GCIM ................................................. 61 

3. Different levels of computational rigor for loss optimization seismic design ............ 66 

Summary ................................................................................................................................... 66 

3.1 INTRODUCTION ............................................................................................................... 67 

3.2 Overview of LOSD ............................................................................................................. 69 

3.3 Levels of computational rigor in LOSD .............................................................................. 72 

3.3.1 First level of Computational Effort – Rigorous LOSD ................................... 74 

3.3.2 The second level of computational rigor – Semi Rigorous LOSD .................. 85 

3.3.3 Third Level of Computational Rigor – Simplified LOSD ............................... 93 

3.4 Seismic performance assessment of case study buildings .................................................. 99 

3.4.1 Seismic performance assessment of ten-storey Red Book building with three 

levels of computational rigor ................................................................................................. 99 

3.5 Rigorous loss assessment of the case study building ........................................................ 101 

3.6 Loss assessment via the second level of computational rigor ........................................... 104 

3.7 Loss assessment via the third level of computational rigor (simplified LOSD) ............... 115 

3.8 Summary and conclusions ................................................................................................. 120 

4. Analytical simulation of seismic collapse fragility of RC frame buildings .............. 122 

Summary ................................................................................................................................. 122 

4.1 Introduction ....................................................................................................................... 123 

4.2 Fiber-element modelling for collapse assessment ............................................................. 129 

4.2.1 Nonlinear Fiber-element modelling technique .............................................. 129 

4.2.2 Collapse mechanism due to loss of vertical load carrying capacity .............. 130 

4.2.3 Adopted fiber models of concrete and steel .................................................. 132 



ix 

 

4.3 Observation of collapse mechanism in the structural model............................................. 135 

4.4 Comparison of fiber and lumped plasticity modelling for collapse simulation ................ 139 

4.4.1 Single degree of freedom cantilever column ................................................. 140 

4.4.2 Portal frame ................................................................................................... 145 

4.4.3 Ten-storey RC building ................................................................................. 152 

4.5 Definition of collapse using the proposed structural model .............................................. 155 

4.6 Conclusions ....................................................................................................................... 157 

5. Effect of ground motion selection on seismic collapse fragility of RC frame buildings

 159 

Summary ................................................................................................................................. 159 

5.1 Introduction ....................................................................................................................... 160 

5.2 Description of the case study building .............................................................................. 164 

5.3 Structural model ................................................................................................................ 164 

5.4 Ground motion selection at individual hazard levels ........................................................ 166 

5.4.1 Adopted ground motion selection methods ................................................... 166 

5.4.2 Selection of ground motions based on UHS .................................................. 169 

5.4.3 Selection of ground motions based on GCIM ............................................... 171 

5.5 Generation of collapse fragility curve ............................................................................... 175 

5.6 Collapse probability of the case study building using T1=1.0s ......................................... 176 

5.7 Collapse probability of the case study building using T1=1.5s ......................................... 181 

5.7.1 Ground motion selection assuming T1=1.50s ................................................ 182 

5.7.2 Collapse assessment via return period-based IM .......................................... 183 

5.7.3 Collapse fragilities using  𝑇1 = 1.5𝑠 ............................................................ 187 

5.8 Ground motion selection method variability ..................................................................... 191 

5.9 Summary and conclusions ................................................................................................. 192 



x 

 

6. Simplified seismic collapse probability prediction of RC moment resisting frame 

buildings ................................................................................................................................ 195 

6.1 Summary ........................................................................................................................... 195 

6.2 Introduction ....................................................................................................................... 196 

6.3 Description of case study buildings .................................................................................. 200 

6.4 Structural model for simulation of collapse ...................................................................... 204 

6.4.1 Adopted material models ............................................................................... 205 

6.4.2 Effective buckling length for the adopted reinforcing steel material ............ 207 

6.5 Ground motion selection and scaling for response history analysis ................................. 212 

6.6 Collapse probability estimation of case study buildings ................................................... 214 

6.7 Effect of the maximum design inter-storey drift on seismic collapse probability ............ 217 

6.8 Effect of anti-buckling detailing of reinforcing bars on the seismic collapse probability 224 

6.9 Simplified estimation of seismic collapse probability of RC frame buildings detailed for anti-

buckling (Lsr=5.0) .................................................................................................................... 227 

6.10 Simplified prediction of seismic collapse probability for buildings with Lsr ≥ 5.0 (generic 

equation) .................................................................................................................................. 232 

6.11 Verification of the proposed simplified equations for the case study of NZ Red Book 

building.................................................................................................................................... 235 

6.12 Design of RC frame buildings based on a target collapse probability ............................ 239 

6.12.1 Proposed design algorithm ........................................................................... 239 

6.12.2 Recommendations for design and detailing of RC frame buildings to achieve 

acceptable collapse probability ............................................................................................ 245 

6.13 Sidesway and vertical modes of collapse in case study buildings .................................. 247 

6.14 Conclusions ..................................................................................................................... 251 

7. Conclusions and Recommendations............................................................................ 254 



xi 

 

7.1 Summary ........................................................................................................................... 254 

7.2 Key contributions .............................................................................................................. 255 

7.2.1 Improvement of the LOSD framework ......................................................... 255 

7.2.2 Nonlinear fiber-element modelling for seismic collapse simulation ............. 256 

7.2.3 Effect of ground motion selection on the prediction of seismic collapse 

probability 258 

7.2.4 Simplified estimation of seismic collapse probability at MCE ..................... 260 

7.2.5 Design of RC frame buildings based on seismic collapse probability .......... 261 

7.2.6 Height-wise variation of seismic demands .................................................... 262 

7.2.7 Height-wise variation of inter-storey drifts ................................................... 263 

7.2.8 Height-wise variation of peak floor accelerations ......................................... 264 

7.3 Summary of the thesis novelties and contributions ........................................................... 265 

7.4 Recommendations for future work .................................................................................... 266 

7.4.1 Development of LOSD .................................................................................. 266 

7.4.2 Quantification of uncertainties ...................................................................... 267 

7.4.3 Collapse probability prediction for various structural systems ..................... 268 

7.4.4 Simplified functions for prediction of inter-storey drifts and peak floor 

accelerations 268 

8. References ...................................................................................................................... 269 

Appendix A. Height-wise variation of inter-storey drifts and peak floor accelerations for RC 

moment resisting frame buildings ...................................................................................... 284 

A.1 Summary .................................................................................................. 284 

A.2 Introduction .............................................................................................. 285 

A.3 Case study buildings ................................................................................ 287 

A.4 Seismic demand prediction results........................................................... 289 



xii 

 

A.4.1 Inter-storey drift profile for case study buildings ................................. 290 

A.4.2 Peak Floor acceleration profile for case study buildings ...................... 297 

A.5 Key structural response observations....................................................... 311 

A.5.1 Variation in inter-storey drift profiles ................................................... 311 

A.5.2 Variation in peak floor acceleration profiles ........................................ 313 

A.6 Conclusions .............................................................................................. 314 

 



xiii 

 

List of Figures 

 

Figure 2.1:Underlying the PEER probabilistic framework (Moehle and Deierlein 2004) ........... 21 

Figure 2.2: Seismic hazard curve for Christchurch ...................................................................... 22 

Figure 2.3: Example of IDA curves used for collapse assessment (Zareian, Krawinkler et al. 2010)

....................................................................................................................................................... 23 

Figure 2.4: Examples of sidesway collapse of buildings in Hualien, Eastern Taiwan following 

magnitude 6.4, February 2018 earthquake .................................................................................... 37 

Figure 2.5: Examples of vertical collapse of buildings in Hualien, Eastern Taiwan following 

magnitude 6.4, February 2018 earthquake. a) soft storey collapse of ground floor level b) collapse 

due to premature buckling of vertical reinforcing in columns. ..................................................... 37 

Figure 2.6: Collapse fragility curves obtained by fitting lognormal distributions to the data points 

obtained using the IM-based and EDP-based approaches ............................................................ 40 

Figure 2.7: Modified Ibarra – Krawinkler (IK) deterioration model; (a) monotonic curve; (b) basic 

modes of cyclic deterioration and associated definitions (adopted from Lignos and Krawinkler 

2012a) ........................................................................................................................................... 44 

Figure 2.8: CDF of the plastic hinge deformation proposed by Lignos and Krawinkler (2012a) 46 

Figure 2.9: Multiple-stripe analysis (MSA) for an existing RC frame using a suite of 30 ground-

motion recordings (Jalayer and Cornell 2009) .............................................................................. 52 

Figure 2.10: Example of a pushover curve and definition of “failure” point when the state of NC 

limit state is attained at the first critical element .......................................................................... 54 



xiv 

 

Figure 2.11: Deaggregation of 1 in 500-year seismic hazard for Christchurch at 10% in 50 years 

hazard level ................................................................................................................................... 58 

Figure 2.12: Comparison of spectral acceleration curves for different ruptures .......................... 59 

Figure 2.13: Comparison of CMS and UHS for an example site in Christchurch, NZ conditioned 

to 𝑆𝑎(𝑇1 = 1.5𝑠) .......................................................................................................................... 60 

Figure 3.1: An overview of the steps in LOSD ............................................................................ 70 

Figure 3.2: The process of loss assessment and IM-EDP variables ............................................. 71 

Figure 3.3: An example of probabilistic seismic hazard curve (Bradley et al. 2008) ................... 76 

Figure 3.4: (a) Illustration of Incremental Dynamic Analysis results (b) IM values at collapse as 

observed from the IDA results, and a collapse fragility function fitted to the data (from Baker 

(2015))........................................................................................................................................... 77 

Figure 3.5: The fragility and repair cost (loss) function for beam column joints of an RC building 

[from Bradley et al. (2008)] .......................................................................................................... 81 

Figure 3.6: Loss given intensity for the entire structure of a case study given; a) collapse does not 

occur b) collapse occurs c) collapse and no collapse considered ................................................. 84 

Figure 3.7: Example of performance requirements in RDI format for buildings in different levels 

of ground motion in LOSD (Dhakal and Saha 2017) ................................................................... 87 

Figure 3.8: Loss given EDP for ceilings with respect to the total building cost Tang et al. (2014)

....................................................................................................................................................... 98 

Figure 3.9: Plan and elevation view of the ten-storey Red Book building (Bull and Brunsdon 1998)

..................................................................................................................................................... 100 

Figure 3.10: Height-wise variation of structural response from NL-RHA for non-collapse cases. 

Mean and mean ± standard deviation of response is shown in red solid lines ........................... 102 



xv 

 

Figure 3.11: Collapse fragility curve of the case study building using four different GM selection 

methods, including (dashed lines) and excluding (solid lines) modeling uncertainties ............. 103 

Figure 3.12: Loss given intensity for the case study building considering non-collapse cases 

(Bradley 2009a) .......................................................................................................................... 104 

Figure 3.13: The first three modal displacement shapes of the case study building .................. 105 

Figure 3.14: Force- displacement relationship for the ten-storey case study building ............... 106 

Figure 3.15: Median inter-storey drifts at MCE for the ten-storey case study building obtained 

from NLRHA (Bradley 2009a) and extended pushover analysis ............................................... 108 

Figure 3.16: Cumulative distribution function for inter-storey drifts at MCE for storey 2 of the ten-

storey case study building, including collapse and excluding collapse ...................................... 110 

Figure 3.17: Generic normalized floor level loss functions from Dhakal and Saha (2017) ....... 113 

Figure 4.1: Examples of vertical mode of collapse in real buildings.......................................... 126 

Figure 4.2: Schematic illustration of fiber-element modelling of RC elements ......................... 130 

Figure 4.3: Adopted models for concrete and steel materials ..................................................... 133 

Figure 4.4: Plan and elevation view of the case study building.................................................. 136 

Figure 4.5: Stress-strain response of a fiber in the critical section of the case study building 

subjected to an example earthquake a) Confined concrete fiber, b) Reinforcing steel fiber in 

tension, c) Reinforcing steel in compression .............................................................................. 138 

Figure 4.6: Hysteretic cyclic response of the single degree of freedom column. a) Hysteretic 

response of the column using lumped plasticity model up to 10% drift b) Comparison of fiber and 

lumped plasticity modelling up to 2.5% drift ............................................................................. 142 

Figure 4.7: Stress-Strain diagrams of RC column at 2.5% drift a) Steel, left side b) Steel, right side 

c) Concrete left side d) Concrete right side ................................................................................ 145 



xvi 

 

Figure 4.8: Case study portal frame ............................................................................................ 146 

Figure 4.9: Cyclic hysteretic response of the portal frame using plastic hinge model; a) 

Lambda=3.25 based on the median values proposed by Haselton et al. (2008); b) Lambda=0.5, i.e. 

closer to values proposed by Lignos and Krawinkler (2012a) ................................................... 147 

Figure 4.10: Comparison of the hysteretic cyclic response of the portal frame column obtained by 

fiber and plastic hinge model; a) Left column Λ=3.25; b) Right column Λ=3.25; c) Left column 

Λ=0.5; d) Right column Λ=0.5 ................................................................................................... 149 

Figure 4.11: Stress-Strain diagrams of RC columns at 3.5% drift; a) Left column, left side b) Left 

column, right side; c) Right column, left side; d) Right column, right side ............................... 150 

Figure 4.12: Un-balanced response of the left and right columns of the case study portal frame a) 

Moment curvature diagram b) variation of axial deflection in the analysis ............................... 151 

Figure 4.13: Pushover analysis comparison of the case study RC building with plastic hinge and 

fiber element models ................................................................................................................... 154 

Figure 4.14: Incremental dynamic analysis of the case study building subjected to an example 

ground motion. a) Fiber model b) Plastic hinge model .............................................................. 155 

Figure 5.1: Plan and elevation view of the New Zealand Red Book building............................ 165 

Figure 5.2: UHS obtained by NZS1170.5 (NZS1170.5 2004) and PSHA along with CMS for 500 

and 2500 years return periods ..................................................................................................... 170 

Figure 5.3: GCIM distributions for 1% probability of exceedance in 50 years hazard level 

conditioned on 𝑆𝑎𝑇1 = 1.0𝑠; (a) cumulative distribution of scale factors (b) cumulative 

distribution of significant duration, Ds575, of selected GMs (c) cumulative distribution of 

significant duration, Ds595, for selected GMs (d) random realizations and response spectrum of 

the selected ground motions........................................................................................................ 174 



xvii 

 

Figure 5.4: (a) Linear trend fit of the collapse probabilities in logarithmic scale, and (b) Collapse 

probability data points and collapse fragility curve fitted using two different methods ............ 177 

Figure 5.5: Collapse probability of the case study building at various hazard levels using initial 

period of the structure obtained by various GM selection methods; (a) comparison via return period 

as the IM (b) comparison via 𝑆𝑎𝑇1 = 1.0𝑠 as the IM for PSHA based GM selection methods (c) 

comparison based on 𝑆𝑎𝑇1 = 1.5𝑠 as the IM for NZS1170.5 spectra ....................................... 179 

Figure 5.6: Collapse fragility curve of the example building assuming 𝑆𝑎𝑇1 = 1.0𝑠 ............... 181 

Figure 5.7: Comparison of the CMS conditioned on 𝑆𝑎𝑇1 = 1.0𝑠 and 𝑆𝑎𝑇1 = 1.5𝑠 for 2500 years 

return period hazard level ........................................................................................................... 183 

Figure 5.8: Collapse probability of the case study building at various hazard levels assuming 

cracked period of the structure obtained by various GM selection methods; (a) comparison via 

return period as the IM (b) comparison based on 𝑆𝑎𝑇1 = 1.5𝑠 as the IM for PSHA-based GM 

selection methods (c) comparison via 𝑆𝑎𝑇1 = 1.5𝑠 as the IM for NZS1170.5 spectra ............. 185 

Figure 5.9: Comparison of collapse probability estimation of the case study building at various 

hazard levels using initial and cracked period of the building.................................................... 186 

Figure 5.10: Collapse fragility curve of the case study building using four different GM selection 

methods along with the distribution of median collapse capacity assuming cracked period of the 

structure....................................................................................................................................... 187 

Figure 5.11: Collapse fragility curve of the case study building using four different GM selection 

methods, including (dashed lines) and excluding (solid lines) modeling uncertainties ............. 190 

Figure 6.1: Plan and elevation view of the base case study building, 10-storey, 4 bays ............ 202 

Figure 6.2: Column and beam cross sections of the “base” case study building – stirrups 

configuration is shown to provide Lsr = 5.0 .............................................................................. 203 



xviii 

 

Figure 6.3: Overview of fiber element nonlinear modelling technique ...................................... 204 

Figure 6.4: Overview of buckling length determination using Dhakal and Maekawa (2002a) 

approach ...................................................................................................................................... 206 

Figure 6.5: Comparison of the structural response of a portal frame with Lsr=10 and Lsr=15 with 

plastic hinge models .................................................................................................................... 211 

Figure 6.6: Schematic depiction of the period range to match with the target spectrum for ground 

motion selection .......................................................................................................................... 213 

Figure 6.7: Response spectra of the selected and scaled ground motions selected at MCE for the 

base case study building. hazard level for the base case study building ..................................... 214 

Figure 6.8: Variation of the collapse probability at MCE level with respect to the estimated θP for 

all the case study buildings ......................................................................................................... 225 

Figure 6.9: Magnitude of collapse probability increase for 10-sorey, 4-bay case study buildings by 

increasing Lsr compared to Lsr = 5.0 at varying design inter-storey plastic drifts ................... 226 

Figure 6.10: Comparison of predicted collapse probability of case study buildings with Lsr =

5.0 at MCE level using the proposed equation and NRHA ........................................................ 230 

Figure 6.11: Comparison of collapse probability of case study buildings obtained by NLRHA and 

the proposed equation for Lsr =5.0 ............................................................................................. 231 

Figure 6.12: Inter-storey drift profiles for building 7 with Lsr = 5.0 at MCE considering only the 

no collapse GMs (left) and both collapse and no collapse GMs (right) – solid red lines indicate the 

median, median plus and median minus standard deviation drift profiles ................................. 232 

Figure 6.13: Comparison of predicted collapse probability of case study buildings with varying 

Lsr at MCE level using the proposed equation and NRHA ........................................................ 234 

Figure 6.14: Plan and a typical exterior elevation view of the NZ Red Book Building (Bull and 



xix 

 

Brundsdon 1998) ......................................................................................................................... 235 

Figure 6.15: Typical cross section detailing for beams and columns of the NZ Red Book Building 

(Bull and Brundsdon 1998) ......................................................................................................... 236 

Figure 6.16: Overview of the proposed approach to design RC frame buildings based on seismic 

collapse safety ............................................................................................................................. 242 

Figure 6.17: Flow chart for design of lateral ties for buckling resistance (Dhakal and Su 2018)

..................................................................................................................................................... 246 

Figure 6.18: Inter-storey drift predictions from NL-RHA of case study 7 at MCE with 𝐿𝑠𝑟 = 5.0. 

- no collapse ground motions (left), collapsed and no collapse ground motions (right) ............ 249 

Figure 6.19: Inter-storey drifts from NL-RHA for building 6 at MCE with 𝐿𝑠𝑟 = 5.0. (left) and 

𝐿𝑠𝑟 = 7.5. (right) ........................................................................................................................ 251 

 

Figure A. 1: Inter-storey drift prediction from nonlinear response history analysis for case study 7 

- no collapse ground motions (left), collapsed and no collapse ground motions (right) ............ 290 

Figure A. 2: Inter-storey drift profile for Model ID=1 ............................................................... 291 

Figure A. 3: Inter-storey drift profile for Model ID=2 ............................................................... 292 

Figure A. 4: Inter-storey drift profile for Model ID=3 ............................................................... 293 

Figure A. 5:Inter-storey drift profile for Model ID=4 ................................................................ 293 

Figure A. 6: Inter-storey drift profile for Model ID=5 ............................................................... 294 

Figure A. 7: Inter-storey drift profile for Model ID=6 ............................................................... 295 

Figure A. 8: Inter-storey drift profile for Model ID=7 ............................................................... 295 

Figure A. 9: Inter-storey drift profile for Model ID=8 ............................................................... 296 



xx 

 

Figure A. 10: Inter-storey drift profile for Model ID=9 ............................................................. 296 

Figure A. 11: Inter-storey drift profile for Model ID=10 ........................................................... 297 

Figure A. 12: Peak floor acceleration profile for building ID = Model 1 ................................... 299 

Figure A. 13: Peak floor acceleration profile for building ID = Model 2 ................................... 300 

Figure A. 14: Peak floor acceleration profile for building ID = Model 3 ................................... 301 

Figure A. 15: Peak floor acceleration profile for building ID = Model 4 ................................... 303 

Figure A. 16: Peak floor acceleration profile for building ID = Model 5 ................................... 304 

Figure A. 17: Peak floor acceleration profile for building ID = Model 6 ................................... 306 

Figure A. 18: Peak floor acceleration profile for building ID = Model 7 ................................... 307 

Figure A. 19: Peak floor acceleration profile for building ID = Model 8 ................................... 309 

Figure A. 20: Peak floor acceleration profile for building ID = Model 9 ................................... 310 

Figure A. 21: Peak floor acceleration profile for building ID = Model 10 ................................. 311 

 



1 

 

List of Tables 

Table 3.1: Example of an inventory of building components for office buildings from 

Bradley et al. (2008) ............................................................................................................ 80 

Table 3.2: Example of the median loss of components ....................................................... 97 

Table 3.3: Seismic loss assessment results via the second level of computational rigor at 

LOSD using Dhakal and Saha (2017) floor loss functions ............................................... 114 

Table 3.4: Inter-storey deflection at DBE for Red Book Building (Bull and Brunsdon 1988)

 ........................................................................................................................................... 118 

Table 3.5: Seismic loss assessment results via the first level of computational rigor at LOSD 

using Dhakal and Saha (2017) floor loss functions ........................................................... 120 

Table 5.1: Results of Collapse Performance Assessment of the Case Study Building 

assuming Cracked Stiffness of structural components ...................................................... 188 

Table 6.1: Variation of drift modification factor with structure height, adopted from (NZS 

1170.5 2004) ...................................................................................................................... 203 

Table 6.2: Required Spring Stiffness for Different Buckling Modes (adopted from Dahakal 

and Maekawa 2002a) ......................................................................................................... 209 

Table 6.3: Collapse probability of different case study buildings with varying design drift 

and varying Lsr at 500 return period hazard levels ........................................................... 218 

Table 6.4: Collapse probability of case study buildings with varying design drift and varying 

𝐿𝑠𝑟 at 2500-year return period (MCE) hazard level ......................................................... 219 

Table 6.5: Collapse probability at MCE for ten-storey Red Book building via multiple stripe 



2 

 

analysis using different ground motion methods (Max. 𝐿𝑠𝑟 = 6.0) ................................. 237 

Table 6.6: Inter-storey deflection at DBE for Red Book Building (Bull and Brunsdon 1988)

 ........................................................................................................................................... 239 

Table A.1: List of case study buildings used in the research along with collapse probabilities 

at DBE level 288 

Table A.2: List of case study buildings used in the research along with collapse probabilities 

at MCE level ...................................................................................................................... 288 

 

 

 

 

 

 

 

 

 

 



3 

 

 

 

Chapter 1 

 

1. Introduction 

 

1.1 Background & Motivation 

Observations from the past recent earthquakes (e.g., Yifan 2008, Kam 2011, Reyners 

2011) have shown that generally complying with seismic design requirements of modern 

building codes and standards - to a large extent - has been able to achieve life safety goal of 

the seismic design. However, despite relatively low human casualties, the financial 

implications of moderate to strong earthquakes (such as the 2010 and 2011 Canterbury 

earthquakes in New Zealand) has still been extensive. Therefore, the effectiveness of seismic 

design principals in contemporary standards to meet public expectations has gone under 

scrutiny (Petak and Elahi 2000, Wood et al. 2016). One of the problems with the current 

approach of seismic codes and guidelines, which predominantly use prescriptive criteria to 
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control structural behaviour, is that seismic performance is not explicitly quantified in a way 

that is perceivable to stakeholders. To rectify the issue, financial loss of buildings subject to 

various levels of earthquake motions as a metric to gauge the building performance has been 

proposed in the literature (e.g. Moehle and Deierlein 2004, Aslani and Miranda 2005). 

Consequently, attention of the earthquake engineering community has been shifted from 

minimising the loss of life to minimising the financial and social implications of seismic 

events (e.g., Ibarra and Krawinkler 2005, Hamburger 2006, Zareian and Krawinkler 2006, 

Rodgers et al. 2015).  

In line with this momentum in the development of seismic design philosophy based on 

minimising financial implications of seismic events, a preliminary framework for a 

comprehensive design methodology based on various sources of loss, termed as  “Loss 

Optimisation Seismic Design (LOSD)”, has been proposed by Dhakal (2010). LOSD aims 

to provide a reliable, complete, and comprehensive design approach for the next generation 

of seismic codes and standards, based on a targeted level of loss for buildings. At the start 

of this research, LOSD was in early stages of its development, and since various aspects of 

the approach have been under continuous improvement by parallel line of works (e.g. Dhakal 

and Saha 2016, Dhakal et al. 2016, Khukruel et al. 2019). These attempts have been towards 

development of a loss estimation framework that enables practitioners to estimate the 

expected seismic loss with little computational effort. The purpose of these works has been 

that a building engineer, without any prior knowledge of the seismic loss estimation 

framework, can use generalized floor level loss functions to estimate the expected seismic 

loss for a given hazard level within the current time frame of design process. However, it is 
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envisaged that, the outcome of these works (once completed) will be the introduction of a 

simplified design approach which will have several limitations, arising from underlying 

assumptions and simplifications. Although it is a significant achievement to develop a 

simplified loss-based procedure, it will not fully fulfil the reliability, comprehensiveness and 

completeness aims of LOSD which can be used for different building projects regardless of 

the importance and available resources. Meanwhile, admittedly extensive further research is 

required to improve the accuracy of simplified LOSD using generalized, yet reliable, loss 

functions, which is still an ongoing research effort.  

To respond to the comprehensiveness and robustness goals of the LOSD, an enhanced 

framework with three different levels of computational rigor for the methodology is 

proposed in Chapter 3 of the thesis. It is aimed at providing an advanced framework covering 

various building project requirements which can be designed using computationally rigorous 

methods for improved accuracy, or simplified solutions leading to a rapid, rather 

approximate, loss-based solution.  

Following the introduction of levels of computational rigor, the focus of the thesis is 

shifted to advancement of the simplified LOSD. It is demonstrated that a simplified LOSD, 

such that quickly, yet reliably, can be used for design of structures within commercial 

constraint of engineering environment, requires extensive further research to provide 

practical and time saving tools for estimation of building losses. In line with the parallel and 

ongoing attempts, the intention at this thesis is to fill one of the several existing gaps towards 

completion of the simplified LOSD.  
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One of the steps in the prediction of building losses due to seismic events is 

determination of seismic demands which include prediction of seismic collapse probability 

at various earthquake hazard levels. Several research within the past two decades have been 

devoted to the development of numerical approaches for estimation of seismic collapse 

probability of building structures. Majority of these research have been concentrated on the 

estimation of the probability of sidesway mode of building collapse which is when excessive 

second order P-Δ effects fully overcome the first order storey shear resistance and dynamic 

instability occurs( i.e., the structural system loses its gravity carrying resistance). However, 

from the perspective of financial losses, collapse constitutes a limit state associated with 

complete loss of the building, its content, and its function. Therefore, sidesway mode of 

collapse by itself (i.e., representing the total building collapse resulting in death and injury) 

may not be a critical consideration by itself because similar losses, which may require 

condemnation of the building, are likely to be encountered already at drifts smaller than those 

associated with the sidesway collapse limit state. On the other hand, majority of research 

efforts in literature have been towards development of rigorous methods for prediction of 

seismic collapse probability which are cumbersome and have limited applicability for 

simplified LOSD. 

Considering above, development of simplified seismic collapse probability estimation 

methods for RC frame buildings, as a key step in financial loss prediction, has been selected 

as the primary objective of this thesis. Seismic collapse probability estimation of buildings 

involves several steps and complications to be able to mimic the structural response within 

highly nonlinear response. Different aspects of the collapse probability estimation for 



7 

 

buildings under seismic events at various hazard levels is a contemporary topic of research. 

Namely, improvement of the structural modelling for simulation of collapse, ground motion 

selection for nonlinear response history analysis, and quantification of uncertainties have 

been of great interest within the earthquake engineering community. As a result, in the 

process of the development of a simplified method for seismic collapse estimation, several 

auxiliary targets have been identified and addressed in this thesis.  

As noted above, and is explained in further details in Chapter 4, a vast body of research 

has been undertaken to develop structural models that can simulate cyclic strength and 

stiffness degradation of structural systems to establish sidesway mode of collapse of 

buildings. Proposed structural models are predominantly based on lumped plasticity models 

which entail significant shortcomings in simulating the seismic collapse capacity of building 

structures. Consequently, a great deal of effort in the thesis has been devoted to investigating 

and/or development of reliable structural models for simulation of structural collapse which 

can also be used to predict seismic collapse from a financial loss perspective. To this purpose, 

application an enhanced fiber-element-based structural model has been investigated in 

Chapter 4, which is shown to be able to provide a superior tool for rigorous seismic collapse 

simulation compared to the existing models in the literature. The proposed structural model 

improves the state of knowledge on the prediction of the collapse capacity of deteriorating 

structural systems using nonlinear response history analysis (i.e., rigorous prediction of 

collapse probability). 

Another important aspect of the seismic collapse prediction of buildings is the 

selection of ground motions for nonlinear response history analysis. Despite many attempts 
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to develop a consistent approach for selection of ground motions for nonlinear response 

history analysis, review of the literature suggests that; (i) proposed ground motion selection 

methods in the literature are not specifically developed or verified for seismic collapse 

probability prediction (or structural response within highly nonlinear range), (ii) there is no 

quantified indication of the effect of various ground motion selection methods on the seismic 

collapse probability results, and (iii) variation of the collapse probability for a given building 

using different structural period (i.e. period based on gross cross sections, cracked period, 

imperial period, etc.) is not completely known. These shortcomings incline practicing 

engineers and researchers to take uncertain decisions which may lead to unrealistic 

predictions of the seismic collapse probability of buildings. To respond to these perceived 

shortcomings, application of state-of-the-art ground motion selection methods in the 

literature for prediction of seismic collapse probability has been investigated in this thesis 

(Chapter 5). The research outcome in this work quantifies the effect of the selection of 

different ground motion selection methods on the seismic collapse probability results and 

provides guidance on the selection of appropriate structural period for ground motion 

selection for the purpose of seismic collapse probability prediction.  

Developing a reliable structural model to simulate structural collapse and 

understanding the effect of ground motion selection methods in the prediction of the seismic 

collapse probability, in the first few chapters of thesis, serve as basis for the development of 

simplified methods/functions for estimation of seismic collapse probably of buildings which 

is the main objective of the thesis. As noted before, research efforts to develop simplified 

approaches for collapse assessment in the literature (e.g. Dolsek and Fajfar 2007, Shafei et 
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al. 2011, Fajfar and Dolsek 2012) have been predominantly based on the results of lumped 

plasticity models which lack simulation of the onset of buildings’ components failure, and 

consequently prediction of collapse for loss assessment purposes. Furthermore, they still 

typically require conducting a simplified nonlinear analysis (e.g., nonlinear static pushover 

analysis) to predict a median collapse capacity. The median seismic collapse capacity is then 

combined with pre-quantified uncertainties to generate a probability of collapse distribution. 

Although less cumbersome in comparison to rigorous methods, these approaches do not fit 

in the purpose of simplified LOSD which intends to provide a procedure without a structural 

analysis, or just a simple linear analysis. Therefore, in this thesis, the aim is to develop a 

simple approach which requires no analysis, or a simple linear analysis, for prediction of the 

seismic collapse probability of RC moment resisting frame buildings. This will in turn fills 

one the key gaps in the advancement of the simplified LOSD.  

The approach adopted in the thesis to develop simplified functions for seismic collapse 

probability is by conducting a vast number of rigorous nonlinear response history analyses 

to estimate collapse probability and fit the database to a simple equation. Therefore, 

estimation of seismic collapse probability requires undertaking an extensive range of 

nonlinear response history analysis. Although the purpose of analyses is to predict seismic 

collapse probability of buildings, results of other engineering demand parameters (i.e. inter-

storey drifts and peak floor acceleration) for selected case sturdy buildings also recorded.  

Predictions of engineering demand parameters in the literature are predominantly 

based on structural analysis with structural simulations that do not explicitly account for 

building collapse. However, it is envisaged that exclusion of seismic collapse in the 
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prediction of inter-storey drifts and floor accelerations may result in misleading conclusions. 

That is because structural failure in buildings subjected to strong ground motions, resulting 

in total building loss, may take place prior to floor acceleration and inter-storey drift 

demands reaching to their maximum (an example of this is shown in Appendix A). In other 

words, it is not clear from the literature if seismic demands at a given level of earthquake 

hazard occurs after structural collapse, which results in total building loss. Therefore, it is 

envisaged that the median value of seismic demands from an ensemble of ground motion 

records in the literature may have been obtained with data that may be decisively large, 

belonging to ground motion records that have caused structural collapse.   

 Results of inters-storey drift and peak floor acceleration demands for selected case 

study buildings are demonstrated in Appendix A. It is noted that investigation of the height-

wise variation of seismic demands to derive simplified functions for LOSD requires 

extensive further research which is beyond the scope of this thesis. Rather, the purpose herein 

is to demonstrate results from extensive number of analysis in the thesis using a rigorous 

structural model to serve as a basis for future research. Further work is required to draw firm 

conclusions on the height-wise variation of seismic demands which goes beyond the main 

objective of this thesis.  

1.2 Research Objectives 

In summary, the main objectives of this dissertation are to (a) improve the LOSD 

framework, and (b) to provide a simplified methodology for seismic collapse probability 
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prediction of RC frame buildings. However, in the process of development of methods for 

simplified seismic collapse assessment, several auxiliary objectives were identified. The 

objectives of the work discussed in this report are to advance state of the knowledge on 

collapse assessment of structural systems. Collapse is multifaceted but in this context the 

focus is on collapse of frame structures such that can be used for simplified prediction of 

financial losses. Considering above, the objectives of the current thesis are as follows: 

(i) Improvement and further development of the LOSD framework. 

(ii) Development of an enhanced structural model to reliably simulate seismic collapse 

of RC frame buildings. 

(iii) Explore state-of-the-art ground motion selection methods for seismic collapse 

assessment to identify the effect of ground motion selection on the seismic collapse 

probability prediction results. 

(iv)  Examine seismic collapse risk of RC moment resisting frames designed based on 

the current NZ standards. 

(v)  Develop equations and/or guidelines for simplified prediction of the seismic collapse 

probability of RC moment resisting frame buildings. 

(vi)  Demonstrate height-wise variation of peak floor acceleration and inter-storey drifts 

for RC frame buildings, considering seismic collapse probably, in comparison to 

current NZ standards predictions. This is to provide a pathway for future research in 

development of simplified functions for application in LOSD which is beyond the 

scope of this thesis.  
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1.3 Organisation of the dissertation 

This dissertation is comprised of 7 chapters and 2 appendices. Most of the chapters are 

written in the format a paper so that can be published as a journal or conference paper (some 

chapters have been already published or submitted for publication). The following section 

explains contents of various chapters of the thesis. 

CHAPTER 1 elaborates the motivation and objectives of the thesis. Organisation of 

the thesis is also included in this chapter. 

CHAPTER 2 is dedicated to literature review of the research conducted in this 

dissertation. Since estimation of building losses encompasses many different aspects of 

earthquake engineering, review of the previous work for all these topics is not feasible and 

would be beyond the focus of this thesis. Chapter 2 aims to provide an overall picture of the 

research conducted related to various steps in the estimation of seismic loss but puts an 

emphasis on the seismic collapse probability estimation of buildings. Literature review 

related to specific topics addressed in each chapter is summarised in the introduction section 

of each chapter. Chapter 2 provides more details of previous works predominantly in the 

field of seismic collapse prediction which is not provided in other chapters.  

CHAPTER 3 presents a framework for Loss Optimization Seismic Design (LOSD), 

which is a loss-based design methodology initially developed by the supervisor of this thesis. 

The framework of the LOSD procedure has been explained and further developed in this 

chapter. The main contribution of this chapter is the introduction of levels of computational 
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rigor for LOSD. Three levels of computational rigor to design buildings for minimized loss 

is proposed in this chapter. The first level is the rigorous LOSD which relies on the 

comprehensive building inventory and nonlinear response history for structural analysis. The 

second level of computational rigor is based on predefined fragility functions for building 

components and carrying out nonlinear static structural analysis. Finally, the third level of 

computational rigor is the simplest level which is based on pre-defined loss functions and 

simplified linear structural analysis. The latter provides a tool for rapid loss-based design of 

buildings without cumbersome computational effort. 

It is shown in chapter 2 that in order to develop a simplified loss-based design (i.e., 

third level of computational rigor in LOSD), extensive further research is required to develop 

simplified loss functions and analysis procedures for collapse probability and structural 

demand estimation. The aim of this thesis is to develop simplified equations and/or 

guidelines to be able to estimate seismic collapse probability of RC frame buildings, which 

is the first step in the estimation of loss for LOSD. 

The approach taken in the thesis to develop simplified functions/guidelines for 

collapse probability estimation is to undertake extensive range of rigorous seismic collapse 

assessments to identify a trend in the collapse probability estimation. This will need to be 

carried out for different structural systems. This thesis attempts to provide guidelines only 

for RC frame buildings. Development of similar guidelines/equations for other structural 

systems remains the subject of future research.  

The research on collapse probability prediction of buildings starts with a 
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comprehensive literature review in this field. The literature review on the structural models 

to simulate structural collapse revealed that existing structural models in the literature are 

not able to appropriately simulate various modes of structural collapse. Therefore, the need 

to develop a reliable structural model for simulation of collapse was recognised at this stage. 

CHAPTER 4 proposes the application of a fiber-element-based structural model for 

simulation of structural collapse. The proposed structural model enables simulation of 

sidesway mode of collapse as well as collapse due to loss of vertical load carrying capacity 

of columns. The structural model also takes into account variation of axial loads during the 

analysis, which is missing in the commonly used lumped plasticity models. Collapse 

mechanism used by the proposed model is illustrated in this chapter. A comparison of the 

proposed model with conventional lumped plasticity models for various type of structures is 

presented. It is illustrated that the proposed structural model provides a significant 

improvement in collapse simulation compared to conventional models. 

The next step in collapse probability assessment is to select ground motions for 

nonlinear response history analysis. 

CHAPTER 5 involves an extensive review of the state-of-art ground motion selection 

methods which can be used for collapse prediction. Through a sample case study building 

which acts as a sample of RC buildings designed in accordance with NZ standards, collapse 

fragility prediction of four different ground motion selection methods are scrutinised in this 

chapter. Furthermore, the effect of structural period on the collapse fragility is investigated. 

The pros and cons of each method are discussed, and collapse fragility curves obtained by 
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different methods are compared. It is shown that ground motion selection based on the 

conventional uniform hazard spectrum offers a higher confidence and conservatism in the 

prediction of seismic collapse for engineering purposes. Therefore, this method is adopted 

for collapse assessment of case study buildings in later chapters of the thesis.  

CHAPTER 6 aims to develop simple guidelines/functions for rapid prediction of 

seismic collapse probability. In this chapter, findings of previous chapters in structural 

modelling and ground motion selection are used for seismic collapse assessment of a vast 

number of case study buildings. Results of the case study buildings indicate that collapse 

probability of RC frame buildings is significantly dependent on design inter-storey drifts and 

confinement of structural components. Therefore, a simplified equation for rapid prediction 

of seismic collapse based on the design inter-storey drift is proposed in this chapter. The 

proposed equation enables approximate prediction of seismic collapse probability for RC 

frame buildings at the maximum credible hazard level. Furthermore, based on the proposed 

equation for collapse probability estimation, a new simplified procedure for seismic design 

of RC frame buildings is proposed. The proposed design procedure provides a simplified 

performance-based seismic design for RC frame buildings without the need to undertake 

cumbersome capacity design requirements in the current seismic codes. 

CHAPTER 7 summarises the results and contributions of this thesis. Conclusions are 

drawn from results of different chapters and extended to identify the impact of the findings 

of this thesis in the field of performance-based earthquake engineering. Eventually, areas of 

future research in line with the work in this study are recommended at the end of this chapter. 



16 

 

APPENDIX A illustrates the height-wise variation of seismic demands in RC moment 

resisting frame buildings. Using the structural analyses results conducted in Chapter 6 to 

predict collapse probability for various case study buildings at different levels of seismic 

hazard, structural response plots are depicted in this appendix. Variation of peak floor 

accelerations as well as inter-storey drifts throughout the height of selected case study 

buildings used in the thesis are displayed. Comparison of the existing simple methods for 

prediction of seismic demands to nonlinear response history analysis results is also 

presented. Results shown in this chapter demonstrate that prediction of the seismic demands 

using existing simple linear methods in the literature is likely to produce notable errors in 

the prediction of seismic demands for LOSD. 
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Chapter 2 

 

2. Review of the existing relevant literature 

2.1 Summary 

The research in this thesis can be categorized into two prime sections. The first part of 

the thesis aims to clarify, extend, and improve the loss optimization seismic design (LOSD) 

framework. The second part, which is the main contribution of the thesis, aims to develop a 

simplified methodology for seismic collapse probability prediction of reinforced concrete 

(RC) frame buildings. Improvement of the LOSD framework requires understanding of 

various aspects of the loss estimation. Investigation of various aspects of the loss estimation 

encompasses a vast area of earthquake engineering discipline. Therefore, in the first part of 

this chapter research attempts in the literature to develop methods for estimation of seismic 

loss of buildings are discussed. It aims to provide an overall image of the efforts in the 

literature, with an emphasis on the simplified methods for building loss estimation. More 

specific literature review on the loss estimation related to LOSD is provided in chapter 3, 

which elaborates various steps involved in the prediction of building-specific loss. The 
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second part of the chapter is allocated to review of methods for seismic collapse probability 

prediction of buildings in the literature, as the main topic and objective of the thesis. Collapse 

probability estimation measures and procedures in the literature are first discussed. 

Subsequently, three main elements of the seismic collapse assessment procedure being 

simulation of structural collapse, consideration of uncertainties, and ground motion selection 

are discussed and the need for development of a simplified collapse probability estimation 

method is outlined.  

2.2 Background to the building-specific loss assessment  

Performance-based seismic design (PBSD) has emerged with the objective of 

improving seismic risk decision-making through development of assessment and design 

methods that are more transparent, scientific, and informative to stake-holders compared to 

prescriptive approaches. PBSD is a formal process for design and assessment of buildings 

which includes a specific intent to achieve defined performance objectives in future 

earthquakes. A key feature of PBSD is the definition of performance metrics that are relevant 

to decision making for seismic risk mitigation.  Performance objectives relate to expectations 

regarding the amount of damage a building may experience in response to earthquake 

shaking, and the consequences of that damage. The typical building design process is not 

performance-based. Structural engineers conventionally calculate “performance” in terms of 

narrowly defined engineering response parameters such as structural deformations and 

forces. In the typical process, design professionals select, proportion, and detail building 

components to satisfy prescriptive criteria contained within the building code.  Many of these 
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criteria are developed with the intent to provide some level of seismic performance; however, 

the intended performance is often not obvious, and the actual ability of the resulting designs 

to provide the intended performance is seldom evaluated or understood. To expand 

interpretation of structural response to more direct performance metrics, the first generation 

of PBSD guidelines (such as FEMA 273 1997, FEMA 356 2000, ASCE/SEI-41 2007) 

attempt to relate structural response indices (inter-storey drifts, inelastic member 

deformations and member forces) to performance-oriented descriptions such as immediate 

occupancy (IO), life safety (LS) and collapse prevention (CP). These performance levels are 

applied to both structural and non-structural components and are assessed at a specified 

seismic hazard level.  

Although the first generation of performance-based guidelines established a 

vocabulary and provided a means by which engineers could quantify and communicate 

seismic performance to clients and other stakeholders, implementation of these procedures 

in practice uncovered certain limitations and identified enhancements that were needed. 

Namely, new performance measures that better relate to the decision-making needs of 

stakeholders, and accounting for uncertainties in earthquake hazard and structural response 

prediction were deemed necessary for the next generation of seismic design codes and 

guidelines.  

Considering that earthquakes occur at random times and locations with unforeseen 

magnitudes and shaking frequencies, it is prudent to assess the performance of a facility in a 

probabilistic manner. Therefore, to respond to the demand for an improved performance-

based framework, Pacific Earthquake Engineering Research (PEER) centre developed a 
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probabilistic performance-based earthquake engineering methodology for buildings and 

bridges (Moehle and Deierlein 2004). The performance assessment process is described 

through four generalized variables that characterize information from the relevant scientific 

and engineering disciplines. Since its introduction, the PEER framework has been used as a 

platform for enhancement of PBSD guides and procedure which is further elaborated in the 

next section. 

2.2.1 PEER framework for performance-based seismic assessment 

As noted , in response to perceived insufficiencies of the existing design codes in 

minimising socio-economic impacts of seismic events, the  PEER centre developed a loss 

estimation framework which is known as the PEER framework (Deierlein et al. 2003, 

Moehle and Deierlein 2004). In summary, the PEER performance assessment process is 

described through four generalized variables that characterize information from the relevant 

scientific and engineering disciplines in a logical and consistent manner. The process begins 

with defining a ground motion intensity measure (IM), which is often described by a seismic 

hazard curve for spectral acceleration or another quantity. Next, nonlinear computer 

simulations are used to determine the response of a facility to earthquake ground motions. 

Output from these simulations is defined in terms of engineering demand parameters (EDPs), 

which may consist of maximum inter-storey drifts, peak floor accelerations, local ductility 

demands, or other engineering response quantities. EDPs are then related to damage 

measures (DM), which describe the physical damage to the structure, non-structural 

elements, and contents. Eventually, damage states (DS) are delineated by their consequences 
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or impact on decision variables (DV).  

This methodology can be expressed mathematically in terms of a triple integral based 

on the total probability theorem: 

𝜆(𝐷𝑉) = ∭ 𝐺(𝐷𝑉|𝐷𝑀)𝑑𝐺(𝐷𝑀|𝐸𝐷𝑃)𝑑𝐺(𝐸𝐷𝑃|𝐼𝑀)𝑑𝜆(𝐼𝑀) 
(2.1) 

where 𝜆(𝐷𝑉) is the mean annual rate of exceeding the DV from a specified value, 

𝐺(𝑋|𝑌) is the probability of exceeding 𝑋 given 𝑌 or, in other words, the conditional 

complimentary cumulative probability distribution function, and 𝑑𝜆(𝐼𝑀) is the annual 

frequency of exceeding specific 𝐼𝑀. An overview of the probabilistic framework obtained 

by the equation is shown in Figure 2.1. 

 

Figure 2.1:Underlying the PEER probabilistic framework (Moehle and Deierlein 

2004) 

For example, this equation can be used to estimate the probable repair cost of a building 

at a specific site, or it can be used to estimate the closure time of an office building. 

The PEER equation implies that a probabilistic seismic performance assessment can 

be undertaken in the following four steps:  
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(i) Probabilistic Seismic Hazard Analysis (PSHA), first introduced by Cornell (1968). 

The result of a PSHA is the determination of annual frequency of exceeding an IM. Selection 

of an appropriate IM, which can be well correlated to a given EDP, is an important issue at 

this stage. An example of the output of a PSHA (i.e., a seismic hazard curve) for a building 

site in Christchurch is shown in Figure 2.2. In this example, peak ground acceleration (PGA) 

is selected as the IM. The seismic hazard curve shows the annual probability of PGA 

exceeding a given value of PGA. Using this curve, median PGA at various hazard levels can 

be obtained as shown in the graph. As depicted in the figure, from this curve the PGA for 

10% and 2% probability of exceedance can be obtained which are typically used for 

engineering design.  

 

Figure 2.2: Seismic hazard curve for Christchurch 

(ii) Correlating an appropriate relationship between EDP and IM  

The purpose of this step is to estimate the probability of exceeding an EDP at a given IM. 

Vamvatsikos and Cornell (2002) developed a method based on incrementally performing 

nonlinear response history analyses (RHA) for a suite of ground motions and scaling from 
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elastic behaviour to collapse of the structure. This method is called incremental dynamic 

analysis (IDA) which has been the subject of many studies since its appearance as a generally 

accepted method of correlation between EDP and IM. An example of IDA curves used for 

collapse capacity estimation is shown in Figure 2.3. Using this curve, the median and 

dispersion EDP at a given IM can be obtained. Median and ground motion randomness of 

collapse capacity of a building can also be predicted using this curve.  A thorough description 

of  the different steps involved in performing IDA can be found in Vamvatsikos and Cornell 

(2004a). Further details of the procedure are also given in later sections and other chapters 

of thesis. It is worth noting that as IDA requires significant computational effort. Therefore, 

several attempts have also been made to simplify the procedure through the application of 

pushover analyses (e.g. Vamvatsikos and Cornell 2004b, Han et al. 2010) or alternative 

methods which are reviewed later in the chapter.  

 

Figure 2.3: Example of IDA curves used for collapse assessment (Zareian, 

Krawinkler et al. 2010) 
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(iii) Definition of damage states of the building components comprising structural 

components, non-structural components, and contents as well as their associated cumulative 

probability distribution function given an EDP.  

A curve indicating the cumulative distribution function (CDF) of various damage states 

given an EDP is called a fragility curve and can be generated by experiments, engineering 

judgment or a combination of experimental tests and engineering judgment of damage of 

components. Examples of fragility curves are shown in chapter 3.  

(iv)  Knowing the probability of exceeding of a damage state, decision variables for each 

damage state can be adopted and obtained. Decision variables can be defined as the direct 

repair cost associated with damage states or downtime due to the damage states or 

causalities. 

2.2.2 Improvements and alternatives to PEER seismic performance 

assessment framework  

Since the appearance of the PEER formula several alternatives and developments of 

the formulation have been proposed in the literature. As part of the PEER’s effort to establish 

performance-based assessment methods, Aslani and Miranda (2005) developed a 

component-based methodology that incorporated the effects of collapse on monetary loss by 

explicitly estimating the probability of collapse at increasing levels of ground motion 

intensity. Both sidesway collapse and loss of vertical carrying capacity were integrated into 

the calculation of seismic-induced expected losses, however, losses due to building 

demolition resulting from large residual inter-storey drifts were not considered. This 
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investigation also proposed techniques to disaggregate building losses to identify the most 

significant components that contribute to the overall loss. Additionally, the authors presented 

a method for incorporating the effect of correlations into calculating the dispersion 

associated with these losses at the component-level. Values of component cost correlations 

were unavailable and so building-level cost data was used to approximate these correlation 

coefficients. Component fragilities necessary to illustrate the use of these techniques were 

developed and applied to an existing seven-storey non-ductile reinforced concrete moment frame 

building. Damage of components was primarily estimated with minimal consideration of any 

dependent losses between spatially interacting components. This study treated these component 

losses independently, if they would not have any effect on the overall losses due to non-collapse.  

In coordination with the study by Aslani and Miranda (2005), PEER’s component-based 

loss estimation methodologies were also developed and implemented by Mitrani-Reiser and 

Beck (2007). They developed a computer program, named the MATLAB Damage and Loss 

Analysis (MDLA) toolbox, that implemented the PEER loss estimation framework. This 

program was then used in an investigation to benchmark the performance of a 4-storey ductile 

reinforced concrete moment resisting frame office building, which conformed to modern day 

seismic codes. Mean losses as a function of ground motion intensity level and expected annual 

losses were calculated for multiple design variants to examine how different structural and 

modelling parameters influenced financial losses. The design variants only consisted of 4-storey 

structures, and consequently, losses for structures of different heights were not examined. Losses 

due to non-collapse were calculated on a component-by-component basis, however, much like 

previous studies, the estimations only included losses from components with available fragility 

functions. The components considered in this study included beams, columns, slab-column 
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joints, partitions, glazing, sprinklers, and elevators. An attempt was made to account for 

dependent losses of spatially interacting components by including the replacement cost of the 

dependent component in the repair cost of the other component. However, this approach results 

in counting the loss of the dependent component twice.  

An extension of the PEER formula was also proposed by Dhakal and Mander (2006) 

which suggested integration of scenario losses over the entire range of occurrence 

probability, resulting in the quantification of seismic risk in terms of an expected annual loss 

(EAL). To compute EAL, all losses are integrated over the entire range of probability as 

shown in the following equation: 

𝐸𝐴𝐿 = ∫ 𝐷𝑉|𝑑𝑃(𝐷𝑉)|
∞

0

 
(2.2) 

In this equation 𝑃(𝐷𝑉) is the probability of 𝐷𝑉 exceeding a specified value of 𝐷𝑉. 

For instance, if the decision variable is defined as the cost to repair a structure divided by 

the total replacement cost (𝐷𝑉 = 𝐿𝑟), by substituting Equation 2.2 into Equation 2.1 and 

converting rate to probability by assuming a Poisson distribution, EAL can be expressed as: 

𝐸𝐴𝐿 = ∭ ∫  𝐿𝑟𝑑𝐺(𝐿𝑟|𝐷𝑀)|𝑑𝐺(𝐷𝑀|𝐸𝐷𝑃)||𝑑𝐺(𝐸𝐷𝑃|𝐼𝑀)||𝑒−𝜆𝑑𝜆(𝐼𝑀) 
(2.3) 

This equation incorporates a range of seismic scenarios, return rate, and expected 

damage into a single mean dollar loss. By assuming an interest rate, the time value of EAL 

for each year in the remaining life period of a structure can be transformed to a net present 

value of the total losses in the lifetime of the structure. When this net present value of the 
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potential loss is added to the initial cost of the construction/retrofit, the resulting sum can be 

a very sound and convincing parameter for rational decision making particularly for 

insurance purposes. 

In another attempt, the PEER framework was further developed by Yang et al. (2009) 

which was also later adopted by ATC-58  (2009). This study uses a Monte-Carlo simulation 

procedure to quantify the performance of different structural systems. In this study, a 

rigorous, yet practical implementation of a performance-based earthquake engineering 

methodology was developed and demonstrated for an idealized building. The methodology 

considers seismic hazard, structural response, resulting damage, and repair costs associated 

with restoring the building to its original condition, using probabilistic analysis of the 

associated parts of the problem. The methodology can be generalised to consider other 

performance measures such as casualties and down time, though these were not pursued in 

the study. 

Based on the PEER framework, Bradley et al. (2009a) developed a procedure which 

relies on a rigorous component by component probabilistic loss estimation which is also able 

to account for correlation between losses of different building components on the total 

building loss. This study presented a loss prediction approach which allows various means 

of quantifying seismic risk of a specific facility. The methodology is component-based and 

can, therefore, distinguish between different structural configurations or different facility 

contents consistent with state-of-the-art loss assessment procedures. Loss is measured in the 

form of direct structural and non-structural repair costs, and although not considered in the 

original work, business disruption and occupant casualties can also be accounted. T conduct 
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this study and implement the methodology on a case study building, a computer program, 

named SLAT (Bradley 2009b), was packaged for dissemination in the public domain which 

enabled computer-aided implementation of the procedure.  

More recently, a detailed components-based methodology for loss estimation 

encompassing a vast array of building component fragility functions was developed and 

published in FEMA-P-58 (FEMA 2012a, 2012b). A computer program PACT (Naeim et al. 

2007) was also developed along with the guidelines to facilitate the loss prediction 

methodology. The FEMA-P-58 documents combined with PACT aimed to provide a useful 

tool for engineers to determine performance capability of a given building. With FEMA P-

58, loss assessment was described in a step-by-step set of guidelines for practitioners to 

follow and implement. The provision of PACT meant that this process could be implemented 

with relative simplicity, given that much of fragility and consequence information required 

by the procedure was included in the provided libraries. However, although the loss 

estimation methods developed by Bradley et al. (2009a) and FEMA-P-58 (2012a, 2012b) 

can be implemented using a computer program, direct repair cost estimation still relies on 

rigorous nonlinear response history analyses to compute collapse probability of buildings, 

structural response and pertinent quantities. The complexity and computationally demanding 

procedure of the loss estimation has been an impediment in the application of loss-based 

design methods for engineering practitioners. Therefore, research have also been undertaken 

in the literature to simplify the loss assessment procedure which are discussed in the next 

section.  
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2.2.3 Simplified methods for prediction of building specific loss estimation 

 Attempts have been made to simplify financial loss estimation based on the PEER 

framework. Zareian and Krawinkler (2006) developed a simplified version of PEER’s 

performance-based design framework. This study uses a semi-graphical approach to 

compute building-specific economic losses. Instead of computing financial losses per 

component, the approach computes losses by grouping components into subsystems (either 

at the storey-level or building-level) such that components that belong to the same subsystem 

are well represented by a single structural response parameter. Although this study provided 

a framework that was easier to work with and less complicated, the investigators had to make 

assumptions about the relationships between structural response and economic loss to 

evaluate performance due to the limited damage estimation and loss data at the time the 

research was published. 

 Solberg et al. (2008) proposed a rapid expected annual loss (EAL) estimation method 

using a pushover analysis and a modified capacity spectrum method. Since the method uses 

a pushover analysis to characterize the median IM to EDP relationship, it allows a significant 

reduction in time demands of the financial loss assessment. All sources of variability and 

uncertainty are combined and related to the annual frequency in the form of hazard-survival 

curves which can be integrated and multiplied with the corresponding loss ratios to arrive at 

EAL. To calculate EAL in this approach, engineers must define EDP limits for each of the 

damage states and the associated loss ratios which are not always straightforward and are 

often subject to judgment. This becomes challenging in particular when non-structural 
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components and contents are also considered in the estimation of financial losses, which was 

neglected in study. Moreover, efficiency of this method for multi degree of freedom (MDOF) 

systems has not yet been assessed. 

A simplified version of the PEER’s building specific loss estimation methodology was 

also proposed by Ramirez and Miranda (2009). The focus in this work has been on the 

relationships between EDP-DV by developing functions which relate structural response 

parameters (EDPs) directly to economic losses (DVs). Generic functions were proposed in 

the study by combining the fragility curves of various components with repair costs, 

represented in terms of the percentage of the total storey cost for RC frame buildings. These 

functions are based on a limited range of collected data and only provide information for the 

assessment of moment-resisting frames. Furthermore, the loss functions did not account for 

the variation of component density in different buildings. As a result, the predicted seismic 

loss may be significantly over/under-estimated when the component distributions differ from 

the assumed values. 

Elsewhere, to avoid the extensive calculations required for Monte Carlo simulation-

based approaches, Choun and Elnashai (2010) developed an approximate method for 

uncertainty propagation based on modifying the quantile arithmetic methodology, which 

allows for uncertainty estimates with limited computational effort. A verification example 

in the study showed that the results by the approximation approach are in good agreement 

with the equivalent Monte Carlo simulation outcome. The study also demonstrated the 

proposed procedure for probabilistic loss assessment through a comparison with HAZUS-

MH results to confirm that the proposed procedure consistently gives reasonable estimates. 
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In another attempt for simplified prediction of loss, Mander et al. (2012) proposed a 

probabilistic loss estimation framework that directly relates hazard to response, and hence, 

to loss. Relationships between intensity measures and engineering demand parameters were 

used in this study to define a demand model. An empirically calibrated loss model was used 

in conjunction with the demand model to estimate loss ratios. The loss model was calibrated 

and validated for bridges designed based on the prevailing Caltrans, Japan, and New Zealand 

standards. The loss model was then transformed to provide a composite seismic hazard–loss 

relationship to estimate the expected annual loss for structures. This method is not yet 

comprehensively verified and has been implemented only for bridges. 

The above attempts to develop simplified loss estimation approaches in the literature 

operate predominantly on the presumption that structural demands can be accurately 

quantified across the full range of structural response (i.e. from initial elastic behaviour right 

up to collapse). This may be quantified using complex numerical models that capture the 

different potential mechanisms and particularities associated with a given structural 

typology.  

FEMA (2012a) outlined one method largely oriented on force-based design considerations 

to estimate demands on structures for different levels of intensity – an assessment philosophy 

which has been heavily criticised by Priestley et al. (2007) and was outlined as the main 

reason for the initial development of a displacement-based assessment (DBA). To rectify the 

issue, Welch et al. (2014) initiated an extended DBA procedure for simplified loss 

assessment of ductile RC bare frame structures. In Italy, a research line focused on the 

development of a simplified loss assessment methodology that utilises the (DBA) procedure 
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was founded in 2003, as an inter-university consortium with the purpose of coordinating and 

funding University laboratories that are active in the field of earthquake engineering. As a 

result of this effort, most recently O’Reilly et al. (2020) published a general overview of the 

common framework followed by each working group of the DBA research line to study a 

series of structural archetypes typically found throughout Italy. In this study, DBA was used 

to estimate the response parameters at various limit states of a building. Using this procedure, 

two distinct parameters were determined: the intensity at which each limit state is expected 

to occur; and the structural demands (i.e., storey drifts and the floor accelerations) at that 

intensity. Using these two pieces of information, the loss assessment procedure was termed 

displacement-based loss assessment (DBLA) to estimate the monetary losses with respect to 

intensity and compute other performance metrics such as the EAL. To relate the structural 

demands to an expected loss ratio, the storey loss function approach developed by Ramirez 

and Miranda (2009) was employed in the study, despite the fact that these specific functions 

were developed using Californian costs and required further consideration to be used for 

buildings in Italy. Each working group of the research focused on a specific building 

typology and the findings for typical values of expected annual loss (EAL) and, in some 

cases, the expected benefits of considering different retrofitting solutions, were presented in 

a summarised format (O’Reilly et al. 2020). Furthermore, an independent application of the 

simplified methodology to three school buildings was included to further illustrate the 

method’s versatility.  
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2.2.4 Limitations of current research on the building specific loss estimation 

Despite significant improvements in the field of loss assessment, many areas of 

research have remained to quantify various sources of loss. Namely, the following issued 

were identified that need to be addressed in the future: 

➢ There are currently limited systematic methods to quantify the loss due to downtime. 

For example, a case study of downtime of buildings of the Stanford University after Loma 

Prieta and Northridge earthquakes was presented by Comerio (2006). This work well 

addresses some of the parameters involved in the estimation of downtime and clarifies some 

of the complex aspects of the downtime quantification for buildings. Bradley et al. (2010) 

investigated the direct downtime effects on the loss assessment of a bridge in New Zealand.  

More recently FEMA-P-58 (FEMA 2012a) has provided a procedure to estimate the loss 

associated with downtime. However, considering the variety of parameters involved in the 

estimation of downtime, a significant body of research is still needed to allow development 

of a systematic approach for a rough quantification of downtime for practicing engineers. 

For instance, downtime assessments in FEMA-P-58 and preceding studies are limited to 

consideration of consequences that occur within the occupied building envelope. Earthquake 

shaking can also result in loss of power, water, and sewage services due to damage in offsite 

utilities, and earthquake casualties can occur outside the building envelope when damage 

generates debris that falls onto surrounding property. Earthquake shaking can also cause 

other significant building impacts, both inside and outside the building envelope, including 

initiation of fires and release of hazardous materials. Development of models to assess these 
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additional impacts is still lacking in the literature.  

➢ Currently there is no systematic approach to quantify the losses due to injuries and 

deaths. To account for the losses due to death and injuries, current methods suggest designing 

buildings for a life safety performance target which is expressed in terms of a tolerable 

probability of collapse, or more general, as a tolerable mean annual frequency of collapse 

(e.g. Krawinkler et al. 2006). Although straightforward and based on the present available 

information, this method is not able to quantify demands comparable to acceptable levels of 

death/injuries. Another method is to quantify the probability of death and injuries at a given 

hazard level is to verify the building components’ resistance to sliding at a given structural 

response and combine with it the probability of structural response and the probability of 

death or injuries given that sliding occurs.  Attempts to predict injuries using this approach 

have begun by investigation of contents sliding to evaluate the effect of contents sliding on 

the injuries and possible death (Yeow et al. 2015, Yeow et al. 2017a, Yeow et al. 2017b). 

➢ The only element of the loss for which a systematic quantification procedure has 

been developed is the direct repair cost. However, these procedures rely heavily on data from 

experimental testing to develop fragility functions and estimate damage in addition to costing 

information to determine the expected cost of repair associated with each damageable 

component in a building. Significant research has been undertaken to develop fragility 

functions for structural and non-structural components, but still fragility functions for 

specific components particularly contents may not be available. Some of these functions 

have been refined over the years and the databases updated but some other issues still remain. 

For instance, one issue in the application of PACT, as one of the most common loss 

assessment tools available, is that the developed procedure is largely US-oriented with 
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costing and component typologies corresponding to those typically found in California. 

Simply adopting this data for other parts of the world is not straightforward. For example, a 

recent study by Silva et al. (2020), highlighted these relative differences in costs between 

the US and European countries. Similarly, Giordano et al. (2019) pointed out the limitations 

and discussed possible remedies for the FEMA P-58 approach when applied to existing 

unreinforced masonry buildings. Another pertinent issue is to decide which components to 

include in the damageable inventory implemented in PACT as the accurate quantification of 

losses in a building depends heavily on how exhaustive and accurate the assumed database 

of damageable components is. This uncertainty can give rise to different estimates of loss 

that vary by orders of magnitude between different analysts, as has been seen in the past 

studies (e.g., Krawinkler 2005; Porter et al. 2004). Removing this ambiguity in loss 

assessment towards a more robust tool with which informed decisions can be made for 

retrofitting, repair, etc is an issue that still remains to be addressed.  

 Moreover, definition of the various damage states may vary for a component from 

different references. Cost estimation of each damage state is required within the procedures 

which directly affects the total loss. Nevertheless, component-based damage state cost 

estimation depends on many parameters which may be influenced by location and several 

hardly predictable parameters such as, seasonal cost variations and a surge in the workload 

demand following a disaster. Thus, monetary equivalence of each damage state considering 

different uncertainties remains challenging to quantify.  
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2.2.5 Problem statement 

A key step in the prediction of monetary losses is the prediction of building collapse 

probability. Collapse of a building during and shortly after an earthquake is the consequence 

of loss of the building’s structural system integrity due to excessive deformation or force 

demand initiated in one, or several, component(s) of the building’s structural system. 

Excessive seismic demand triggers strength and stiffness deterioration in structural 

components and can lead to a partial or complete collapse of the building. Observations of 

collapsed buildings in the past earthquakes show that two modes of collapse are the most 

common for a building: sidesway collapse and vertical collapse (Zareian et al. 2010). 

Sidesway collapse is the consequence of successive reduction of load-carrying capacity of 

structural components that are part of the building’s lateral load-resisting system, to the 

extent that second-order (P-Δ) effects accelerated by component deterioration overcome 

gravity load resistance. In contrast, vertical collapse is the result of direct loss of gravity 

load-carrying capacity in one or several structural components.  

Figure 2.4 andFigure 2.5 show examples of sidesway and vertical modes of collapse 

following the 2018 East Taiwan earthquake, respectively. As can be seen, sidesway collapse 

occur as a result of large building drifts, whereas, the vertical mode of collapse may take 

place due to various reasons, including soft storey failure (Figure 2.5a) or excessive axial 

forces during cyclic loading of columns leading to buckling of reinforcing bars (Figure 2.6b). 
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Figure 2.4: Examples of sidesway collapse of buildings in Hualien, Eastern Taiwan 

following magnitude 6.4, February 2018 earthquake 

  

Figure 2.5: Examples of vertical collapse of buildings in Hualien, Eastern Taiwan 

following magnitude 6.4, February 2018 earthquake. a) soft storey collapse of ground 

floor level b) collapse due to premature buckling of vertical reinforcing in columns. 

 

Although collapse prevention of buildings subjected to large earthquakes has been the 

main objective of seismic codes for many years, until the last couple of decades no 

significant attempts were made to quantify the collapse risk of buildings. Except a few recent 

design documents in the US (e.g., FEMA 2012a, ASCE7-16 2017), current building codes 
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are generally silent on the ways to quantify life safety which is directly related to the collapse 

probability of structural systems. The lack of explicit methods to quantify collapse in current 

codes is an impediment to the application of performance-based seismic design guidelines, 

understanding the necessity and significance of modern code requirements, as well as the 

development and adoption of innovative and efficient seismic systems and components.  

Collapse potential quantification of buildings encompasses several complexities which 

has been the subject of several studies in the past decade and beyond. As collapse probability 

assessment of buildings constitutes a major part of this PhD research, a detailed literature 

review in various aspects of collapse probability estimation has been conducted and is 

summarized in the following sections. 

2.2.6 Collapse assessment methodologies and measures 

Due to the random nature of ground motions and the fact that no analytical model can 

mimic all building characteristics, probabilistic approaches are proposed to integrate 

possible sources of variability in the process of collapse prediction (Cornell et al. 2002, 

Ibarra and Krawinkler 2005, Haselton and Deierlein 2007, Zareian and Krawinkler 2007). 

These methods are based on the collapse fragility curve of buildings which expresses the 

cumulative probability of collapse as a function of the selected intensity measure. The 

collapse fragility curve is normally obtained through performing an IDA analysis to estimate 

the median value of collapse capacity and dispersion due to record to record randomness in 

collapse capacity. Overall, two methods have been proposed to generate the collapse fragility 

curve from IDA curves (Zareian et al. 2010). In the first method, called the EDP-based 
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approach, a building response parameter (e.g. maximum inter-storey drift ratio, max IDR) is 

used to compare the structural capacity and demand. The probability of collapse given an 

IM in this method is obtained by: 

P[C|IM = imi] = P[EDPd ≥ EDPc|IM = imi]

=  ∑ P[EDPd ≥ EDPc|EDPc = edpci, IM = imi]P[EDPc

all edpc

= edpci] 

(2.4) 

where, P[EDPd ≥ EDPc|EDPc = edpci, IM = imI] is the probability that the demand 

exceeds capacity value edpci at IM = imI and P[EDPc = edpci] is the probability that the 

capacity is equal to edpci. Once the probability of collapse given IM is obtained by equation  

(2.4), data points are fitted to a lognormal distribution to compute the median value of 

collapse capacity and associated variation in lognormal distribution. 

In the second and more common approach, called the IM-based approach, the ground 

motion is used directly to estimate the probability of collapse of buildings. In this method, 

first introduced by Ibarra and Krawinkler (2005), the probability of collapse at each IM is 

obtained directly from the ratio of records for which numerical failure occurs to the total 

number of records. The collapse points are then fitted to a lognormal distribution to compute 

the mean value of building collapse capacity and associated variation due to record-to-record 

randomness. An example of the two types of collapse fragility functions for a case study 

conducted by Zareian et al. (2010) is shown in Figure 2.6. It is shown in the figure that the 

probability of collapse given IM is larger if the EDP-based approach is used due to the 
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method used to define and incorporate EDPc in the demand/capacity format of the EDP-

based approach. 

 

Figure 2.6: Collapse fragility curves obtained by fitting lognormal distributions to the 

data points obtained using the IM-based and EDP-based approaches 

 

Since the collapse performance in the IM-based approach is estimated with better 

accuracy and less upfront assumptions, it is used in most of studies and only some older 

studies have used the EDP-based approach. 

Another metric to measure the collapse performance of structural systems is the mean 

annual frequency (MAF) of collapse. MAF is obtained by integrating the collapse fragility 

curve over the building seismic hazard curve as shown in the following equation: 

𝜆𝑐 = ∫ 𝑃(𝐶|𝐼𝑀 = 𝑖𝑚) |
𝑑𝜆(𝐼𝑀 > 𝑖𝑚)

𝑑𝐼𝑀
| 𝑑𝐼𝑀 

(2.5) 
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where 𝜆𝑐 is the annual rate of collapse, 𝑃(𝐶|𝐼𝑀 = 𝑖𝑚) is the conditional probability 

of collapse given 𝐼𝑀 = 𝑖𝑚 (collapse fragility function), and 𝜆(𝐼𝑀 > 𝑖𝑚) is the annual rate 

of exceedance of 𝐼𝑀 = 𝑖𝑚 (ground motion hazard) at a site. The absolute value signs around 

the derivative of the ground motion hazard are used as its value is negative. Closed-form 

solutions have been proposed for this equation and for the computation of annual rate of 

exceedance of structural response in general (e.g. Jalayer 2003). However, the closed-form 

solutions have not gained popularity within the research community mainly due to the 

significant errors observed in the closed-form solutions compared to the rigorous direct 

numerical computation (Bradley and Dhakal 2008).  

Another approach which is basically an EDP-based method to estimate collapse 

performance of buildings is the procedure used in the FEMA (2000a) guidelines. In this 

approach, functional forms of the median value of EDP, ED̂Pd = a(Sa)b, and the mean 

hazard curve, λ̂Sa(Sa) = k0Sa
−k, are considered to combine the probabilities of collapse 

given a hazard level and the probability of occurrence of the hazard level, solving the 

problem in a closed-form representation. Details of this framework are documented in 

Cornell et al. (2002) and Yun et al. (2002). A comparison of the rigorous approaches and 

SAC/FEMA framework for a case study was reported by Zareian et al. (2010) which 

indicated that the SAC/FEMA method results in a low MAF of collapse inherent from using 

the closed-form representation for ED̂Pd and making an assumption on the constant 

dispersion of demand regardless of the value of IM. 
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2.2.7 Structural models for simulation of structural collapse 

As it was noted earlier, sidesway and vertical modes of collapse are the most common 

modes of structural failure observed in previous earthquakes. Both modes of structural 

collapse, particularly in modern structures, take place in highly nonlinear range which 

require advanced structural models to enable simulation of structural failure phenomena. 

Majority of studies on the development of structural models for simulation of collapse have 

been concentrated on modelling the sidesway mode of collapse, which occurs in large inter-

storey drifts due to excessive deformations because of 𝑃 − Δ effects accelerated by cyclic 

stiffness and strength deterioration of structural components. Experimental studies have 

shown that the hysteretic behaviour of structural components depend upon numerous 

structural parameters that affect the deformation and energy dissipation characteristics, 

leading to the development of a wide range of versatile deterioration models. Research on 

the development of reliable structural models through introduction of improved hysteretic 

models and tools dates back to many years ago. A summary of the history of the 

advancements in the collapse simulation of structural systems and tools is presented in 

Zareian et al. (2010) which is not repeated here for brevity.  

A major milestone in the development of hysteretic models that can capture stiffness 

and strength degradation properties of structural components, and hence, the sidesway mode 

of collapse, was the introduction of the Ibarra-Medina-Krawinkler (IMK) model (Ibarra et 

al. 2002, Ibarra and Krawinkler 2005, Ibarra et al. 2005). The IMK model establishes 

strength bounds on a monotonic curve. This model is able to simulate strength deterioration 
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with a descending slope after reaching the maximum positive or negative capping strength. 

The model can also simulate different modes of cyclic deterioration. Since the introduction 

of this model, several improvements and modifications of the model have been proposed in 

order to further calibrate parameters of the model with a larger range of experimental 

investigations. Haselton and Deierlein (2006) calibrated the IMK deterioration model to data 

of 255 reinforced concrete column tests provided by the PEER centre database and 

conducted analytical collapse studies in order to quantify seismic collapse risk of reinforced 

concrete (RC) frame structures in the United States. In this work, the collapse safety of 

modern code-conforming structures was assessed. These assessments were later used by Liel 

et. (2009) to quantify the effectiveness of retrofitting techniques to reduce the collapse risk 

of older non-ductile RC structures. Furthermore, Lignos and Krawinkler (2010, 2012a, 

2012b) developed three structural components database than in total include information on 

more than 600 experimental test results for comprehensive modelling of steel and RC beams 

and tubular hollow square steel columns. 

The modified IMK model can predict three different modes of cyclic deterioration: 

basic strength deterioration, unloading stiffness deterioration, and post capping strength 

deterioration. Figure 2.7 shows an example of the cyclic degradation characteristics 

simulated by the model in a modified IMK format proposed by Lignos and Krawinkler 

(2012a). 
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Figure 2.7: Modified Ibarra – Krawinkler (IK) deterioration model; (a) monotonic curve; 

(b) basic modes of cyclic deterioration and associated definitions (adopted from Lignos 

and Krawinkler 2012a) 

 

The accuracy of the model significantly depends on the definition of the parameters in 

the model. The parameters of the model can be estimated by conducting experimental tests 

on structural components subjected to cyclic loading or from predefined values. In addition 

to the improvements to the IMK hysteretic model, several studies have been conducted to 

facilitate the use of the model in practice by providing generic expressions and/or graphs for 

estimating the parameters of the model based on structural detailing. Specific experimental 

data are available for this purpose for reinforced concrete components at the PEER database 

(Berry et al. 2004) ( http://nisee.berkeley.edu/spd) and in part for steel structures in the SAC 

database (http://nisee.berkeley.edu/spd ) or the FEMA-356 database (FEMA-356 2000), for 

both reinforced concrete and steel components, which can be used to generate the envelope 

curve of the IMK model. However, these documents do not provide hysteretic deterioration 

http://nisee.berkeley.edu/spd
http://nisee.berkeley.edu/spd
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parameters which are much needed for collapse assessments. More recently, Haselton et al. 

(2008) and Lignos and Krawinkler (2007, 2010, 2012a, 2012b) have presented a database of 

model parameters based on a wide range of experimental tests to estimate the median and 

the dispersion of IMK model parameters.  Figure 2.8 shows the distribution of plastic hinge 

deformation for RC beams based on the test results conducted by Lignos and Krawinkler 

(2012b). This figure indicates that the median plastic hinge deformation, 𝜃𝑝, amounts to 0.05 

with a dispersion of 𝛽 = 0.42 for RC beams. Whereas, the information based on the database 

provided by Haselton and Deierlein (2007) suggests 𝜃𝑝 = 0.066 and a dispersion of 0.54 for 

the same components. The difference between the proposed values of parameters stems from 

differences in the test setups, varying dimension of the test specimens, varying loading 

protocols, and different statistical approaches used to fit the data to a distribution. It is 

however noted that a small change in the structural parameters may vary the estimated 

collapse risk of buildings to a great extent which has been highlighted by collapse 

assessments of Kampenhuber and Adam (2013) and Tsantaki et al. (2013).   

The latest guidelines and improvements for practice-oriented use of lumped plasticity 

models based on the IMK model are provided in Chapter 16 of the ASCE 7-16 committee 

report (Haselton et al. 2017).  This document specifically focuses on modelling assumptions, 

the consideration of important effects in the analysis, and the interpretation of analysis results 

via global and local acceptance criteria. More explicit sub-classifications of force- and 

deformation-controlled actions are proposed within the statistical framework.  
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Figure 2.8: CDF of the plastic hinge deformation proposed by Lignos and Krawinkler 

(2012a) 

Although introduction of the IMK hysteretic model is a major improvement towards 

more realistic prediction of the risk of structural collapse, it is suffering from several 

limitations. The model can only capture the sidesway mode of collapse and other types of 

collapse are neglected, if the structure is modelled solely with plastic hinges at both ends of 

structural components. Moreover, the model should be calibrated for each individual 

component based on experimental data or generic expressions developed in the literature. 

Meanwhile, conducting a test for each component is basically not feasible, and proposed 

values in the literature may vary quite significantly. To address these limitations, attempts 

have been made to approximately incorporate other modes of structural failure into structural 

models (e.g., Bao et al. 2008, Khandelwal et al. 2008, Tsai 2012, Masoero et al. 2013). Most 

of these studies are concentrated on the add-on structural models to the lumped plastic hinges 

at both ends of structural components in order to take shear and axial load failure modes into 
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account. For instance, Elwood and Moehle (2008) used a fiber-element model to capture the 

axial load in the in the mid-height of the element, connected to shear elements and lumped 

plasticity hinges at the ends to capture the moment and shear failures respectively. 

Furthermore, in order to estimate the loss of non-ductile RC buildings, Baradaran Shoraka 

et al. (2013) has recently proposed the use of a Limit State material model, developed by 

Elwood (2004), which uses predefined empirical equations to estimate the point of shear and 

axial failure based on the drift demand on the columns. Although these models provide 

improvements over the sole use of lumped plastic hinges at the ends of structural 

components, they are complicated and mostly suffer from the lack of strong validation. 

2.3 Uncertainties in the collapse prediction of structural systems 

Sources of uncertainty in quantifying the collapse capacity of structural systems should 

be taken into account in the process of collapse assessment. In both EDP-based and IM-

based approaches, to generate the collapse fragility curve, the record-to-record randomness 

(𝛽𝑅𝐶) and mean collapse capacity of the building are directly obtained by IDA analysis, or 

alternative methods. In order to incorporate the effects of epistemic uncertainties in the mean 

collapse capacity, simultaneous consideration of the effects of all types of variability in the 

estimation of the collapse fragility curve can be attempted by an elaborate Monte-Carlo 

simulation presuming that probabilistic representations of all uncertain variables can be 

acquired. Approximate methods for combining two types of variability assume that the 

effects of epistemic and aleatory (i.e., record to record randomness) sources are independent. 

Two approximate methods for combining the effects of all sources of variability have 
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generally been proposed in the literature (Zareian and Krawinkler 2007). In the first method 

termed as the “confidence method” the median value of the collapse capacity obtained by 

IDA is assumed to be a variable conforming to a lognormal distribution with a dispersion of 

𝛽𝑈𝐶. Therefore, the median value of collapse capacity can be obtained with an intended 

confidence level Y: 

P(Actual SaC > Sa
Y) = Y = Φ (

Ln(Sa
Y) − Ln(SaC)

βUC
) 

(2.6) 

In the above equation SaC is the median value of collapse capacity obtained by IDA 

using EDP-based or IM-based approaches. Considering a confidence level for the median 

value of collapse capacity, the probability of collapse given an IM can be obtained by: 

P(C|IM) = Φ (
Ln(Sa

PR) − Ln(Sa
Y)

βRC
) 

(2.7) 

where Sa
PR is the spectral acceleration at the desired intensity level. In the second 

method known as the “mean” method for combining the effect of epistemic and aleatory 

variability, it is assumed that the effect of different epistemic and aleatory sources of 

variability can be concentrated in a single dispersion measure βcT, which is determined as 

the Square Root of Sum of Squares (SRSS) of the individual dispersion measures βcT =

√βUC
2 + βRC

2
. For practical purposes the “mean” approach appears to be more appealing 

since the results of the “confidence level” method are greatly dependent on the selected 

confidence level which brings up the question of what the appropriate confidence level is. 
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The mean approach has been utilized in several studies and also in the collapse assessment 

procedure described in FEMA-P695 (2009).  

Results obtained by conducting IDAs in literature have shown record-to-record 

variability values ranging from 0.35 to 0.45 (e.g. Ibarra and Krawinkler 2005, Haselton 2006, 

Liel et al. 2009, Fragiadakis and Vamvatsikos 2010, Zareian et al. 2010). Fragiadakis and 

Vamvatsikos (2010) reported values ranging from 0.30 to 0.4, while FEMA P695 (FEMA-

P695 2009) proposes a value of 0.4. Record-to-record variability values based on a more 

rigorous approach of conducting RHAs at discrete hazard levels are presented in chapter 4. 

These indicate larger variability due to record randomness compared to the values in the 

literature, such that only the NZS1170 method resulted in variability less than 0.4, whereas, 

using the initial stiffness of the structure a value of 0.52 was obtained by this method. These 

results suggest that record-to-record randomness in design documents may require revision 

in future performance-based guidelines. It is however noted that the large record-to-record 

randomness may be reduced by selecting larger number of GMs at each hazard level. 

As for the modelling uncertainty, investigations of the lumped plasticity models have 

shown that introducing additional dispersion into the collapse fragility can approximately 

account for the effects of uncertainties in the structural modelling (Haselton and Deierlein 

2007, Zareian and Krawinkler 2007, Liel et al. 2009). A wide range of different dispersions 

to account for modelling uncertainties have been reported in the literature (e.g. Dolsek 2009, 

FEMA-p695 2009, Vamvatsikos and Fragiadakis 2010). Moreover, Kosic and Fajfar (2012) 

have proposed a methodology for the determination of default dispersion measures for RC 

frames. To propose a simplified method for collapse assessment based on default values of 
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uncertainties, Fajfar and Dolsek (2012) assumed a value of 0.4 for modelling variability, 

whereas in an extensive case study to quantify the collapse potential of ductile and non-

ductile moment resisting RC frame buildings (Haselton et al. 2010, Liel et al. 2010), a value 

of 0.5 was assumed for modelling uncertainty. Proposed values of modelling uncertainties 

in the literature have been obtained based on the analysis of plastic hinge models and 

considering the sidesway mode of collapse of buildings due to excessive 𝑃 − Δ effects. 

Variability in lumped plasticity models originates mainly from the large underlying 

uncertainties in parameters related to component deformation capacity and the softening 

behaviour of structural components in cyclic loading. It is believed that the application of 

the fiber-element model used in this research leads to a considerable decrease in the 

modelling uncertainty as the model is calibrated at the material level compared to the 

component level in lumped plasticity models. 

2.3.1 Alternatives to IDA for seismic collapse assessment of buildings 

As it was noted in previous sections, IDA has traditionally been the main analysis 

approach for assessment of the collapse risk of buildings. Although introduction of the IDA 

has been a breakthrough in the evaluation of structural response in various hazard levels, the 

problems of IDA are being further evident through advancements in the prediction of 

structural responses. The issues with the application of IDA can be generally summarised 

to: 

(i) undertaking the IDA procedure is cumbersome and requires a large number of RHAs 

for each GM 
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(ii)  the application of one suite of GMs and scaling up until structural collapse cannot 

realistically represent the hazard in various intensity levels (Baker and Cornell 2006, Baker 

2007, Bradley 2013a). 

To rectify the first issue, two different methods have been proposed in the literature. 

The first approach is to use pushover analysis instead of conducting IDAs to find the median 

of IDA curves and then using default dispersion values to account for uncertainties. A 

summary of methods proposed in the literature is presented in the next section. Another 

approach, which has more recently been proposed, is to conduct RHAs at a few hazard levels 

using different sets of GMs and integrating over various hazard levels to estimate the mean 

annual frequency of exceedance of structural response. Eads et al. (2012) have proposed an 

approximate method to construct the collapse fragility of buildings based on the results of 

collapse deagreagation of buildings. Application of this method requires an upfront 

prediction of median collapse capacity to start the analysis which may require the use of 

other simplified methods to start the process. More recently, Bradley (2013b) has shown 

that, provided that GMs are selected carefully, the seismic demand hazard of structures can 

be estimated with a small approximation. However, this study has not discussed the 

structural collapse risk, and hence, further studies are required to examine the collapse risk 

with conducting RHAs at a few hazard levels.  

In order to address the second issue with the application of IDA, i.e. the use of one 

suite of GMs to a represent wide range of hazard levels, the application of RHAs with 

different ground motions at discrete hazard levels has been recently examined. Studies on 

the alternative methods of probabilistic structural performance assessment methods started 
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with the work by Bradley et al. (2009a) and continued by Jalayer and Cornell (2009). Jalayer 

and Cornell used a “multiple stripe analysis (MSA)” approach for the probabilistic 

performance assessment of a case study building. MSA refers to a group of ‘stripe’ analyses 

performed at multiple spectral acceleration levels, where a stripe analysis consists of 

structural analyses for a suite of ground motion records that are scaled to a common spectral 

acceleration (see Figure 2.9 for an example). 

 

Figure 2.9: Multiple-stripe analysis (MSA) for an existing RC frame using a suite of 30 

ground-motion recordings (Jalayer and Cornell 2009) 

 

IDA requires only one suite of GMs, which are scaled to provide structural response 

from elastic until collapse, whereas in MSA different suites of GMs are selected at 

individual, discrete hazard levels. As in the MSA approach GMs are selected at individual 

intensities, any of the methods proposed for GM selection can be chosen to perform the 

analyses. The issue in this method is to understand the point where the analysis can be 
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stopped and how to fit the data points to a distribution. Baker (2013b) has proposed a data 

fitting method based on the statistical method of maximum likelihood (Ang and Tang 2007). 

An alternative and simpler method of fitting data to a curve is also proposed in the chapter 

4 of this thesis. 

Since in the IDA analysis only one suite of GMs is selected to cover a wide range of 

intensities, the selection of proper GMs to realistically represent various hazard levels is not 

an easy task. Before the introduction of MSA for collapse assessment, several studies were 

conducted to somehow select more appropriate GMs by retaining the use of IDA (e.g. 

(Haselton and Deierlein 2007, Haselton et al. 2009, Haselton et al. 2010, Liel et al. 2010). 

However, recent studies indicated that the use of IDA generally cannot realistically represent 

the seismic collapse risk of buildings based on the seismic risk of the location of buildings 

(Baker and Cornell 2006, Baker 2007, Baker 2013, Baker 2013). As Baker (2013a) has 

discussed, the selection of GMs depends on the purpose of the analysis. For example, if the 

objective is to compare seismic performance of various structural systems then application 

of the IDA is justifiable. On the other hand, if the purpose is to understand the collapse risk 

of a particular building located in a seismic zone, then application of the MSA is 

recommended. 

2.3.2 Pushover-based methods for estimating collapse capacity of buildings 

Recently, attention has also been paid to the development of simple approaches to 

estimate the collapse probability of structural systems. In order to eliminate the application 

of IDA in probabilistic performance assessment of buildings, the first studies were carried 
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out by Dolsek and Fajfar (2007). They introduced an alternative of the median IDA termed 

as Incremental N2 (IN2) which is intended to resemble the median of the IDA curve. The 

whole IN2 curve can be determined by repeating the N2 procedure (Fajfar 2000, Fajfar et al. 

2005) for increasing ground motion intensity until the ‘failure’ occurs. After ‘failure’, the 

IN2 curve is horizontal. In the simplest case, in which the ‘equal displacement rule’ applies, 

the IN2 curve is a straight line (with its origin at the point (0, 0)) until ‘failure’ occurs. They 

also used the pushover N2 method as an alternative to IDA to compute parameters of the 

SAC/FEMA expressions for estimating annual probability of exceedance of a given limit 

state. A key parameter in collapse probability of structures (i.e. median collapse 

capacity, 𝜇𝑆𝑎𝑐
) can be obtained by a simple pushover method using the equal displacement 

rule instead of performing an IDA (Dolsek and Fajfar 2007, Fajfar and Dolsek 2012). Using 

the N2 method, median collapse capacity is estimated by the following equation  (Fajfar and 

Dolsek 2012): 

 

Figure 2.10: Example of a pushover curve and definition of “failure” point when the 

state of NC limit state is attained at the first critical element 
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𝜇𝑆𝑎𝑐
= 𝑆𝑎𝑐,𝑒 =

4𝜋2

𝑇2

𝐷𝑐

Γ
 

(2.8) 

where Dc is deformation capacity at “failure” on the structural pushover curve. Dc 

depends on the definition of “failure” at structural level. One conservative definition of 

“failure” can be the state in which the near collapse (NC) limit state is attained at first critical 

element, that is, in a column or a wall. 

An example of a pushover curve and the point of occurrence of “failure” on the 

pushover curve is depicted in Figure 2.10. The developers of IN2 showed that for case study 

of the SPEAR building (i.e. the case study building used in Fajfar and Dolsek 2012), the 

application of IN2 method resulted in an acceptable estimate of median spectral capacity 

compared to a rigorous IDA approach. To further assess estimations of the pushover analyses 

they have also tested the SPEAR building on a shake table by increasing the level of ground 

motion until building collapse. Results indicated that the median collapse capacity obtained 

by an IN2, using the first mode as the load pattern, has been very close to the spectral 

acceleration causing building collapse in the test. Predetermined default values of dispersion 

are needed to compute the probability of collapse using this simple approach which remains 

the subject of future research and will be addressed in this project.  

After the first attempts by Dolsek and Fajfar (2012) more attention has recently been 

paid on the applicability of pushover methods in the estimation of building collapse 

probability. Han et al. (Han and Chopra 2006, Han et al. 2010) investigated the use of Modal 

Pushover Analysis, MPA (Chopra and Goel 2002, Chopra and Goel 2004), in estimating the 
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probability of building collapse. In the MPA method the inelastic response of the equivalent 

SDOF system is computed by a nonlinear response history analysis (RHA), and thus it 

resembles the results of IDA in capturing median and ∓ standard deviation of IDA curves 

by analysing an equivalent SDOF system. This method greatly increases the analysis speed 

compared to the rigorous IDA as only nonlinear response history analysis is needed for an 

equivalent SDOF system rather. However, the issue of the selection of proper ground 

motions to indicate behaviour of the structure from elastic to collapse remains. It is 

noteworthy to mention that, as the response of SDOF system in MPA is obtained by RHA, 

the use of MPA as an alternative to IDA to estimate the probability of building collapse 

enables estimation of record-to-record randomness, whilst any other pushover method 

independent of input ground motion is not able to capture the record-to-record randomness. 

Shafei et al. (Shafei et al. 2011) have also proposed approximate relationships for collapse 

capacity prediction of regular buildings by utilizing a simple nonlinear static (pushover) 

analysis method. In their method, global structural characteristics are considered in an 

expression for computing median collapse capacity by idealizing the building pushover 

curve. The proposed relationships have only been verified for a suite of ground motion with 

which their closed-form expression has been generated. Furthermore, it was only tested for 

regular frames for which pushover curve can be idealized as a triangular curve. 

2.3.3 Ground motion selection methods 

One of the key elements in estimation of the seismic collapse risk of buildings is the 

selection of appropriate GMs. Numerous approaches have been proposed for selecting 
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ground motion timeseries recorded during past earthquakes and/or from ensembles of 

simulated ground motions (e.g., Bommer and Acevedo 2004, Baker 2010, Bradley 2010, 

Jayaram et al. 2011, Bradley 2012a, Bradley et al. 2015). The majority of these methods are 

principally based on matching the (pseudo) acceleration response spectrum of the 

prospective ground motions to a target spectrum, which is obtained from either seismic 

hazard analysis, or a seismic design code (Katsanos et al. 2010). 

As proper GMs are required to perform the analyses for collapse assessment, a brief 

review on the most common GM selection methods in the literature is presented in this 

section with an emphasis on the methods appropriate for the estimation of seismic collapse. 

A more comprehensive review of the advancements in GM selection can be found in 

(Katsanos et al. 2010, Tarbali 2017) as well as in the chapter 4 for more recent publications. 

Many current seismic codes around the world allow the use of the Uniform Hazard 

Spectra (UHS) to select ground motion records. In NZS1170.5 (2004) for example, the 

ground motion records are selected considering a range of periods between 0.4T1 and 1.3T1, 

where T1 is the first mode period of the structure of interest. Furthermore, other requirements 

are usually applied to ensure that the selected ground motion records are representative of 

actual site conditions. These limitations include rupture distances, rupture magnitude, soil 

class and fault types.  

However, one issue with UHS is that various rupture distance-magnitude pairings have 

different contributions at different periods. In fact, every point at a UHS is derived based on 

the different ruptures-distance-magnitudes which contribute the most at a given period. To 
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better illustrate the issue, the deaggregation plots using Bradley (2010) ground motion 

prediction equations of Sa (0.5s) and Sa (1.5s) for Christchurch for a 10% in 50 years hazard 

are shown in Figure 2.11. The deaggregation diagram illustrates the contribution of various 

rupture-distance-magnitude to the hazard at a given Sa. From this figure, it is evident that 

smaller magnitude earthquakes, occurring closer to the site, has a large contribution to the 

hazard of Sa (0.5s) but have a significantly smaller contribution for Sa (1.5s), which is 

dominated by large magnitude events. 

  

(a) Sa (0.5s) (b) Sa (1.5s) 

Figure 2.11: Deaggregation of 1 in 500-year seismic hazard for Christchurch at 10% in 50 

years hazard level 

 

This discrepancy indicates that a single rupture is unlikely to cause the same hazard 

across all periods. In the example of Figure 2.11, the median rupture distance-magnitude 

pairing is M=6.8 and R=47.2km for Sa (0.5s) and M=7.4 and R=78.5km for Sa (1.5s). The 

respective geometric mean spectral acceleration curves for the two distance-magnitude 
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pairings are shown in Figure 2.12. While the median spectral acceleration value at 0.5s are 

similar in both cases, the values of Sa for M=7.4 and R=78.5km are lower at smaller period 

values and higher at larger periods compared to the other case. Adding to the fact that there 

is a different dispersion value at each individual period for each curve, it is very unlikely that 

the same hazard level across a range of periods will be reached in a single rupture event. 

 

Figure 2.12: Comparison of spectral acceleration curves for different ruptures 

2.3.4 Conditional mean spectrum 

In response to discrepancies observed in the ground motion selection by UHS (as 

discussed in the previous section), a ground motion selection was proposed by Baker and 

Cornell (2006) which accounts for a consistent hazard over a period which is termed as 

Conditional Mean Spectra (CMS). The curve which is used for selecting ground motion 

records using this method is called the Conditional Mean Spectra (CMS). This curve differs 

from the UHS in that the hazard is reached only for the Sa of interest, 𝑆𝑎𝑗. The rest of the 
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points along the curve are the conditional mean of the respective Sa values. This can also be 

written as 𝜇𝑙𝑛 𝑆𝑎𝑖| 𝑙𝑛 𝑆𝑎𝑗
 and can be calculated using the following equation 

𝜇𝑙𝑛 𝑆𝑎𝑖| 𝑙𝑛 𝑆𝑎𝑗
(𝑆𝑎𝑗) = 𝜇𝑙𝑛 𝑆𝑎𝑖

(𝑟𝑢𝑝) + 𝜎𝑙𝑛 𝑠𝑎𝑖
(𝑟𝑢𝑝) × 𝜀 × 𝜌𝑙𝑛 𝑆𝑎𝑖,𝑙𝑛 𝑆𝑎𝑗

 (2.9) 

where μ and σ are the mean and standard deviation of 𝑙𝑛 𝑆 𝑎𝑖, Rup is the event of 

rupture at a source with a specific magnitude M and distance R, ε is the number of standard 

deviations from 𝜇𝑙𝑛 𝑆𝑎𝑖
 to the uniform hazard spectra for 𝑆𝑎𝑗  and 𝜌𝑙𝑛 𝑆𝑎𝑖,𝑙𝑛 𝑆𝑎𝑗

 is the 

correlation factor between 𝑆𝑎𝑖 and 𝑆𝑎𝑗. Literature exists to quantify 𝜌𝑙𝑛 𝑆𝑎𝑖,𝑙𝑛 𝑆𝑎𝑗
 (e.g Baker 

and Jayaram 2008). Unlike current code methods, the ground motion selection does not need 

to be limited to a period range as the correlation between spectral accelerations at different 

periods have been considered. An example for a 10% in 50-year CMS curve for Sa (1.5s) is 

shown in Figure 2.13.  

 

Figure 2.13: Comparison of CMS and UHS for an example site in Christchurch, NZ 

conditioned to 𝑆𝑎(𝑇1 = 1.5𝑠) 
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Several advancements have been made to the CMS selection method by accounting 

for the conditional distribution at other periods (e.g. Bradley 2010a, Jayaram et al. 2011). 

An issue with the proposed method by Jayaram et al method is that other IMs which are 

duration based (e.g. Ds575, Ds595 (Bommer and Martinez-Pereira 1999) or energy based 

(i.e. cumulative absolute velocity (Reed and Kassawara 1990) are not taken into 

consideration. Alternatively, a generalised conditional intensity measure (GCIM) has been 

proposed which appears to offer the most comprehensive ground motion selection method 

in literature. The GCIM method is further elaborated in the next section as it has also been 

used in Chapter 5 of the thesis for analysis of case study buildings. 

2.3.5 Selection of ground motions based on GCIM   

Among the ground motion selection methods in the literature, one is concerned with 

selecting ground motions based on multiple intensity measures (IMs) representing 

amplitude, frequency content, duration, and cumulative measures (Bradley, 2010a, 2012a). 

This method is termed as generalised conditional intensity measure (GCIM).  

The GCIM ground motion selection method proposed is in fact a generalisation of the 

conditional mean spectrum (CMS) method of Baker and Cornell (Baker and Cornell 2005, 

Baker and Cornell 2006, Baker 2010). This method enjoys from several advantages over its 

original form, i.e. CMS, and since its appearance has been used in several seismic 

performance assessments conducted by Bradley (e.g. Bradley 2012a, Bradley 2013a, 

Bradley 2013b). It differs in the following aspects from its original form the CMS: 
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i) Other IMs apart from Sa can be used to select GM records. The IM of interest, 𝐼𝑀𝑗, 

will be used to condition other IM, 𝐼𝑀𝑖. 

ii) Rather than obtaining only the conditional mean 𝐼𝑀𝑖, a conditional distribution of 

𝐼𝑀𝑖 is obtained.  

iii) Rather than scaling to a single curve, the GMs are selected to best match the 

distributions of all 𝐼𝑀𝑖 selected. 

It is noted that in order to consider the variation in response spectra in periods other 

than the conditioning period, an extension of the CMS called “conditional spectrum (CS)” 

has also been proposed (Jayaram et al. 2011). In fact, the methodology in GCIM has been 

implied by the CS approach. 

The median and dispersion of 𝐼𝑀𝑖 can be calculated by  

𝜇ln 𝐼𝑀𝑖| ln 𝐼𝑀𝑗
(𝑟𝑢𝑝𝑘, 𝑖𝑚𝑗)

= 𝜇ln 𝐼𝑀𝑖
(𝑟𝑢𝑝𝑘) +  𝜎ln 𝐼𝑀𝑖

(𝑟𝑢𝑝𝑘) × 𝜀ln 𝐼𝑀𝑗
× 𝜌ln 𝐼𝑀𝑖| ln 𝐼𝑀𝑗

 (2.10) 

𝜎ln 𝐼𝑀𝑖| ln 𝐼𝑀𝑗
(𝑟𝑢𝑝𝑘, 𝑖𝑚𝑗) =  𝜎ln 𝐼𝑀𝑖

(𝑟𝑢𝑝𝑘)√1 − 𝜌ln 𝐼𝑀𝑖| ln 𝐼𝑀𝑗

2  
(2.11) 

where 𝜇ln 𝐼𝑀𝑖| ln 𝐼𝑀𝑗
(𝑟𝑢𝑝𝑘, 𝑖𝑚𝑗) and 𝜎ln 𝐼𝑀𝑖| ln 𝐼𝑀𝑗

(𝑟𝑢𝑝𝑘, 𝑖𝑚𝑗) are the median and 

standard deviation of ln 𝐼𝑀𝑖 given ln 𝐼𝑀𝑗  and other details related to the earthquake rupture 

scenario, 𝑅𝑢𝑝 = 𝑟𝑢𝑝𝑘 (i.e. magnitude, source-to-site distance, local soil properties, among 

others); 𝜇ln 𝐼𝑀𝑖
(𝑟𝑢𝑝𝑘) and  𝜎ln 𝐼𝑀𝑖

(𝑟𝑢𝑝𝑘) are the mean and standard deviation of ln 𝐼𝑀𝑖 
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given 𝑅𝑢𝑝 = 𝑟𝑢𝑝𝑘; 𝜌ln 𝐼𝑀𝑖| ln 𝐼𝑀𝑗
 is the Pearson correlation coefficient between ln 𝐼𝑀𝑖 and 

ln 𝐼𝑀𝑗 (assumed independent of Rup); and 𝜀ln 𝐼𝑀𝑗
= ln 𝐼𝑀𝑗 −

𝜇ln 𝐼𝑀𝑗|𝑅𝑢𝑝(𝑟𝑢𝑝𝑘)

𝜎ln 𝐼𝑀𝑗|𝑅𝑢𝑝(𝑟𝑢𝑝𝑘)
 is the number 

of standard deviations 𝐼𝑀𝑗 = 𝑖𝑚𝑗 is from that predicted by ground-motion prediction 

equations. 

The conditional distribution of 𝐼𝑀𝑖 given a rupture which produces 𝐼𝑀𝑗 will be denoted 

as 𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
(𝐼𝑀𝑖|𝑟𝑢𝑝𝑘, 𝐼𝑀𝑗). If the contribution of each rupture to the actual seismic hazard 

for 𝐼𝑀𝑗 , 𝑃𝑅𝑢𝑝|𝐼𝑀𝑗
(𝑟𝑢𝑝𝑘, 𝑖𝑚𝑗), is known, then the conditional distribution of 𝐼𝑀𝑖 given 

𝐼𝑀𝑗 , 𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
(𝐼𝑀𝑖|𝐼𝑀𝑗), can be obtained by 

𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
(𝐼𝑀𝑖|𝐼𝑀𝑗)

= ∑ 𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
(𝐼𝑀𝑖|𝑟𝑢𝑝𝑘, 𝐼𝑀𝑗)𝑃𝑅𝑢𝑝|𝐼𝑀𝑗

(𝑟𝑢𝑝𝑘, 𝑖𝑚𝑗)
𝑁𝑟𝑢𝑝

𝑘=1
 

 (2.12) 

Selection of the GMs based on GCIM can then be summarised as the following steps: 

i) Perform probabilistic seismic hazard analyses for 𝐼𝑀𝑗.  

ii) Deaggregate the hazard into rupture events, 𝑃𝑅𝑢𝑝|𝐼𝑀𝑗
(𝑟𝑢𝑝𝑘, 𝑖𝑚𝑗). 

iii) Using Monte Carlo simulation, a rupture event is picked based on the deaggregation 

data (i.e., those rupture events which have a higher contribution are more likely to be 

selected). 

iv) Based on the rupture event selected in (iii), a random value is obtained for 𝐼𝑀𝑖 based 

on 𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
(𝐼𝑀𝑖|𝑟𝑢𝑝𝑘, 𝐼𝑀𝑗). 
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v) The scaled GM record which best matches the 𝐼𝑀𝑖 values obtained from the trial is 

then selected. 

vi) Steps (iii) to (v) are repeated several times until the target number of GM records is 

attained. 

vii) The distribution of 𝐼𝑀𝑖 of the selected suite of GM records are then compared against 

𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
(𝑖𝑚𝑖|𝑖𝑚𝑗). A method of comparing the two distributions is described in (Bradley 

2012a).  

viii) If the selected suite of GM records is not satisfactory, steps from (iii) to (vii) are 

repeated. 

It should be noted that since the magnitude and distance pairings have already been 

included in 𝑟𝑢𝑝𝑘, there is no need to limit GMs based on these two parameters explicitly as 

they have already been implicitly included. 

As can be seen in the above steps, the selection of GMs in GCIM is basically based on 

the deagreagation of the seismic hazard at a given conditioning intensity measure. A 

structure’s first mode period is commonly chosen as the conditioning intensity measure. 

However, there are circumstances where the period of the first mode of the structure is not 

exactly known, or purpose of the assessment is to evaluate structural performance where the 

period of the first mode period of the structure is not crucially important in the response. In 

such circumstances, other intensity measures shall be chosen. Studies on the structural 

response of structural systems subjected to strong GMs have indicated that results of 

response history analysis depend, to a great extent, on the conditioning intensity measure at 
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the GM selection stage (Bradley 2012a, Lin et al. 2013a, Lin et al. 2013b). Nevertheless, it 

is shown that even though the selection of conditioning IM is important in intensity-based 

assessments, provided that GMs are selected carefully, the effects of the conditioning IM 

becomes significantly less for risk-based assessments. 

It should be noted that since the introduction of GCIM, several improvements and 

developments of the method have been proposed in the literature (e.g., Tarbali and Bradley 

2014, Tarbali and Bradley 2015, Tarbali and Bradley 2016, Tarbali et al. 2017). 

Improvements to GCIM provide an enhancement of the procedure and offer more simple 

steps for selection of GMs. Detailed review of literature in this field goes beyond the scope 

of the thesis. Readers are referred to Tarbali et al. (2017) for a detailed review of literature 

related to the advancements of GCIM. 
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Chapter 3 

 

3. Different levels of computational rigor for loss 

optimization seismic design 

 

Summary 

Loss optimisation seismic design (LOSD) is a probabilistic loss-based seismic design 

procedure which aims to provide a comprehensive and robust performance-based approach 

to design economically efficient structures. To accomplish this objective, a preliminary 

framework for LOSD that encompasses various sources of loss in the design has been 

previously proposed in the literature. In this chapter, the preliminary framework is further 

extended and elaborated to provide a holistic approach for probabilistic performance-based 

seismic design of buildings. Specifically, the probabilistic seismic loss assessment, which is 

an essential step in the LOSD, is broken into three levels of computational rigor. Levels of 

computational rigor vary from a simple approach by using linear static methods for structural 
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analysis to the rigorous nonlinear response history analysis at various earthquake intensity 

levels. A step-by-step procedure for the assessment of seismic loss at each different level of 

computational rigor is proposed, which underpins the LOSD methodology and provides a 

rational basis to identify and address the existing research needs for future endeavours.  

3.1 INTRODUCTION 

Improvements in the construction quality to reduce the risk of seismic events in 

seismically active regions depend explicitly on the development of reliable and 

comprehensive seismic codes and regulations. Traditionally, the aim of the seismic codes 

has been to minimize casualties primarily by minimizing the risk of structural collapse. 

Decades of research towards this purpose has resulted in the introduction of capacity design 

concepts and several corresponding provisions in seismic codes which are currently in use 

(e.g.NZS3101 2006, ACI-318 2018). Adoption of capacity design concepts and associated 

detailing requirements has led to major improvements in managing the performance of 

engineered structures to ensure life safety. However, despite significant developments in 

seismic design codes (e.g. further detailing requirements) which translate into better 

earthquake performance of modern buildings compared to older structures, important 

deficiencies still exist. 

For instance, even though buildings were designed in accordance with the seismic 

design guidelines, an unexpectedly large extent of structural and non-structural damage has 

been observed in recent earthquakes. This has resulted in a public demand to design 
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buildings to also reduce damage. Attempts to design for reduced or minimised damage, and 

avoidance of the loss of functionality in earthquakes, led to the emergence of performance 

based earthquake engineering (PBEE) for which preliminary codes and guidelines have been 

made available (e.g. Vision 1995, ATC 1996, FEMA 1997, FEMA 2000, ASCE/SEI41-13 

2013). Although, this first generation of performance-based guidelines were a major step 

towards making earthquake engineering more resilient, the performance levels defined did 

not explicitly take all aspects of sustainable design into account. Earthquake reconnaissance 

reports indicated that buildings designed for seismic resistance, although successful in saving 

human life, imposed heavy financial burden on the society (Hall et al. 1994, Youd et al. 

2000, Luco and Cornell 2007, NIST 2011). Therefore, a growing criticism rose that 

suggested the need to minimise the financial implications of seismic events rather than 

focusing merely on life safety and controlling damage to structural components. On the other 

hand, inclusion of social and financial implication of an unpredictable earthquake event in 

the design involves various phenomenological and lack of knowledge uncertainties. Thus, a 

general consensus is that earthquake design should be viewed as a probabilistic problem. 

Hence, the need to develop a probabilistic framework for reliable seismic design and 

comprehensive consideration of various aspects of earthquake design was recognised 

(Bertero and Bertero 2002). 

In response to the perceived insufficiencies of the first generation of seismic 

performance and risk assessment methodologies, the Pacific Earthquake Engineering 

Research (PEER) centre developed a performance-based earthquake engineering 

methodology based on the estimation of economic losses for buildings and bridges (Deierlein 
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et al. 2003, Moehle and Deierlein 2004). Since the appearance of the PEER framework, 

research into the framework of performance-based seismic design (PBSD) has been moving 

towards providing comprehensive information for engineers and stakeholders, to allow them 

to make informed decisions through rigorous steps of building performance assessment. In 

line with these advancements of performance-based seismic engineering, more recently a 

preliminary framework for Loss Optimisation Seismic Design (LOSD) as an alternative to 

the PEER framework was proposed (Dhakal 2010). LOSD is based on a comprehensive 

probabilistic assessment of buildings to correlate predicted building loss to predefined 

performance objectives for building structures. An overview of the proposed seismic 

assessment procedure is given in the following section. This chapter aims to further 

elaborate, clarify and extend the LOSD framework as a comprehensive performance-based 

seismic design methodology. Three levels of computational rigor are in particular introduced 

for assessment of seismic losses used in LOSD with a focus on the simplified of 

computational effort.  

3.2 Overview of LOSD 

An overview of the steps involved in LOSD is shown in Figure 3.1. The procedure is 

in nature similar to the recent PBSD approaches which presents a comprehensive framework 

for seismic design (ATC 2009). It aims to design and construct economically efficient 

structures which, when exposed to earthquakes, do not incur an unacceptable level of 

financial loss. It uses different performance requirements for different levels of seismic 

intensity, as in the current multi-objective seismic design. However, in addition to the 
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structural components, performance of non-structural elements and contents will also be 

considered as these components contribute significantly (dominantly in some cases) to the 

total financial loss incurred in a building during an earthquake (Bradly et al. 2009). 

 

Figure 3.1: An overview of the steps in LOSD 

 

The LOSD objective is to change the existing design philosophy, which is based 

merely on life safety, to incorporate all forms of loss, commonly identified as three D’s, i.e. 

damage (also identified as “dollars” by some), downtime and death. “Damage” covers 

damage to structural and non-structural components as well as contents of a building, and 

“death” includes also injury. 
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Figure 3.2: The process of loss assessment and IM-EDP variables 

 

In LOSD, the design motto of “capacity exceeding demand” remains intact; however, 

here the capacity is interpreted as the allowable/tolerable loss from repair, downtime and 

injury and the demand is the expected value of the corresponding form of loss of a building. 

In LOSD, the capacity is not only structure specific. It is also client specific, e.g. a risk 

adverse client may set lower limits for allowable losses. On the other hand, the estimation 

of the demand requires a probabilistic risk assessment methodology that takes into account 

all forms of uncertainties and randomness. One of the key steps in LOSD is estimation of 

the various aspects of seismic loss (demand in LOSD). Financial loss estimation itself 

involves a variety of tasks from seismic hazard to seismic response and damage estimations. 
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An overview of the steps involved in the assessment of loss is shown in Figure 3.2. Loss 

estimation starts from the selection of an intensity measure which is followed by the 

estimation of the engineering demand parameters, damage estimation and estimation of 

decision variables. Every step of the seismic loss estimation encompasses a vast area of 

research in earthquake engineering which is beyond the scope of this chapter. In the 

following sections, estimation of the loss through these steps will be elaborated. 

3.3 Levels of computational rigor in LOSD 

For practicing structural engineers, it has always been a challenging task to select a 

structural model and analysis method that finds a balance between the accuracy and 

convenience in the prediction of seismic response parameters. Practicing engineers are often 

hard-pressed within the commercial constraints to devote extra time towards detailed 

analysis and design procedures. The successful adoption of performance-based methods for 

practice depends on their simplicity and requires minimising the computational effort 

required for these procedures. 

One of the key steps in the assessment and design of buildings in LOSD is to estimate 

all sources of building-specific losses, which may be conducted with different levels of 

computational effort. The estimation of loss, and in particular financial loss, encompasses a 

variety of tasks and computational steps. Several complexities are involved in each step of 

the loss assessment process, which may not be necessary for each job depending on the 

resources and the importance of the project. Similar to any other structural analysis and 
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design procedure, loss assessment will be more accurate when more detailed inventory of 

building components is made available and as more precise and complex analysis methods 

and tools are used. The accuracy of the structural analysis results and other performance 

assessment measures under seismic actions depend on the assumptions made in the selection 

of input ground motions, materials, sections, and on the precise inventory of building 

components.  

In LOSD, as a probabilistic design methodology, various levels of computational rigor 

may be used in conducting the loss assessment depending on the complexity of the project, 

resources, and the importance of the buildings which are to be designed. Provisions to assist 

users in selecting the most appropriate level of computational rigor must be developed, 

which is outside the scope of this thesis. In this section, three levels of computational rigor, 

depending on the selected analysis method and available inventory of building components, 

are proposed for LOSD. The first level of computational rigor involves the collection of a 

complete inventory of building components and conducting a series of nonlinear response 

history analyses, along with detailed probabilistic treatment of the damage measures and cost 

associated with each damage. Fragility functions of all structural and non-structural 

components are explicitly required to interrelate the damage and engineering demand 

parameters.  

The second level of computational rigor is based on a nonlinear static analysis to 

predict the structural responses. All other probabilistic computations are prescribed in the 

form of loss vs. EDP functions (or plots). Information on the inventory of building 

components, fragility functions and cost for the building components are not required for 
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this level of rigor. However, the development of loss vs. EDP relations is a key aspect of this 

level which requires extensive future research.  

The third level of rigor offers the simplest, and yet the crudest, prediction of seismic 

loss. It also does not require information on the inventory of building components and 

fragility functions. The difference between this level of computational effort and the second 

level is in the structural analysis procedures. At the third level of computational rigor, simple 

predefined functions are used for the outputs of structural analysis. Until more efficient 

expressions for estimation of floor level peak responses are available, code recommended 

simple analyses and crude peak floor demands can be used.  In the following sections, step 

by step procedures to conduct LOSD at a given level of computational rigor are presented. 

It is noted that there remain many parts of the procedures that require further research to 

establish more reliable interrelations between different parameters. The proposed steps are 

based on the current state-of-the-art knowledge in performance-based earthquake 

engineering. Most of the steps are still subject of contemporary research and under constant 

development.  

3.3.1 First level of Computational Effort – Rigorous LOSD 

The first level of computational rigor in LOSD is based on a rigorous, comprehensive 

assessment of various sources of seismic loss. It requires a complete inventory of building 

components and fragility functions and involves conducting a series of nonlinear response 

history analysis at various levels of seismic hazard. The assessment methodology at this level 

is a time-based assessment (as defined in (FEMA 2012)), in which the seismic demand is 
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integrated over a wide range of hazard intensities. It follows the performance-based seismic 

engineering  framework developed by PEER (Moehle and Deierlein 2004). Performance 

objectives are defined in terms of the annual rate of exceedance of the loss. For example, if 

a hospital is being assessed, the acceptance criteria could be that the annual rate of the 

seismic loss exceeding 10% of the total building cost should be less than say 0.01. The 

definition of appropriate acceptance criteria requires extensive research which is the subject 

of future research. 

Once the performance objectives are defined, rigorous loss assessment can be 

performed through the steps summarised below. Further details and examples of the 

procedure at this level of computational rigor can be found in the literature (e.g., Goulet et 

al. 2007, Bradley 2009a, FEMA 2012). 

Step 1: The selection of intensity measures and performing probabilistic seismic hazard 

analysis (PSHA) 

The first step in the rigorous seismic loss assessment is the selection of an appropriate 

intensity measure and conducting probabilistic seismic hazard analysis to obtain the annual 

rate of exceedance of the selected intensity measure. Any of the scalar or vector-valued 

ground motion intensity measures proposed in the literature can be adopted, e.g. (Baker and 

Cornell 2005, Baker and Cornell 2006, Luco and Cornell 2007, Tothong and Luco 2007, 

Padgett et al. 2008, Tothong and Cornell 2008). Probabilistic seismic hazard analysis will 

then provide a hazard curve for the selected intensity measure. An example of a hazard curve 

for Christchurch in New Zealand for spectral acceleration as the intensity measure for a 
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structure with fundamental period of T=1.5s is depicted in the following figure. 

 

Figure 3.3: An example of probabilistic seismic hazard curve (Bradley et al. 2008)  

 

Step 2: The selection of ground motions and conducting nonlinear response history analyses 

The purpose of this step is to predict engineering demand parameters (EDPs) at various 

hazard levels and obtain the structural collapse fragility curve to compute the probability of 

building collapse at a given hazard level. One conventional way to do this is to select a suite 

of ground motions and analyse the structure with increasing scale factors, i.e. Incremental 

Dynamic Analysis (IDA) (Vamvatsikos and Cornell 2002). Collapse fragility can then be 

developed by fitting the collapse data points obtained at each hazard level to a lognormal 

distribution.  An example of IDA and a collapse fragility curve is shown in the following 

figure.  
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Figure 3.4: (a) Illustration of Incremental Dynamic Analysis results (b) IM values at 

collapse as observed from the IDA results, and a collapse fragility function fitted to 

the data (from Baker (2015)) 

 

As evident in the figures, a significant variation in the seismic response of the structure 

for the various levels of ground motions can be observed, with the variation increasing as 

the level of intensity increases (primarily due to significant non-linear response of the 

structure). This uncertainty is quantified by computing the dispersion (standard deviation of 

the logarithm of the analysis data where collapse does not occur) of the responses as a 

function of intensity. A review of the literature on the various sources of uncertainty is 

presented in the previous chapter. Examples of the calculation of these uncertainties for some 

case study buildings are also shown in future chapters. 

More recently, multiple stripe analysis (MSA) (Jalayer and Cornell 2009, NIST 2011, 

Baker 2013a, Bradley 2013a) has been proposed for the prediction of seismic demands in 

which different suits of ground motions are used at each level of hazard. As different ground 

motions are used at various levels of hazard, MSA better represents the structural response 
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at different hazard levels. The use of this method is further shown and discussed in future 

chapters. 

Step 3: The calculation of the probability of exceedance of an EDP at each intensity level 

With the mean and dispersion of the seismic response (given no collapse) known for a 

given level of hazard, which is calculated using IDA or MSA, the probability of exceeding 

a given level of demand can be obtained from the following equation (Bradley et al. 2008): 

𝐺𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚)

= 𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝑒𝑑𝑝|𝑖𝑚)[1 − 𝑃𝐶|𝐼𝑀(𝑖𝑚)] + 𝑃𝐶|𝐼𝑀(𝑖𝑚) (3.1) 

where G(x|y) is a notation for the complementary cumulative distribution function 

(CCDF) of x given y, G(X > x |Y = y) (Ang and Tang 2007). G(EDP|IM, NC) gives the 

probability of exceeding EDP given IM and no collapse, and P(C|IM ) is the probability of 

collapse given IM.  

Step 4: Calculating the annual rate of global collapse and the annual rate of exceeding EDP 

The results of the seismic response analysis can be combined with the ground motion 

hazard to provide the rates of exceedance of various levels of seismic demand on the 

structure. For example, by combining the collapse fragility curve and the ground motion 

hazard, it is possible to compute the annual rate of global collapse (Bradley et al. 2008): 



 

 

79 

 

𝜆𝐶 = ∫ 𝑃𝐶|𝐼𝑀(𝑖𝑚) |
𝑑𝜆𝐼𝑀(𝑖𝑚)

𝑑𝐼𝑀
| 𝑑𝐼𝑀 (3.2) 

where 𝜆𝑐 is the annual rate of structural collapse; P(C|IM) is the probability of collapse 

for a given level of IM obtained from the collapse fragility curve; and 𝜆𝐼𝑀 is the ground 

motion hazard curve. 

Similar to the annual rate of collapse, the seismic response for a particular EDP can be 

combined with the ground motion hazard curve to obtain the annual rate of exceeding various 

levels of EDP (herein referred to as an EDP hazard curve) (Bradley et al. 2008): 

𝜆𝐸𝐷𝑃(𝑒𝑑𝑝) = ∫ 𝐺𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚) |
𝑑𝜆𝐼𝑀(𝑖𝑚)

𝑑𝐼𝑀
| 𝑑𝐼𝑀 

(3.3) 

where 𝜆𝐸𝐷𝑃 is the annual rate of exceeding the prescribed level of EDP.  

Step 5: The collection of the inventory of building components 

In order to estimate seismic loss for a specific building, a typical inventory of the 

various types of building components and their quantity/distribution is required at this stage. 

The purpose is to eventually estimate the cost of each component with respect to the total 

cost of the building. For example, the following table provides a list of approximate densities 

of various non-structural components and contents in office buildings based on Aslani and 

Miranda (2005), Mitrani-Reiser (2007), and Buchan (2007). 
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Table 3.1: Example of an inventory of building components for office buildings from 

Bradley et al. (2008) 

 

 

Step 6: The determination of loss given EDP for each component 

Each different building component identified in the previous step has its own fragility 

and loss functions which are defined based on the damage states. Fragility and loss functions 

for all of the components corresponding to a component’s EDP should be found at this stage. 

For example, the fragility and loss functions for a beam-column joint of a case study RC 

building are shown in Figure 3.5.  
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Figure 3.5: The fragility and repair cost (loss) function for beam column joints of an 

RC building [from Bradley et al. (2008)] 

 

The fragility and loss functions can be combined to compute the mean and variance of 

the loss for a given level of EDP by the following equations: (Bradley et al. 2008) 

𝜇𝐿𝑖|𝐸𝐷𝑃(𝑒𝑑𝑝) = ∑ 𝜇𝐿𝑖|𝐷𝑆𝑗
(𝑑𝑠𝑗)𝑃𝐷𝑆𝑗|𝐸𝐷𝑃(𝑑𝑠𝑗|𝑒𝑑𝑝)

𝑁𝐷𝑆

𝑗=1

 
(3.4) 

𝜎𝐿𝑖|𝑒𝑑𝑝
2 = ∑ [𝜇𝜇𝐿𝑖|𝐷𝑆𝑗

2 (𝑑𝑠𝑗) + 𝜎𝐿𝑖|𝐷𝑆𝑗

2 (𝑑𝑠𝑗)] 𝑃𝐷𝑆𝑗|𝐸𝐷𝑃(𝑑𝑠𝑗|𝑒𝑑𝑝)

𝑁𝐷𝑆

𝑖=1

− 𝜇𝐿𝑖|𝐸𝐷𝑃
2 (𝑒𝑑𝑝) 

(3.5) 

where 𝜇𝐿𝑖|𝐸𝐷𝑃 and 𝜎𝐿𝑖|𝑒𝑑𝑝
2  are the mean and variance of the loss for a given level of 

EDP; 𝜇𝐿𝑖|𝐷𝑆𝑗
and 𝜎𝐿𝑖|𝐷𝑆𝑗

2  are the mean and variance in the loss-damage state (L|DS) 

relationship; 𝑁𝐷𝑆 is the number of damage states; and 𝑃(𝐷𝑆𝑗|𝐸𝐷𝑃) is the probability of 

being in damage state 𝐷𝑆𝑗 given demand level EDP which can be computed as the vertical 

distance between the corresponding fragility curves: 
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𝑃𝐷𝑆𝑗|𝐸𝐷𝑃(𝑑𝑠𝑗|𝑒𝑑𝑝)

= {
𝐺𝐷𝑆𝑗|𝐸𝐷𝑃(𝑑𝑠𝑗|𝑒𝑑𝑝) − 𝐺𝐷𝑆𝑗|𝐸𝐷𝑃(𝑑𝑠𝑗+1|𝑒𝑑𝑝)    𝑗 ≠ 𝑁𝐷𝑆

𝐺𝐷𝑆𝑗|𝐸𝐷𝑃(𝑑𝑠𝑗|𝑒𝑑𝑝)    𝑗 = 𝑁𝐷𝑆

 
(3.6) 

where 𝐺(𝐷𝑆𝑗|𝐸𝐷𝑃) is the probability of exceeding 𝐷𝑆𝑗  given demand level EDP. The 

results of this step would be the mean value of loss given EDP. 

Step 7: The loss given IM for individual components 

L|EDP relationships in the previous step can be combined with the seismic response 

(EDP|IM) relationship in order to determine the loss as a function of ground motion intensity 

(L|IM relationship) as shown by the following equations: 

𝜇𝐿𝑖|𝐼𝑀(𝑖𝑚) = ∫ 𝜇𝐿𝑖|𝐸𝐷𝑃(𝑒𝑑𝑝)𝑓𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚)𝑑𝐸𝐷𝑃 
 

(3.7) 

𝜎𝐿𝑖|𝐼𝑀
2 (𝑖𝑚) = ∫[𝜇𝐿𝑖|𝐸𝐷𝑃

2 (𝑒𝑑𝑝) + 𝜎𝐿𝑖|𝐸𝐷𝑃
2 (𝑒𝑑𝑝)]𝑓𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚)𝑑𝐸𝐷𝑃

− 𝜇𝐿𝑖|𝐼𝑀
2 (𝑖𝑚) 

(3.8) 

  where 𝑓𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚)𝑑𝐸𝐷𝑃 is the probability density function for the EDP|IM 

relationship: 

𝑓𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚) = −
𝑑𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝑒𝑑𝑝|𝑖𝑚)

𝑑𝐸𝐷𝑃
 

(3.9) 

where G(EDP|IM,NC) is obtained from seismic response analysis results after removing 
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global collapse cases. 

Step 8: The loss given IM for the entire structure 

L|IM for a single component does not consider collapse cases, therefore L|IM for the 

entire structure is separated for collapse and no collapse cases and can be computed by the 

following equations (Bradley 2009a) 

For no collapse: 

𝜇𝐿𝑇|𝐼𝑀 ,𝑁𝐶(𝑖𝑚) = ∑ 𝜇𝐿𝑖|𝐼𝑀 (𝑖𝑚)

𝑁𝑐

𝑖=1

 (3.10) 

𝜎𝐿𝑇|𝐼𝑀 ,𝑁𝐶
2  (𝑖𝑚)

= ∑ 𝜎𝐿𝑖|𝐼𝑀
2  (𝑖𝑚)

𝑁𝑐

𝑖=1

+ 2 ∑ ∑ 𝜌𝐿𝑖 ,𝐿𝑗|𝐼𝑀 (𝑖𝑚)𝜎𝐿𝑖|𝐼𝑀(𝑖𝑚)𝜎𝐿𝑗|𝐼𝑀 (𝑖𝑚)

𝑖−1

𝑗=1

𝑁𝑐

𝑖=1

 

(3.11) 

where 𝑁𝐶 is the number of components in the structure; 𝜇𝐿𝑇|𝐼𝑀,𝑁𝐶 and 𝜎𝐿𝑇|𝐼𝑀,𝑁𝐶
2  are the 

mean and variance in the total loss given IM and no collapse; and 𝜌𝐿𝑖,𝐿𝑗|𝐼𝑀 is the correlation 

coefficient between the losses in various components. Correlation between building 

components in the seismic loss assessment has been investigated in (Bradley and Lee 2010). 

For both collapse and no collapse cases: 
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𝜇𝐿𝑇|𝐼𝑀 (𝑖𝑚) = 𝜇𝐿𝑇|𝐼𝑀 ,𝑁𝐶(𝑖𝑚)[1 − 𝑃𝐶|𝐼𝑀(𝑖𝑚)] + 𝜇𝐿𝑇|𝐶𝑃𝐶|𝐼𝑀(𝑖𝑚) 
(3.12) 

𝜎𝐿𝑇|𝐼𝑀
2  (𝑖𝑚) = 𝜎𝐿𝑇|𝐼𝑀,𝑁𝐶

2  (𝑖𝑚)[1 − 𝑃𝐶|𝐼𝑀(𝑖𝑚)]𝜎𝐿𝑇|𝐶
2  𝑃𝐶|𝐼𝑀(𝑖𝑚)

+ (𝜇𝐿𝑇|𝐼𝑀 ,𝑁𝐶(𝑖𝑚) − 𝜇𝐿𝑇|𝐶)
2

𝑃𝐶|𝐼𝑀(𝑖𝑚)[1 − 𝑃𝐶|𝐼𝑀(𝑖𝑚)] 

(3.13) 

where 𝜇𝐿𝑇|𝐶 and 𝜎𝐿𝑇|𝐶
2  are the mean and variance of the loss given global collapse and 𝜇𝐿𝑇|𝐼𝑀 

and 𝜎𝐿𝑇|𝐼𝑀
2  are the mean and variance of the total loss once conditioning on collapse (and no 

collapse) has been removed. The following figure illustrates the loss given IM relationship 

for the entire structure of a case study building for: (a) loss given IM and no collapse; (b) 

loss given collapse; and (c) loss given IM with no conditioning on collapse or no collapse. 

 

Figure 3.6: Loss given intensity for the entire structure of a case study given; a) 

collapse does not occur b) collapse occurs c) collapse and no collapse considered  
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Stage 9: The annual rate of exceedance of loss (loss hazard curve) 

The loss given IM can be integrated over a range of hazard levels to derive the annual 

rate of loss as shown in the following equation (Bradley 2009a) 

𝜆𝐿𝑇
(𝑙𝑡) = ∫ 𝐺𝐿𝑇|𝐼𝑀(𝑙𝑡|𝑖𝑚) |

𝑑𝜆𝐼𝑀(𝑖𝑚)

𝑑𝐼𝑀
| 𝑑𝐼𝑀 

(3.14) 

where 𝜆𝐿𝑇
 is the annual rate of loss exceeding 𝑙𝑡, 𝐺𝐿𝑇|𝐼𝑀(𝑙𝑡|𝑖𝑚) is the CCDF of the 

L|IM relationship which can be obtained by: 

𝐺𝐿𝑇|𝐼𝑀(𝑙𝑡|𝑖𝑚) = 𝐺𝐿𝑇|𝐼𝑀,𝑁𝐶(𝑙𝑡|𝑖𝑚)[1 − 𝑃𝐶|𝐼𝑀(𝑖𝑚)] + 𝐺𝐿𝑇|𝐶(𝑙𝑡)𝑃𝐶|𝐼𝑀(𝑖𝑚) 
(3.15) 

Where 𝐺𝐿𝑇|𝐼𝑀(𝑙𝑡|𝑖𝑚) and 𝐺𝐿𝑇|𝐶(𝑙𝑡) are the CCDF’s of the 𝐿|𝐼𝑀, 𝑁𝐶 and 𝐿|𝐶 

relationships, respectively. 

3.3.2 The second level of computational rigor – Semi Rigorous LOSD 

The second level of computational rigor in LOSD is an intensity-based assessment, as 

defined in FEMA (2012a), in which the performance of the buildings is assessed at discrete 

hazard levels. Unlike the first level of rigor, it does not explicitly require fragility functions 

of building components. Loss is directly related to EDP through predefined functions/plots 

for building components. Research is required to provide such reliable simplified functions 

for the various components. Structural response prediction in this level is based on a 

nonlinear static analysis. The less demanding structural modelling and analysis, as well as 
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removal of the need for fragility functions of building components will significantly reduce 

the computation effort in the assessment of seismic loss.  

In this level, predefined values of uncertainties considering all sorts of variations are 

required. Preliminary research has provided default values of uncertainties (FEMA 2012a, 

Kosic and Fajfar 2012). Predefined height-wise variation of acceleration throughout the 

building is also required as the floor accelerations cannot be directly estimated from results 

of a nonlinear static analysis. Research within the earthquake engineering community is 

ongoing to provide reliable values to use in the seismic assessment and design.  

The loss assessment at the second level computational rigor in LOSD can be performed 

through the following steps:  

Step 1: The definition of the ground motion intensities for the selected performance 

objectives  

The performance assessment is based on a target performance objective at a given 

intensity level. The performance criteria for LOSD can be expressed in an RDI format, where 

R is the cost to repair the damaged structural, non-structural components and to replace the 

damaged content, D is the number of closure days (i.e., downtime), and I is the injury vector 

specifying the probability of minor injury, major injury, and death. An example of the 

required performances for different building categories in different levels of ground motions 

is shown in Figure 3.7. In this figure, 0.001 is used to represent the minimum allowable limit 

because in a probabilistic framework it is not pragmatic to aim for a value which has zero 

probability. Similarly, too much should not be read from the other values because they are 
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provided only as placeholders. Further research is needed to come up with more defendable 

values of allowable losses. 

 

Figure 3.7: Example of performance requirements in RDI format for buildings in 

different levels of ground motion in LOSD (Dhakal and Saha 2017) 

 

As for the structural analysis, any nonlinear static (pushover) analysis method 

proposed in literature can be used to compute structural demands. Herein, the use of the N2 

method (Fajfar 2000, Fajfar et al. 2005, Kreslin and Fajfar 2011) is proposed to perform 

pushover analysis due to the method’s simplicity and the extent of the verifications available 

for this method. For each of the selected intensity levels the following steps are repeated: 

Step 2: Performing a preliminary design based on the current codes using a linear dynamic 

modal analysis and record modal participation factor, 𝜞: 
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Γ =
Φ𝑇𝑀1

Φ𝑇𝑀Φ
=

𝑚∗

𝐿∗
 (3.16) 

where M is the diagonal mass matrix, Φ𝑇 is the transpose of the mode shape vector 

and 𝑚∗ is the effective mass. 

Step 3: Creation of a nonlinear structural model using the predetermined provisions in 

current codes  

Step 4: Performing a pushover analysis such as N2 method (Fajfar 2000, Fajfar et al. 2005) 

until numerical collapse of the structural model  

Record the ultimate displacement as 𝐷𝐶 . Further details of the pushover analysis for 

probabilistic collapse analysis can be found in Fajfar and Dolsek (2012) 

Step 5: Idealization of the pushover curve as a bilinear (elasto-plastic) curve so that the 

yield displacement Dy, and yield force Fy are determined  

The ductility at failure is defined as 

𝜇𝑐 =
𝐷𝑐

𝐷𝑦
 (3.17) 

Step 6: Computation of the structural period and linear spectral acceleration capacity of 

collapse using the following equations. 
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𝑇 = 2𝜋√
𝑚∗𝐷𝑦

𝐹𝑦
 (3.18) 

𝑆𝑎𝑒,𝐶 =
4𝜋2

𝑇2

𝐷𝐶

Γ
 (3.19) 

where 𝑇 is the structural period, 𝑆𝑎𝑒,𝐶 is the seismic demand at failure in terms of the 

elastic spectral acceleration, 𝐷𝑦 and 𝐹𝑦 are the displacement and force at the yield point 

obtained from the idealized bilinear curve. 

Step 7: Calculation of the target displacement for a given hazard intensity level and 

recording the median values of inter-storey drift at each storey level as 𝒅𝒊  

Modify the results in case of asymmetric buildings and high-rise buildings as proposed 

in the literature for the N2 method. One approach is to calculate the target displacement from 

the following equation: 

𝐷𝑡 = Γ. 𝑆𝑑 (3.20) 

where Sd is the inelastic spectral displacement of the equivalent single degree of 

freedom system. Details of the procedure for calculation of the target displacement and 

modifications are given in (Fajfar 2000, Fajfar et al. 2005, Kreslin and Fajfar 2011). 

Alternatively, the target displacement can be determined using the coefficient method given 

in FEMA (2005) and ASCE/SEI41-13 (2013). 

Step 8: Accounting for uncertainties 



 

 

90 

 

By conducting static nonlinear procedures, ground motion variability and the variation 

due to epistemic uncertainties cannot be directly derived. Therefore, at this stage, default 

dispersion values considering both epistemic and aleatory uncertainties are required. Such 

values should be provided by regulatory guidelines. Examples of these values are currently 

given in FEMA (2012a). Knowing predefined epistemic and aleatory uncertainties, calculate 

the probability of collapse from the following equations: 

𝑃(𝐶|𝐼𝑀) = 𝛷 (
𝑙𝑛(𝑆𝑎𝐷) − ln(𝑆𝑎𝑒,𝐶)

𝑙𝑛𝛽𝑇𝐶
) (3.21) 

𝛽𝑇𝐶 = √𝛽𝑅𝐶
2 + 𝛽𝑈𝐶

2  (3.22) 

    where P(C|IM) is the probability of collapse at a given intensity level, and SaD is the 

spectral acceleration demand which is computed from the code spectrum at a given hazard 

level and using the structural period computed in step 6. ΒTC is the total uncertainties due to 

aleatory (βRC) and epistemic (βUC) uncertainties at the collapse limit state.  

Step 9: Calculating the probability of exceedance of various inter-storey drifts at a given 

hazard level  

Similar to the previous step, epistemic and aleatory uncertainties in prediction of a 

given EDP (i.e., inter-storey drift in this step) should be provided by regulatory guidelines 

which is the subject of future research. It is noted that the dispersion values at this stage may 

vary from the values provided in the previous step, as it refers to uncertainties at intensity 

levels lower than the collapse limit state. Knowing the predetermined uncertainties in 
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prediction of the seismic demand, compute the cumulative probability of inter-storey drift at 

each storey level using the following equations: 

𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝑒𝑑𝑝|𝑖𝑚) = 1 − 𝛷 (
𝑙𝑛(𝐷𝑖) − ln(𝑑𝑖)

𝑙𝑛𝛽𝑇𝐷
) (3.23) 

𝛽𝑇𝐷 = √𝛽𝑅𝐷
2 + 𝛽𝑈𝐷

2  (3.24) 

𝐺𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚)

= 𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝑒𝑑𝑝|𝑖𝑚)[1 − 𝑃𝐶|𝐼𝑀(𝑖𝑚)]

+ 𝑃𝐶|𝐼𝑀(𝑖𝑚) 

(3.25) 

where, 𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝑒𝑑𝑝|𝑖𝑚) is the cumulative distribution function of the EDP (inter-

storey drifts in this equation) given an intensity measure considering no collapse which is 

calculated for each storey level. Di is the inter-storey drift at level i, di is the median inter-

storey drift at level i obtained from pushover analysis, and 𝛽𝑇𝐷 is the total uncertainty 

considering both aleatory and epistemic uncertainties at the hazard intensity level at which 

the assessment is being done, and 𝐺𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚) gives the probability of exceedance of 

a given EDP considering both collapse and no collapse cases.              

Step 10: Repeat the previous step for peak floor accelerations 

This step is like the previous step with the difference that EDP at this step is defined 

as the peak floor acceleration. In other words, at this step the probability of exceedance of 

various peak floor accelerations at a given hazard level should be determined. Peak floor 
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accelerations cannot be directly taken from the pushover analysis performed in previous 

steps. Therefore, predefined peak floor acceleration profiles throughout the height of the 

building, as well as uncertainties, in regulatory guidelines are required. The predefined 

height-wise variation of peak floor acceleration provides median values at a given hazard 

level. Knowing the median values and default values of dispersion, the probability of 

exceedance of a given peak floor acceleration can be determined using the equations given 

in the previous step. 

Step 11: Compute mean loss from EDP using simplified functions 

At this stage, default graphs/equations/functions are required to relate various EDP 

values to mean loss of the structural and non-structural components and contents. Examples 

of such graphs are proposed by (Ramirez and Miranda 2009). Knowing the mean loss of the 

building components given an EDP as well as distribution of the EDPs from the previous 

steps, compute the mean value of loss at each intensity level for each component using the 

following equations: 

𝜇𝐿𝑖|𝐼𝑀(𝑖𝑚) = ∫ 𝜇𝐿𝑖|𝐸𝐷𝑃(𝑒𝑑𝑝)𝑓𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚)𝑑𝐸𝐷𝑃 (3.26) 

𝑓𝐸𝐷𝑃|𝐼𝑀(𝑒𝑑𝑝|𝑖𝑚) = −
𝑑𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝑒𝑑𝑝|𝑖𝑚)

𝑑𝐸𝐷𝑃
 (3.27) 

Step 12: Compute total building repair cost 

From the repair cost of each component, compute the total repair cost (loss) of the 
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building, in percentage of the total building cost, using the following equations 

For no collapse: 

𝜇𝐿𝑇|𝐼𝑀,𝑁𝐶(𝑖𝑚) = ∑ 𝜇𝐿𝑖|𝐼𝑀(𝑖𝑚)

𝑁𝑐

𝑖=1

 (3.28) 

For both collapse and no collapse: 

𝜇𝐿𝑇|𝐼𝑀(𝑖𝑚) = 𝜇𝐿𝑖|𝐼𝑀,𝑁𝐶(𝑖𝑚)[1 − 𝑃𝐶|𝐼𝑀(𝑖𝑚)] + 𝜇𝐿𝑇|𝐶𝑃𝐶|𝐼𝑀(𝑖𝑚) (3.29) 

Step 13: Compare the computed demand loss with tolerable loss.  

If the demand loss is less than acceptable loss, the design is done. Otherwise, go back 

to step 2 and repeat the process until an acceptable loss is achieved.   

3.3.3 Third Level of Computational Rigor – Simplified LOSD 

The third level of computational rigor involves minimum computational effort. 

Performance assessment in this level is based on a simplified intensity-based assessment, 

primarily with simple calculations and using several simplified equations/functions/plots. 

Simplified equations will provide prediction of collapse probability of buildings, height-wise 

variation of inter-storey drifts, and peak floor accelerations at a given intensity level. A linear 

analysis is required for the preliminary design of structural members to be able to commence 

the loss assessment procedure. The performance objectives in this level are chosen in a 

similar way as in the second level of computational rigor in LOSD. Accuracy of the 
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assessment in this level depends particularly on the accuracy of predefined 

equations/functions/plots which will need to be provided. The use of this level of 

computational rigor may be limited, in the future regulatory guidelines, to certain types of 

structures for which seismic design requirements are satisfied based on the current standards. 

Alternatively, this level of computational rigor could be used as a starting point for the 

seismic assessment using previous levels of computational rigor. A vast body of research is 

still required to fill the gaps in the application of the LOSD with this level of simplicity.  

To conduct a seismic assessment at this level, performance objectives at each hazard 

level are selected similar to the method in the previous section. A preliminary design of 

structural members is conducted based on the current seismic design codes and the building 

loss is estimated and compared to the acceptable level of loss. The seismic assessment 

procedure at this level can be conducted using the following steps: 

Step 1: Selection of seismic hazard intensity levels and performance objectives 

This step is similar to the second level of computational rigor in LOSD. The following 

steps are then repeated at each selected hazard level. 

Step 2: Establishment of a linear structural model of the building and performance of a 

preliminary design of structural components based on current guidelines 

The purpose of this step is to come up with the preliminary sections of the structural 

components so that a loss assessment can be performed in the next steps. Current building 

standards can be used with linear analysis procedures for preliminary design of structural 
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components. As the performance of the building will be assessed through rigorous steps at 

the later stages, all prescriptive seismic design requirements may not be required to be 

checked at this stage.  

Step 3: Estimate probability of building collapse given an intensity measure using simplified 

collapse prediction equations 

One approach to predict collapse probability of buildings at this stage, with simple 

calculations, would be to develop equations which will provide a median value for collapse 

capacity in terms of the selected intensity measure and a dispersion considering all sources 

of uncertainty. The collapse probability at any level of intensity can then be estimated 

assuming a lognormal distribution. The median collapse capacity and dispersion in the 

estimation of the seismic collapse capacity of the buildings can be based on the building 

structural systems and could be related to the hazard at the location of the building. 

Supported by limited research, preliminary simple equations have been developed in 

literature for simplified collapse predictions and uncertainty (FEMA P-58-1 2012). 

Nevertheless, additional research is needed to come up with more reliable equations, 

particularly for buildings designed in New Zealand.   

Step 4: Estimate inter-storey drifts at each floor level using simplified equations  

At the third level of computational rigor, no particular structural analysis is proposed 

to predict the seismic demands for loss estimation. Rather, simplified equations for 

estimating the median and variation of inter-storey drifts for various structural systems will 

have to be used. These equations should represent results of the height-wise variation of 
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drifts from advanced analyses, which could be related to the member sizes or other structural 

properties that are known following the preliminary design. Further research is required to 

develop such equations. An alternative approach would be to use the linear analysis results, 

and convert the results to nonlinear response, to predict the inter-storey drifts profiles, as it 

is currently recommended by seismic codes (e.g. (NZS1170.5 2004)). 

Step 5: Estimate peak floor accelerations at each floor level using simplified equations.  

Similar to the previous step, simplified equations should be developed at this stage to 

predict the median and variation of the peak floor accelerations. This step is similar to the 

second level of computational rigor in LOSD. 

Step 6: Determine the mean loss given EDP for building components. 

At this stage the ratio of the loss of building components including structural, non-structural 

and contents with respect to the total construction cost of the building should be determined. 

To obtain this ratio, information should be taken from predefined graphs and/or tables in 

regulatory guidelines. Error! Not a valid bookmark self-reference. illustrates an example 

of such information for office buildings with the cells in the table still empty as further 

research is required to fill the gaps. The research is ongoing to fill the gaps in the table. For 

example, one of the cells in the table has been filled based on the research in Tang et al. 

(2014). In this work, extensive statistical research has been conducted on the cost of 

suspended ceilings within a wide range of office buildings in the Christchurch city of New 

Zealand. The outcome of this study is a graph which is depicted in Figure 3.8, that correlates 

the loss of ceilings given floor accelerations. 
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Table 3.2: Example of the median loss of components 

Office buildings 

 component 

Median 

proportion of 

the component 

cost to total 

construction 

cost 

Medium loss of 

component 

given EDP 

Medium loss 

ratio to total 

building cost 

given EDP 

Structural 

components 

Beam-column 

joints 
   

Structural walls    

Slabs/floors    

Beams/columns    

Foundations & 

piles 
   

Non-structural 

components 

Ceilings 0.046   

Infill    

Partition    

Windows/Doors    

Facades    

Contents Computers/servers    

 Racks/servers    

 Furniture    

 Total Loss  

 

Figure 3.8 provides the loss of the ceilings (regardless of the size or the ceiling type) with 

respect to the building total cost obtained by combination of the ceiling fragility curves and 

loss curves for various types of ceilings. The variation shown in the graph stems from the 
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variation in ceiling types, sizes and materials. Using this graph, and knowing the mean peak 

acceleration at each floor, the mean value of the loss due to failure of ceiling components at 

a given hazard level can be determined. The research in this field is ongoing to develop 

similar graphs for other structural and non-structural components. 

 

Figure 3.8: Loss given EDP for ceilings with respect to the total building cost Tang et 

al. (2014) 

 

Step 7: From the repair cost of each component, compute total repair cost (loss) of the 

building, in percentage of the total building cost, considering both collapse and no collapse 

cases 

Similar to the step 12 at the second level of computational rigor, summations of the 

loss of the building components combined with total probability theorem provides the total 

building loss considering the collapse and no collapse cases. 



 

 

99 

 

Step 8: Compare the computed demand loss with tolerable loss 

If the demand loss is less than acceptable loss, design is done. Otherwise, go back to 

step 2 and repeat the process until acceptable loss is achieved.   

As can be implied from the above steps, further simplifications in the third level of 

computational rigor compared to the second level are in (i) structural analysis and (ii) using 

the mean value of EDP rather than the distribution of EDP at each storey level. At this level 

of computational rigor seismic demands are obtained from predefined functions, or from a 

linear analysis, rather than a nonlinear pushover analysis. It is also noted that, rather than 

integrating the loss given EDP over a range of probabilities, the mean values are directly 

used with results in further simplifications.  

3.4 Seismic performance assessment of case study buildings 

3.4.1 Seismic performance assessment of ten-storey Red Book building with 

three levels of computational rigor 

To illustrate different levels of computational rigor proposed in this chapter, seismic 

performance assessment of a ten-storey reinforced concrete framed building used as a design 

example in the Red Book (Bull and Brunsdon 1998) is illustrated at this section with three 

different levels of computational rigor. The Red Book building elaborates design of a ten-

storey building as an example of ductile structural design based on the New Zealand concrete 

standard (NZS3101 2006). Figure 3.9 shows a plan and elevation view of the building which 
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is supported on pile foundations and consists of four moment resisting frames at the 

perimeter as the lateral load resisting system. Internal columns are designed to carry gravity 

loads of the building. The RC building has been designed as a conventional office building 

in accordance with the New Zealand concrete standard (NZS3101 2006). The building is 

assumed to be in Christchurch and founded on a firm ground (soil type C as per NZS1170.5 

soil type classification). Further details of the building can be found in Bull and Brunsdon 

(1988).  

 

Figure 3.9: Plan and elevation view of the ten-storey Red Book building (Bull and 

Brunsdon 1998) 

In order to make a comparison between different levels of computational rigor, seismic 

performance assessment of the building at all three levels of complexity is conducted at 

2500-year return period intensity which is termed as the maximum considered earthquake 
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(MCE) at this example [𝑆𝑎(𝑇1 = 1.5𝑠) = 0.35𝑔]. The seismic hazard for the case study is 

defined in accordance with NZS1170.5 (2004) spectrum which is equivalent to 1.8 of the 

500-year return period event response spectrum, also known as the design basis earthquake 

(DBE). 

3.5 Rigorous loss assessment of the case study building 

Seismic performance of the Red Book building is extensively assessed throughout this 

thesis via a range of NL-RHA in various intensity levels. For nonlinear analyses in the thesis, 

an enhanced fiber element structural model is utilised which is able to simulate sidesway and 

vertical modes of structural collapse. Verification and details of the structural model used in 

the thesis are presented in Chapter 4. Moreover, effects of ground motion selection on the 

structural response are investigated in Chapter 5, where multiple stripe analyses are 

conducted with 40 ground motion records which are selected based on various ground 

motion selection methods in the literature. Results of the parametric studies in Chapter 5 are 

used this section for rigorous assessment of the case study building.  

Results of the NL-RHA under 40 ground motions selected to match with the 

NZS1170.5 spectrum at MCE [𝑆𝑎(𝑇1 = 1.5𝑠) = 0.35𝑔], as the target spectrum, are 

illustrated in Figure 3.10. In this figure, inter-storey drifts and peak floor accelerations along 

the building height are depicted. The structural response at each floor level is shown for each 

ground motion record which has not caused structural collapse. Depicted in the figure, in red 

solid lines, are also mean and mean ± one standard deviation of the responses. Results are 

from two-dimensional structural analysis of a representative lateral load resisting frame of 
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the building under two horizontal components of 20 ground motions which are best matched 

with the NZS1170.5 spectrum for 2500-year intensity. Out of the total 40 ground motions, 5 

have caused structural collapse. Structural response for ground motions that have resulted in 

collapse are removed from graphs as these will not provide realistic results.  

 
 

Figure 3.10: Height-wise variation of structural response from NL-RHA for non-collapse 

cases. Mean and mean ± standard deviation of response is shown in red solid lines  

 

NL-RHAs are also conducted at several smaller and larger ground motion intensities 

to determine probability of structural collapse (based on the proportion of records which 

cause structural collapse) at each intensity. Collapse fragility of the building is then 

constructed by determining the probability of collapse for various levels of ground motion 

intensity and fitting the data points to a lognormal distribution. To fit the data to a lognormal 

distribution the procedure for fitting the data points proposed in Chapter 5 is used.  

Figure 3.11 illustrates the collapse fragility curve for the case study structure. The 

fundamental period of vibration of this building is 1.5 seconds. Therefore, from the building 

collapse fragility curve seismic collapse probability of the building at MCE [𝑆𝑎(𝑇1 =
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1.5𝑠) = 0.35𝑔] is estimated 11%. 

 

Figure 3.11: Collapse fragility curve of the case study building using four different GM 

selection methods, including (dashed lines) and excluding (solid lines) modeling 

uncertainties  

 

Once nonlinear analyses are undertaken and the building collapse fragility curve is 

developed, a detailed component by component loss assessment of the building should be 

carried out. Bradley (2009a) has conducted a detailed loss assessment for the case study 

building (first level of computational rigor) through steps that are elaborated in section 3.3.1. 

Details of the calculations can be found in the reference and are not repeated here for brevity. 

Results of the monetary loss assessment for the entire building in terms of the loss given 

intensity for the whole building is illustrated in Figure 3.12. Using this figure financial loss 

of the building at each hazard level can be predicted. From this figure, the predicted loss of 
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the building at MCE [𝑆𝑎(𝑇1 = 1.5𝑠) = 0.35𝑔] is NZ$2.61 million (M). Nevertheless, this is 

the predicted loss of the building considering no collapse cases. The total cost of the 10-

storey building has been reported NZ$14 million (M). Therefore, assuming that the building 

incurs 100% loss at collapse, the total predicted loss for the building, using Equation 3.15 

and Figure 3.11, becomes NZ$3.86 M which is equivalent to 28% of the total building cost. 

 

Figure 3.12: Loss given intensity for the case study building considering non-collapse 

cases (Bradley 2009a) 

3.6 Loss assessment via the second level of computational rigor  

As noted in previous sections, the second level of computational rigor in LOSD is 

based on conducting a nonlinear static (pushover) analysis and predefined loss functions 

which relate structural response to the building loss. Any nonlinear static analysis procedure 
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proposed in the literature can be adopted for the second level of rigor in LOSD. At this 

section, the extended N2 method (Kreslin and Fajfar 2011) is used for seismic performance 

assessment of the case study building. The first step in conducting loss assessment at the 

second level of computational rigor is to determine performance objectives at a given hazard 

level. For this example, the performance objectives at the MCE level noted in Figure 3.7 is 

selected as the acceptance criteria for the assessment. Therefore, the assessment at the MCE 

is undertaken through the following steps (see section 3.3.2 for reference).  

Step 2: The nonlinear N2 method is started by assuming a displacement profile for the 

building (e.g., the fundamental mode shape) to select as the load pattern for pushover 

analysis. Thus, a linear modal analysis is first conducted and the displacement profile for the 

first modal shape of the building is used as the load pattern. The displacement profile is 

normalised such that the displacement at the top-level is unity. Modal displacements of the 

building for the first three mode shapes of the building are displayed in Figure 3.13. From 

the modal analysis, the modal participation factor for the building is calculated as Γ =

Φ𝑇𝑀1

Φ𝑇𝑀Φ
= 1.30.  

 

Figure 3.13: The first three modal displacement shapes of the case study building 
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Step 3: At this stage, a nonlinear fiber element model is selected for simulation of the 

nonlinear response of structural components. The nonlinear fiber model is utilised at this 

stage as this model has also been used in other chapters of the thesis. Details of the structural 

model for structural analysis is elaborated in the next chapter, where application of the model 

for simulation of seismic collapse is illustrated.  

 

Figure 3.14: Force- displacement relationship for the ten-storey case study building 

 

Steps 4 & 5: The nonlinear structural model is subjected to incrementally increasing 

lateral loads until an abrupt and sharp decline in the pushover curve takes place (i.e., large 

negative stiffness occurs which indicates loss of structural capacity). The base shear-top 

displacement relationship of the building along with an idealised bilinear pushover curve for 

the case study building is then developed as it is illustrated in Figure 3.14. The pushover 
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curve in the figure has been truncated after the point of an abrupt drop in the structural 

strength which is considered as the point of structural failure. From the idealised bilinear 

pushover curve, the ultimate roof displacement capacity of the frame (𝐷𝐶 = 480𝑚𝑚), the 

yield displacement capacity of roof (𝐷𝑦 = 74𝑚𝑚), and the ultimate base shear capacity of 

the frame (𝐹𝑦 = 1200𝑘𝑁) are recorded. 

Step 6: By dividing quantities of the pushover curve with Γ, force-displacement 

relationship of the multi degree of freedom system (MDOF) is converted to a single degree 

of freedom (SDOF) system. This will enable calculation of the structural period for the 

equivalent SDOF system which is 𝑇 = 2𝜋√
𝑚∗𝐷𝑦

𝐹𝑦
= 1.57𝑠. The spectral acceleration capacity 

of the building at failure is then calculated as 𝑆𝑎𝑒,𝐶 =
4𝜋2

𝑇2

𝐷𝐶

Γ
= 5.94 𝑚

𝑠2⁄ . 

Step 7: At this step, the target displacement at the desired intensity level (MCE in this 

example assuming that 𝑆𝑎 at MCE is 1.8×𝑆𝑎 at DBE) is computed. Target displacement 

represents the expected roof displacement demand at the given seismic intensity level. 

Knowing the period of the equivalent SDOF system (i.e. 𝑇 = 1.57 𝑠𝑒𝑐.), spectral acceleration 

of the system is calculated using the code response spectra (i.e. 𝑆𝑎(𝑇1 = 1.57𝑠) = 3.27 𝑚
𝑠2⁄  

from NZS1170 2004 for soil class C) and is then transformed to spectral displacement 

demand as 𝑆𝑑 =
𝑆𝑎×𝑇2

4𝜋2 = 203𝑚𝑚. Using spectral displacement of the equivalent SDOF 

system, the target displacement demand at MCE is estimated using Equation 3.20 as; 𝐷𝑡 =

Γ. 𝑆𝑑 = 264𝑚𝑚. Median inter-storey drifts at MCE are response values obtained from the 

pushover analysis at the target displacement which are shown in Figure 3.15 for the case 

study building. In this figure, inter-storey drift demand predictions from a linear response 
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spectrum analysis (RSA), the extended N2 method, the N2 method as well as the median 

and 84th percentile of the NL-RHA under 40 ground motion records are depicted for 

comparison. The extended N2 method uses an envelope of results between the N2 method 

and the RSA. Therefore, as can be seen in the figure, structural demands at top levels are 

identical between the two methods.  

  

Figure 3.15: Median inter-storey drifts at MCE for the ten-storey case study building 

obtained from NLRHA (Bradley 2009a) and extended pushover analysis 

 

Step 8: At this section structural response variability due to ground motion randomness 

and uncertainties in structural modelling should be considered. Since a static analysis has 

been undertaken for prediction of seismic demands, default values of uncertainties are 

required. Results from IDAs in the literature have reported record-to-record variability 

ranging from 0.35g to 0.45g (Haselton 2006, Liel et al. 2009, Zareian et al. 2010). 
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Fragiadakis and Vamvatsikos (2010) reported values ranging from 0.30 to 0.40, while 

FEMA (2012a) proposes 0.40 for record-to-record variability. Later in the thesis (Chapter 

5), record-to-record variability for prediction of seismic collapse probability is assessed 

based on conducting RHAs at discrete hazard levels. The record-to-record randomness 

obtained in this chapter (Koopaee et al. 2017) for seismic collapse probability prediction 

ranges between 0.45-0.55. 

As for the modelling uncertainty, previous investigations using lumped plasticity 

models have shown that introducing additional dispersion in structural response prediction 

can approximately account for the effects of uncertainties in the structural modelling 

(Haselton and Deierlein 2007, Zareian and Krawinkler 2007, Liel et al. 2009). A wide range 

of dispersion to account for modelling uncertainties has been reported in literature (e.g. 

Dolsek 2009, FEMA 2009, Fragiadakis and Vamvatsikos 2010). Moreover, Kosic and Fajfar 

(2012) have proposed a methodology for determination of default dispersion measures of 

RC frames. To propose a simplified method for collapse assessment based on default values 

of uncertainties, Fajfar and Dolsek (2012) assumed a modelling uncertainty of 0.40. On the 

other hand, in an extensive case study to quantify collapse potential of ductile and non-

ductile moment resisting RC frame buildings (Haselton et al. 2010, Liel et al. 2010), a value 

of 0.50 was assumed for modelling uncertainty.  

Based on the above discussion, for seismic collapse probability prediction of the 

example building herein, values of 0.45 and 0.4 are assumed for ground motion variability 

and modelling uncertainties, respectively. Using Equation 3.22, the total uncertainty 

becomes 0.6. Therefore, by utilising Equation 3.21, probability of building failure 
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considering all uncertainties is determined as follows: 

𝑃(𝐶|𝐼𝑀) = 𝛷 (
𝑙𝑛(𝑆𝑎𝐷)−ln(𝑆𝑎𝑒,𝐶)

𝑙𝑛𝛽𝑇𝐶
) = 𝛷 (

𝑙𝑛(3.27)−ln(5.94)

ln (0.6)
) = 16%  

The above collapse probability compares with 11% probability of collapse at MCE which 

was predicted in the previous section based on the results of NL-RHA. However, modelling 

uncertainties were neglected in the collapse assessment in the previous section. Thus, in 

order to compare results with the rigorous procedure, by neglecting modelling uncertainties, 

collapse probability at MCE amounts to 9% from the pushover analysis.  

 

 

Figure 3.16: Cumulative distribution function for inter-storey drifts at MCE for storey 2 

of the ten-storey case study building, including collapse and excluding collapse 

 

Step 9: Inter-storey drifts obtained from pushover analysis are taken as the median of 

structural response at MCE. Therefore, default values for structural response dispersion 

needs to be assumed at this stage to determine the cumulative probability of exceedance of 
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a given inter-storey drift. Dispersion of structural response at a given intensity level may be 

different to uncertainties for prediction of collapse probability. Typically, uncertainties for 

prediction of structural demands other than collapse are expected to be lower than that for 

the collapse prediction (as the structure responding less within the nonlinear range). 

Therefore, for the case study building here, a value of 0.4 is considered for variation of inter-

storey drifts. 

Knowing the median inter-storey drifts and the variance, cumulative probability 

distribution function for inter-storey drifts at each floor level is determined using Equation 

3.25. As an example, the cumulative distribution function for inter-storey drifts at storey 

level 2 of the case study building by including and excluding the probability of building 

collapse is illustrated in Figure 3.16. Using this graph probability of exceeding for a given 

inter-storey drift can be determined. For instance, by excluding the probability of building 

collapse, from this figure the probability of inter-store drifts exceeding 2% at the second 

floor is 8%. By considering the collapse probability for the building, the probability of inter-

storey drifts exceeding 2% at level 2 becomes 16%. 

Step 10: At this stage median and variance of peak floor accelerations at MCE are 

determined. Since structural analysis in previous steps has been undertaken via a nonlinear 

static procedure, peak floor accelerations cannot be directly determined from analysis 

results. Therefore, pre-defined functions are required for approximate prediction of peak 

floor accelerations. In Appendix A, peak floor acceleration (PFA) profile for an extensive 

range of case study buildings is investigated. Analysis results for RC moment resisting frame 

buildings in this study have shown that median values of PFAs from NL-RHAs remain close 

to peak ground acceleration (PGA) for buildings that are responding highly into nonlinear 
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range. Furthermore, the variation in PFA response under different ground motion records is 

estimated circa 0.5 at various floor levels. Using findings of the Appendix A, the median 

PFA demand is taken equal to PGA in this example, same for all floor levels calculated from 

NZS1170.5 for soil class C (i.e., 𝑃𝐺𝐴 = 0.53𝑔). Moreover, the variance of PFA is taken 0.5 

as per findings of Appendix A. 

In comparison to the results shown in Figure 3.10, it can be seen that assumption of 

the PFA equal to PGA at all levels is under-estimating the response for the case study 

building in this chapter. As noted in Appendix A, this under-estimation is attributed to the 

fact that the building is still responding within the linear range under many of the selected 

ground motions. NL-RHA results show that PFA for buildings responding in the linear range 

may become over three times the PGA.   

Step 11: At this stage, generic graphs and/or functions are required to relate 

engineering demand parameters to loss. Such functions are still under development and/or 

improvements in the literature. For instance, Ramirez and Miranda (2009) have proposed the 

use of loss given EDP functions that depend on the building category, storey level and the 

structural system. The loss-EDP functions provided in this work only depict the median 

values without providing variations on the estimation of the loss. More recently, Dhakal and 

Saha (2017) have proposed generic floor level loss functions for drift and acceleration 

sensitive components in buildings, which are shown in Figure 3.17. Using these graphs, the 

median loss for building components at a given EDP for a given floor level in terms of the 

percentage of total building cost can be estimated. These graphs are utilised for assessment 

of the case study building at this section. 
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Figure 3.17: Generic normalized floor level loss functions from Dhakal and Saha (2017) 

 

Using Equation 3.26 and 3.27, combined with the application of generic loss functions 

(i.e. Figure 3.17), the median loss given MCE is computed for each floor level and shown in 

Table 3.3. Losses in the table are provided for all drift and acceleration sensitive components 

at each floor level, which are calculated based on the loss functions provided by Dhakal and 

Saha (2017), rather than using Equation 3.28 to combine losses for various components. 

Moreover, financial losses in the table are shown for cases that are including and excluding 

the collapse probability. It is assumed that the building failure point on the building pushover 

curve represents the building state where 100% financial loss is incurred. With this 

assumption, median loss in the table for collapse and no collapse cases has been estimated 

using Equation 3.29. As can be seen in the table, the maximum loss occurs at the third and 

the fourth levels which stems from maximum predicted inter-storey drifts at these floors.  
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Table 3.3: Seismic loss assessment results via the second level of computational rigor 

at LOSD using Dhakal and Saha (2017) floor loss functions 

Floor 

Level 

Drift Sensitive 

Components 

Acceleration Sensitive 

Components 

Total Loss 

L|IM, NC L|IM, NC L|IM, NC L|IM 

1 9% 5% 13% 22% 

2 13% 5% 17% 25% 

3 14% 5% 18% 27% 

4 15% 5% 19% 27% 

5 13% 5% 17% 26% 

6 11% 5% 15% 23% 

7 9% 5% 13% 22% 

8 7% 5% 11% 21% 

9 6% 5% 10% 19% 

10 4% 5% 8% 17% 

 

Results in Table 3.3 show the predicted median of the financial loss at each storey 

level as a percentage of the total cost of the storey. For example, since the total cost of the 

10-storey building was reported NZ$14 M (Bradley 2009a), the cost of each floor level can 

be assumed to be $1.4 M. Therefore, the total expected loss of the 2nd floor level including 

probability of building collapse from the table becomes $0.35 M. By summing up the loss 

of various levels, the total expected loss from all floor levels at this intensity level becomes 

$3.07 M which is equivalent to 22% of the total building cost. This value compares to 28% 
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of the total building cost which was calculated in the previous section. The estimated seismic 

loss using the pushover analysis (the second level of computational rigor) is lower in 

comparison with the rigorous analysis. 

It is noted that the objective of this study is to illustrate the methodology through a 

number of easy-to-follow steps. Several crude assumptions have been made within the 

procedure which require further research to improve accuracy of results. For instance, the 

generic loss functions need to be further calibrated for additional building components. 

Moreover, assuming a single value for PFA over the height of building has introduced 

additional approximation in the prediction of losses.  

3.7 Loss assessment via the third level of computational rigor 

(simplified LOSD) 

At this section, the procedure for predicting financial loss of the case study building as 

per steps in section 3.3.3 is presented. Calculations for the case study building here aims at 

elaborating the methodology while results may not be necessarily accurate due to crude 

assumptions made during the procedure. To improve accuracy of results, further research is 

required to develop simplified loss functions and methods for simplified prediction of 

seismic demands. 

The first step of the loss assessment at the third level of computational rigor, i.e. 

selection of a hazard intensity level and performance objectives is similar to the second level. 

The building is assessed for the MCE hazard level which, for this example, has been defined 
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as the hazard level that is 1.8 times greater than the DBE hazard level. 

Step 2: A linear seismic analysis of the case study building should be undertaken at 

this step.  Subsequently, a preliminary design of structural components shall be conducted. 

Results of such analysis and design are reported in Bull and Brundson (1998) which are used 

herein for illustration of the procedure. A linear response spectrum analysis as per 

NZS1170.5 (2004) has been undertaken in this work for design of structural components.  

Step 3: At this stage, seismic collapse probability of the building at MCE should be 

determined. A simplified procedure is required at this stage to predict collapse probability 

of the building at MCE. One of the main objectives of this thesis is to develop a tool for this 

stage of the LOSD procedure which is achieved in Chapter 6. In this chapter, for seismic 

collapse probability prediction of RC moment resisting frame buildings, the following 

equation has been proposed: 

P(C|MCE|Lsr = 5.0) = 0.034[e(125×θP)-1] + 0.08 × (𝐿𝑠𝑟 − 5) (3.30) 

where, P(C|MCE) is the probability of collapse at MCE (defined as 1.8×DBE), θP is 

an estimate of the maximum plastic hinge rotation of structural components, and 𝐿𝑠𝑟 is the 

ratio of the maximum buckling length to diameter of longitudinal bars at the plastic hinge 

zones of structural components. θP in this equation is estimated from a linear analysis, 

whereas 𝐿𝑠𝑟 is a parameter that depends on the detailing of the potential plastic hinge zones 

of structural components. To estimate the buckling length of longitudinal bars, and 

consequently 𝐿𝑠𝑟 , a procedure based on the works of Dhakal and Maekawa (2002a, 2002b) 

is recommended in Chapter 6. Moreover, details of the procedure to predict collapse 

probability of buildings using this equation are also presented in Chapter 6. 
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To estimate the probability of building collapse for the case study building at this step, 

design displacements and inter-storey drifts of the building at DBE resulting from a linear 

analysis are shown in Table 3.4 (Bull and Brundsdon 1988). As can be seen in the table, 

maximum inter-storey deflection of the building (excluding 𝑃 − ∆) from a linear analysis 

multiplied by the ductility factor amounts to 21.2mm, which is happening between levels 2 

and 3. Thus, the maximum elastic inter-storey drift determined at DBE from a linear analysis 

(to use in Equation 3.30) amounts to 𝜃𝑒 = [
57.2−36

4
]/3600 = 0.0015 𝑟𝑎𝑑𝑖𝑎𝑛𝑠. Hence, the 

maximum plastic rotation (𝜃𝑝) can be estimated as; 𝜃𝑝 = 𝜃𝑒(𝜇 × 𝑘𝑑𝑚 − 1) = 0.0015 ×

(4 × 1.5 − 1) = 0.0075 𝑟𝑎𝑑𝑖𝑎𝑛𝑠, where, 𝑘𝑑𝑚 is the drift amplification factor to account for 

the building height in prediction of inter-storey drifts which is calculated from NZS1170.5 

(2004).  

Another parameter required to predict the collapse probability is 𝐿𝑠𝑟. For the case study 

example building here, 𝐿𝑠𝑟 is simply assumed to be 6.0, which is the maximum ratio of the 

stirrup spacing to diameter of longitudinal bars for structural components as per Bull and 

Brundson (1988) structural drawings for the building. As noted, a more rational procedure 

for calculating the 𝐿𝑠𝑟 is provided in Chapter 6. Knowing the maximum plastic hinge 

deflection from a linear analysis, collapse probability of the building is estimated as follows: 

P(C|MCE|Lsr = 5.0) = 0.034[e(125×θP)-1] + 0.08 × (𝐿𝑠𝑟 − 5) = 13%.  

This value compares with 11% and 9% probability of collapse from NL-RHA and 

pushover analysis procedures, respectively, which was calculated in previous sections. 
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Table 3.4: Inter-storey deflection at DBE for Red Book Building (Bull and Brunsdon 

1988)  

 

 

Step 4: At this step inter-storey drifts for various floor levels should be determined. 

For the case study building example here, results of the response spectrum analysis 

illustrated in  Table 3.4 following the NZS1170.5 stipulations for prediction of inter-storey 

drifts are used for loss assessment. In Appendix A height-wise variation of inter-storey drifts 

for an extensive range of case study moment resisting frame buildings is presented. Based 

on the results of case study buildings, it is demonstrated that, when results for collapsed 

ground motions are removed from inter-storey drifts, predictions of inter-storey drift demand 

from a linear analysis offer conservative estimations. The main reason behind conservative 
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predictions of a linear analysis is that ground motions that show large inter-storey drifts may 

have already caused structural collapse, which is not captured in a linear analysis. In other 

words, large quantities of demands contribute in increasing the median estimation of inter-

storey drifts in a linear analysis while, in fact, these values may have come from ground 

motions that have caused structural collapse.  

Step 5: At this step peak floor accelerations at each floor level should be determined. 

Similar to the second level of computational rigor, based on the findings of the thesis in 

Appendix A, median peak floor accelerations are assumed to be constantly equal to the peak 

ground acceleration for the case study building here.  

Step 6: At this step mean value of the loss at each floor level for the seismic demands 

predicted in previous steps should be calculated. Similar to the second level of computational 

rigor, the simplified loss functions proposed by Dhakal and Saha (2017) are utilised to 

predict the building loss at each storey level. Using the pre-defined loss functions, predicted 

losses at each storey level using the third level of computational rigor is illustrated in Table 

3.5. The total building loss using simplified loss assessment methodology amounts to $2.52 

M and 4.03 M by excluding and including the probability of collapse, respectively. These 

values are 18% and 29% of the total building cost. In comparison to the rigorous method of 

loss estimation, the total building loss estimations are in a very close agreement, while the 

loss estimation in the third level has been undertaken using a simple linear structural analysis 

and has not required extensive fragility functions for various of building components.  
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Table 3.5: Seismic loss assessment results via the first level of computational rigor at 

LOSD using Dhakal and Saha (2017) floor loss functions 

Floor 

Level 

Drift Sensitive 

Components 

Acceleration Sensitive 

Components 

Total Loss 

L|IM, NC L|IM, NC L|IM, NC L|IM 

1 13% 5% 18% 29% 

2 18% 5% 23% 33% 

3 19% 5% 24% 34% 

4 17% 5% 22% 33% 

5 16% 5% 21% 31% 

6 14% 5% 19% 30% 

7 12% 5% 17% 28% 

8 9% 5% 14% 26% 

9 7% 5% 12% 23% 

10 4% 5% 9% 21% 

3.8 Summary and conclusions 

Loss optimization seismic design (LOSD) aims to provide a complete, comprehensive, 

and reliable probabilistic seismic design methodology for the next generation of seismic 

design codes. A preliminary framework for LOSD has been previously developed by Dhakal 

(2010). To fulfil the completeness and comprehensiveness purposes of the procedure, the 

preliminary framework of the method was extended in this chapter by proposing three levels 
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of computational rigor, to serve the methodology for design of daily engineering projects 

with various degree of complexity, importance, design budget and timeframe. The first level 

of computational rigor requires complete inventory of building components and numerous 

numbers of nonlinear response history structural analysis. The second and third levels of 

rigor simplify the procedure by providing pre-defined loss functions to bridge between 

structural demands and losses for various category of buildings. The first and second levels 

of rigor vary in the way that the latter is based on conducting a nonlinear static analysis while 

the first level of rigor is on the basis of a linear static procedure for structural analysis. 

A step-by-step procedure to predict financial losses of buildings for each level of 

computational rigor using the current research approaches was proposed. Nevertheless, 

several stages of the procedure at each level of rigor still requires further development and 

improvements to achieve a comprehensive, reliable methodology. The seismic loss 

assessment of a case study ten-storey RC building was then undertaken with three levels of 

computational rigor. It was demonstrated than that the simplified approaches were able to 

predict seismic losses with a close agreement to the rigorous procedure which demands 

several cumbersome computations. 
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Chapter 4 

 

4. Analytical simulation of seismic collapse fragility 

of RC frame buildings 

A summary version of this chapter has been published as the following journal paper: 

Koopaee, M. E., Dhakal, R. P., & MacRae, G. (2015). Analytical simulation of seismic collapse of RC frame 

buildings. Bulletin of the New Zealand Society for Earthquake Engineering, 48(3), 157-169. 

Summary 

Application of a fiber-element nonlinear modelling technique for seismic collapse capacity 

assessment of RC frame buildings in comparison with conventional lumped plasticity models is 

investigated in this paper. Constitutive material models of concrete and steel for fiber elements are 

adopted to enable simulation of the loss in vertical load carrying capacity of structural columns. 

Inclusion of the nonlinear second order 𝑃 − ∆ effects accelerated by degrading behaviour of steel 

and concrete materials in the fiber model allows prediction of the sidesway mode of collapse. The 

model is compared with nonlinear lumped plasticity models in which stiffness and strength 

degradation is replicated through degrading parameters in structural components. Static cyclic 
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analyses of an example cantilever column and a portal frame indicate that the variation of axial 

loads in columns may result in accelerated degradation and failure of structural components which 

is not taken into account by lumped plasticity models. Moreover, incremental dynamic analysis of 

a ten-storey RC frame shows that the lumped plasticity model may overestimate building collapse 

capacity when vertical failure of structural components occurs prior to sidesway instability. 

4.1 Introduction 

As collapse of buildings is the primary source of casualties in earthquakes, protection against 

collapse has been explicitly stated as an important objective of seismic design codes for many 

years. Nevertheless, except for some recent guidelines, such as (FEMA 2012), the majority of 

building codes and guidelines have been silent on methods to quantify collapse probability of 

structural systems. The lack of explicit, reliable methods to quantify collapse creates a burden to 

the application of probabilistic performance-based seismic design methods, to understand the 

necessity and significance of modern code requirements, as well as to development and adoption 

of contemporary seismic systems and components. In response to the need for methods to quantify 

collapse potential of buildings, several studies in the last decade and beyond have been devoted to 

collapse potential prediction of buildings (Ibarra and Krawinkler 2005, Krawinkler et al. 2006, 

Zareian and Krawinkler 2007, Eads et al. 2012, Lingos and Krawinkler 2012, Burton and Deierlein 

2013). These studies have generally been focused on three aspects of collapse assessment: (i) 

structural modelling (ii) selection of ground motions for collapse assessment, and (iii) uncertainty 

estimations. While the significance of each aspect of the collapse assessment is acknowledged, 
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this chapter concentrates on the improvement of the structural modelling for prediction of the 

collapse probability of buildings. 

Collapse of a building during and shortly after an earthquake is the consequence of loss of 

the building’s structural system integrity due to excessive deformation or force demand initiated 

in one, or several, component(s) of the building’s structural system. Excessive seismic demand 

triggers strength and stiffness deterioration in structural components and may lead to partial or 

complete collapse of buildings. Observations of collapsed buildings in past earthquakes have 

shown that collapse of buildings is generally due to two modes of structural failure; (i) sidesway 

collapse, and (ii) vertical collapse (Zareian et al. 2010). Sidesway collapse is the consequence of 

successive reduction of load-carrying capacity of structural components that are part of the 

building’s lateral load-resisting system, to the extent that second-order (𝑃 − ∆) effects accelerated 

by component deterioration overcome gravity load resistance. In contrast, vertical collapse is the 

result of direct loss of gravity load-carrying capacity in one or several structural components. Both 

modes of collapse especially in modern buildings occur when the structure is responding in a 

highly nonlinear range. Application of capacity design codes and requirements have generally been 

able to avoid or delay vertical modes of structural collapse. Examples of the vertical and sidesway 

modes of collapse in real buildings are shown in Chapter 2. Further examples of the vertical failure 

of structural systems are shown in Figure 4.1. In this figure, collapse of some older buildings as 

well as the collapse of more modern buildings due to recent earthquakes are shown. Failure of 

buildings in these examples have occurred due to several reasons including lack of the confinement 

of structural columns, soft storey failure and excessive elongation of beams due to formation of 

plastic hinges. As shown in Figure 4.1, at the BNZ building in Wellington New Zealand the vertical 
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mode of collapse has happened in a ductile building detailed to modern seismic standards. This 

building was designed and constructed circa 2010 following the stringent capacity design 

requirements of New Zealand standards but still partially collapsed due to excessive elongation of 

beams which led to the loss of support for precast floors. 
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BNZ Building, Wellington, New Zealand- partial collapse following 2016 Kaikura Earthquake 

Failure due to the loss of precast floor seatings because of excessive elongation of structural beams 

 
Yilmaz Erbek Apartments building in Izmir, Turkey which collapsed during the October 30, 2020 Aegean Sea 

earthquake. 

Figure 4.1: Examples of vertical mode of collapse in real buildings 

Most of the studies on the development of structural models for simulation of collapse 

consider the modelling of sidesway collapse which is characterised by deterioration of lateral 

stiffness and strength at large drifts. Experimental studies have shown that hysteretic behaviour of 

structural components depends upon numerous structural parameters that affect the deformation 
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and energy dissipation characteristics which are challenging to model objectively. Research on the 

development of reliable structural models, by introduction of improved hysteretic models and 

tools, dates back to many years ago. A summary of the advancements in the collapse simulation 

of structural systems and tools is presented in (Zareian et al. 2010). Moreover, a summary of 

various hysteresis models and their pros and cons can be found in (Lignos and Krawinkler 2007, 

2010, 2012a, 2012b). 

A major milestone in the development of hysteretic models for RC structures that can capture 

stiffness and strength degradation properties of structural components, and hence, sidesway mode 

of collapse, was the introduction of Ibarra-Medina-Krawinkler (IMK) model (Ibarra et al. 2002, 

Ibarra and Krawinkler 2005, Ibarra et al. 2005). Since the introduction of this model several 

improvements and modifications of the model have been proposed to bring the model predictions 

in line with a large number of experimental data (Zareian and Krawinkler 2006, Lignos and 

Krawinkler 2010, 2012a, 2012b). In addition to the improvements to hysteretic models, several 

studies have been conducted to facilitate the use of these models in practice by providing generic 

expressions and/or graphs for estimating parameters of the models. For this purpose, specific 

experimental databases are available at PEER online database library 

(http://nisee.berkeley.edu/spd) for RC components (Berry et al. 2004), and in part for steel 

structures at SAC database. FEMA-356 (FEMA-356 2000) provides the related information for 

both RC and steel components which can be used to generate envelope curves of the hysteretic 

models. Nevertheless, these documents do not account for hysteretic deterioration parameters 

which are important for collapse assessments. Haselton et al. (2008) and Lignos and Krawinkler ( 

2007, 2010, 2012a, 2012b) have presented a database of model parameters based on a wide range 
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of experimental tests to estimate the median and the dispersion of IMK parameters which includes 

the deterioration parameters. 

Although these advancements on characterization and quantification of lumped plasticity 

modelling parameters have resulted in a smooth method to model frame structures (by lumping 

the inelastic deformation solely at rotational springs at the ends of members) to predict nonlinear 

response of structures during earthquakes, they suffer from some nontrivial limitations. One of 

these limitations is the requirement for the model parameters to be calibrated for each individual 

component based on experimental data or generic expressions proposed in the literature. Another 

limitation, which interrogates the merit of these models for collapse assessment, is that they can 

only capture the sidesway mode of collapse and other modes of collapse are generally ignored.  

To overcome these limitations, attempts have been made to approximately incorporate other 

modes of structural failure into these models (Bao et al. 2008, Khandelwal et al. 2008, Tsai 2012, 

Masoero et al. 2013). Most of these studies propose adding other elements (e.g. springs) in addition 

to the lumped plastic hinges in order to take the shear and axial load induced failure modes into 

account. For instance, Elwood and Moehle (2008) used a fiber-element model to capture the axial 

load in the middle of a component and connected it to shear elements and lumped plasticity hinges 

at the ends to capture the moment and shear failures, respectively. Furthermore, in order to estimate 

seismic collapse of non-ductile RC buildings, Baradaran Shoraka et al. (2013) recently proposed 

the use of a Limit State material model, initially proposed by Elwood (2004), which uses 

predefined empirical equations to estimate the points of shear and axial failure based on the drift 

demand on the columns. Although these models suggest improvements over the sole use of lumped 
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plastic hinges at the ends of structural components, similar to the original lumped plasticity 

models, they require precise calibration of the modelling parameters. 

In this chapter, application of an enhance fiber element nonlinear model is proposed for 

simulation of structural collapse of RC frame buildings. The model incorporates variation of axial 

loads throughout the analysis while the shear failure of elements is not explicitly accounted. The 

efficiency of the proposed approach is investigated by comparison of the cyclic hysteretic response 

of a single-degree-of-freedom (SDOF) system, a typical portal frame and a nine-storey case study 

building with the corresponding predictions obtained by the conventional lumped plasticity 

models. 

4.2 Fiber-element modelling for collapse assessment 

4.2.1  Nonlinear Fiber-element modelling technique 

Implementation of a nonlinear fiber modelling technique is schematically illustrated in 

Figure 4.2. In this method, each element is represented using a single line (Figure 4.2a). The 

member cross section is divided into many cells (Figure 4.2b), and the strain of each cell is 

calculated based on the Euler-Kirchoff’s hypothesis, i.e., plane section remains plane after 

bending. For each fiber/cell along the axis of the element, response is calculated using the material 

constitutive models representing the local behaviour (Figure 4.2c).  

The reliability of a fiber-based analytical prediction of structural response is almost entirely 
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dependent on the accuracy of the material constitutive models. Therefore, rather than calibration 

of constitutive models at a section or member level as in lumped plasticity models, the focus in 

fiber-based analysis is to choose stress-strain relationships of materials which are representative 

of true response of materials in any section. While choosing the material models care should be 

taken to ensure that important material response phases (such as cracking, spalling and crushing 

of concrete and yielding, hardening, buckling and breaking of reinforcement) are accounted for to 

capture the gradual deterioration of member response. 

 

Figure 4.2: Schematic illustration of fiber-element modelling of RC elements 

4.2.2 Collapse mechanism due to loss of vertical load carrying capacity 

Collapse of a building occurs due to instability caused by local and/or global failure of 
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structural components. At the component/element level, failure occurs due to failure of a critical 

section, which is in turn the result of material strain failure.  

In an RC element subjected to monotonically increasing flexural action, cover concrete first 

loses its stress carrying capacity in the critical section once strain in the unconfined cover concrete 

equals spalling strain (0.003-0.004). Following the spalling of cover concrete, the section 

resistance will rely increasingly on the confined core concrete in addition to the longitudinal 

reinforcing bars. If the compression bars are not well restrained against buckling, or if adequate 

transverse reinforcement is not provided, the critical section may fail in shear, or buckling of 

longitudinal bars may occur before the core concrete reaches its crushing strain. In contrast, in a 

well confined section, confinement of core concrete allows longitudinal tension bars to enter the 

strain hardening region. In such sections, failure of the section eventually occurs due to failure of 

the core concrete. If the section is over reinforced, this failure occurs before yielding of 

longitudinal bars, whereas in under-reinforced sections, yielding of longitudinal bars takes place 

before crushing of the core concrete.  

During cyclic loading of a well confined section, in addition to the failure modes induced by 

monotonic loading, failure may also occur due to strength deterioration of the cracked concrete 

and longitudinal bars which can be caused by buckling of compression bars as well as fatigue of 

steel bars before the core concrete reaches its ultimate strength.  

This study aims to provide a structural model that enables simulation of collapse mechanism 

more realistically (i.e., consistent with the deterioration of materials observed in experiments). In 

a fibre-based nonlinear structural model, collapse of a section occurs because of the failure of most 
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fibres in the section. Based on the discussion above, a proper fiber model for simulating collapse 

must contain material properties that can capture crushing of cover concrete and core concrete 

based on the confinement configuration, and strength degradation of reinforcing bars in cyclic 

loading caused by buckling and fatigue. In the following sections, constitutive material models to 

capture these characteristics will be discussed. The material models are then used to assess collapse 

potential of a case study RC moment frame building. 

4.2.3 Adopted fiber models of concrete and steel 

Confined and unconfined concrete 

In order to simulate collapse of RC buildings, PEER’s open source structural analysis and 

simulation tool OpenSees (2012) is utilized. In OpenSees, several material properties have been 

implemented which enable simulation of structural collapse. In this study, Popovic’s (Popovics 

1973) stress-strain envelope (shown in Figure 4.3a) is used for confined and unconfined concrete 

fibres. This model requires specification of seven parameters to control monotonic behaviour of 

the model for both confined and unconfined concrete: concrete compressive strength in 28 days 𝑓𝑐, 

concrete strain at maximum strength 𝜀𝑐, concrete strain at crushing strength 𝜀𝑐𝑢, initial stiffness 𝐸𝑐, 

maximum tensile strength of concrete 𝑓𝑐𝑡, ultimate tensile strain of concrete 𝜀𝑡, and an exponential 

curve parameter to define the residual stress β (optional). The hysteretic behaviour of the model 

used in the study is shown in Figure 4.3c. Parameters of the model can be obtained by a standard 

uniaxial concrete cylinder test. Alternatively, for practical purposes, compressive strength for 

unconfined concrete at 28 days can be obtained from the design documents of the structure. 
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Mander et al. (1988) have proposed a widely accepted theoretical stress-strain model for concrete, 

depending on the confinement configuration, which can be used to quantify the maximum stress 

and strain of confined concrete. Approximate equations have been suggested in building codes for 

the initial stiffness of concrete. If 𝐸𝑐 = 4734√𝑓𝑐 (in MPa) is used to estimate initial stiffness, then 

Popovic's envelope model will be identical to the model proposed by Mander et al. (Mander et al. 

1988). 

 
 

(a) (b) 

  

(c) (d) 

Figure 4.3: Adopted models for concrete and steel materials 
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As will be shown later in the chapter, collapse capacity is directly dependent on the strain at 

crushing value, which is controlled by the confinement configuration of critical sections. 

Theoretical values for strain at the crushing point have been proposed in the literature depending 

on the number, size, and distance of transverse bars in the section which can be used in the model 

(e.g. Karthick and Mander 2011). Based on the proposed values in the literature and experience of 

the authors, a strain value, 𝜀𝑐𝑢, of 0.03 is used for crushing of confined concrete detailed as per the 

New Zealand concrete standard (NZS3101 2006). 

Reinforcement steel model 

For steel fibers in RC sections, a generic phenomenological material model developed by 

Kunnath et al. (2009), capturing strength degradation due to fatigue in cyclic loading as well as 

buckling of reinforcing bars in compression, is utilized. Figure 4.3b illustrates a typical envelope 

curve of the reinforcing steel model. The envelope curve is based on the Chang and Mander (1994) 

uniaxial steel model. The force-based nonlinear elements with 5 integration points along the height 

of elements is used for beam and column elements. 

The degrading behaviour of a RC section is influenced by buckling of longitudinal steel bars 

in compression. Buckling of compression bars in the model is incorporated based on the model 

proposed by (Dhakal and Maekawa 2002a, 2002b, 200c). Figure 4.3d illustrates a typical hysteretic 

curve of the reinforcing steel model. Fatigue parameters are based on the Coffin-Manson equation 

for plastic strain amplitude. The softening region (strain beyond the ultimate stress point) shown 

in Figure 4.3b is a localization effect due to necking and is a function of the gauge length used 

during measurement. This geometric effect is ignored in this simulation; it is assumed that there is 
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no softening in the natural stress space. Because the simulation always converts back to the 

engineering stress space, some softening will still be observed in the tension response due to the 

reduction in cross- sectional area resulting from necking; however this will be much smaller than 

that shown in the original backbone curve proposed by Chang and Mander (1994). 

Due to the nature of the steel model used herein, steel reinforcement failure may occur due 

to buckling of compression bars or fatigue of longitudinal bars after several cycles of loading, but 

pure tensile fracture (i.e., 𝜀𝑠𝑢 ≅ 0.1-0.2) is not modelled because the steel strain is maintained 

beyond the peak strain. As will be shown this does not influence the collapse simulations in this 

study because concrete fibers crush, and reach zero stress, prior to the steel bars reaching their 

peak strain; thereby resulting in failure of the section. A peak strain of 𝜀𝑠𝑢 = 0.1  is used in this 

study as a conservative estimate based on the experience of the authors with the steel bars used in 

the New Zealand construction industry. 

4.3 Observation of collapse mechanism in the structural model 

The fiber element model described in the previous section is implemented in OpenSees to 

perform nonlinear response history analysis of a case study building. The case study building is 

the 10-storey New Zealand Red Book building (Bull and Brunsdon 1998), which acts as a design 

example of the New Zealand concrete code (NZS3101 2006). 
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Figure 4.4: Plan and elevation view of the case study building 

 

Figure 4.4 shows the plan and elevation views of the building layout. The primary lateral 

load carrying system consists of four one-way perimeter moment resisting frames which are three 

bays long. Vertical loads are transferred primarily through interior columns with gravity beams 

supporting one-way floor units. Further details of the structural properties and design details can 

be found in Bull and Brunsdon (1998). Conforming ductile design requirements of the case study 

building enables the structure to sustain large inter-storey drift demands before sidesway collapse 

of the structure. Nevertheless, local failure of structural components due to the loss in vertical load 

carrying capacity is may still occur in several parts of the structure. Failure of critical components 

may lead to global collapse of the structure.  

To illustrate this phenomenon, Figure 4.5 shows material hysteretic response of a critical 
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column, marked up as “A” in Figure 4.4, subjected to an example ground motion (GM) which 

causes structural collapse. The selected ground motion is the Loma Prieta 1989 earthquake and is 

scaled to 𝑆𝑎(𝑇1) = 1.3𝑔 for which the structural collapse takes place. The example ground motion 

is chosen and scaled up intentionally to depict the vertical mode of structural failure. The full 

response of the structure for this ground motion scaled to smaller values will be shown later in the 

chapter. In this GM, initial cycles of loading are relatively small resulting in linear response of the 

structure. An abrupt increase in the magnitude of GM then leads to sudden increase of stress in the 

critical section and subsequent failure. Figure 4.5a shows the stress-strain history of the section for 

a fiber on the left side of the cross section. Figure 4.5b and Figure 4.5c depicts the stress-strain 

history of steel fibers on the right and left side of the cross section, respectively.  

In order to explain the collapse mechanism, the last four response points before collapse 

have been labelled in the figure as 1 to 4. As can be seen, failure of the section commences when 

the strain in the concrete fiber exceeds the crushing strain, i.e. assumed 0.03 in this example. By 

failure of the concrete fiber in compression, the section starts losing capacity to carry compression 

loads (label 4). In order for the structure to continue sustaining the vertical loads, compression 

stress is transferred to inner concrete fibers and the steel bars. The column continues to carry 

vertical loads (labels 4 to 2) until majority of the concrete fibers lose their compression capacity 

(label 1) when all the vertical loads are transferred to the steel bars. Eventually, the section fails 

due to inability of the reinforcing bars to carry the compression loads. It can be seen that in the last 

couple of steps before collapse, steel fibers on the opposite sides of the cross section are subjected 

to compressive stress. 
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The failure mechanism observed in the structural model implies that collapse of the building 

occurred due to the loss in vertical load carrying capacity of the structure rather than lack of 

structural strength to resist destabilizing 𝑃 − ∆ effects which is the only collapse mode considered 

by conventional lumped plasticity models. The structural failure starts when the confined concrete 

  

 

Figure 4.5: Stress-strain response of a fiber in the critical section of the case study building 

subjected to an example earthquake a) Confined concrete fiber, b) Reinforcing steel fiber in 

tension, c) Reinforcing steel in compression 
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strain exceeds the crushing limit which is dependent on confinement configuration of the structural 

components. If very close confinement is provided in the structural components, particularly at the 

critical plastic hinge regions, the structure may be able to sustain large displacements and collapse 

may occur due to destabilizing 𝑃 − ∆ effects. However, loss of vertical load carrying capacity of 

critical members is a very likely source of structural collapse and cannot be ignored in modelling 

structures for analytical simulation of collapse. 

4.4 Comparison of fiber and lumped plasticity modelling for collapse 

simulation 

Previous sections of the paper were mainly concentrated on the prediction of the vertical 

collapse mode of buildings and capability of the fiber model to capture loss in vertical load carrying 

capacity of structural components. This section deals with the investigation of the structural model 

in predicting sidesway mode of collapse. As noted earlier, sidesway collapse is the only mode of 

structural failure which can be explicitly estimated by lumped plasticity models. To evaluate the 

efficiency of the proposed fiber model, a comparison of cyclic structural response between the 

fiber element model and lumped plasticity models is conducted in this section. It is noted that the 

purpose here is not to scrutinise the plastic hinge models proposed in the literature and examine 

the accuracy of such models, since the accuracy of the models depends heavily on the definition 

of structural model parameters. Rather, the aim at this section is to illustrate the modes of failure 

that can be captured by the fiber model used in this study. Response comparisons are started with 

the estimation of cyclic hysteretic response of a single-degree-of-freedom (SDOF) system 
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followed by a one-storey portal frame where axial load varies in two different columns of the 

structure. Finally, the collapse capacity of the ten-storey case study building, in terms of spectral 

acceleration at the fundamental period, is compared with the two structural models. 

4.4.1 Single degree of freedom cantilever column 

In order to scrutinise the structural response prediction of the proposed structural model, 

hysteretic response of a 4m high RC column subjected to static cyclic loading is investigated in 

this section. An increasing lateral load is applied at the top of the column until the column top drift 

reaches to 1% of its height. The load is then reversed and increased until the same level of drift is 

reached in the opposite direction. This fully reversed cyclic loading protocol is repeated by 

increasing the peak drift by 1% increments in successive cycles until the column collapses. The 

cross section and reinforcement configuration of the column is the same as the columns of the case 

study building described in Section 3 (i.e., 460×900mm with 1% longitudinal reinforcement).  

Nonlinear behaviour of the column is modelled with two different approaches. In the first 

model, nonlinearity occurs at concentrated lumped plastic hinges at the bottom of the column. 

Alternatively, distributed plasticity is modelled along the height of the column using the fiber 

element model with four integration points. Material parameters of the fiber model are defined in 

Section 4.2.3. For the lumped plastic hinge element the modified Ibarra-Medina Krawinkler 

hysteretic model (Lignos and Krawinkler 2012a) is utilized to account for hysteretic stiffness and 

strength degradation of structural components. To make a consistent comparison between the two 

structural models, yield strength and initial un-cracked elastic stiffness of the column section is 
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computed by the fiber model and is used for the hinge element. 

Other parameters of the hinge model can be obtained by the generic equations proposed in 

literature based on experimental test results. Different values for the parameters of the IMK model 

have been proposed in the literature. The difference between the proposed values of parameters 

stems from differences in test setup, varying dimensions and detailing of test specimens, varying 

loading protocols, as well as a statistical approach to fit the data to a distribution. It is however 

noted that a small change in the structural parameters may vary the estimated collapse risk of 

buildings to a considerable extent as elaborated in (Kampenhuber and Adam 2013, Tsantaki et al. 

2013) . For instance, the distribution of plastic hinge deformation for RC beams based on the test 

results conducted by Lingos and Krawinkler (2012) suggests that the median plastic hinge 

deformation, θp, amounts to 0.05 with a standard deviation of β = 0.42 for RC beams. In contrast, 

the information based on the database provided by Haselton et al. (2008) suggests θp = 0.066 and 

a standard deviation of 0.54 for similar RC beams. For the case study herein column parameters 

of the lumped plasticity model are computed based on the generic equations in Haselton et al. 

(2008). 

Figure 4.6a illustrates the nonlinear cyclic response of the column using the lumped plasticity 

model. The analysis in this figure is continued up to 10% drift following collapse mechanism of 

the column predicted by the model. As can be seen in the figure, collapse of the structure indicated 

by sustained degradation of the strength occurs at large displacements. Degrading post-peak 

response of the structure eventually leads to zero strength of the component resulting in collapse. 

The column is well-confined resulting in a high plastic rotation capacity, 𝜃𝑃, of 0.06. The strength 
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degradation in this case is not too severe and the degradation phase starts at a large drift; but 

moderately confined members can collapse due to limited plastic deformation capacity and rapid 

reduction of strength. 

  

(a) (b) 

Figure 4.6: Hysteretic cyclic response of the single degree of freedom column. a) Hysteretic 

response of the column using lumped plasticity model up to 10% drift b) Comparison of fiber 

and lumped plasticity modelling up to 2.5% drift 

 

Figure 4.6b shows a comparison of cyclic structural response of the column estimated by the 

two different nonlinear modelling techniques. The comparison is shown up to 2.5% drift where 

the fiber element model indicates termination of the analysis. Comparison of the response obtained 

by the two structural models up to 2% drift shows a relatively good agreement of the two 

envelopes. The main difference between the two responses lies on the cyclic loops, which is due  

to the constant stiffness used throughout the analysis in the hinge model. Beyond 2% drift, the 

difference between the structural models becomes more apparent as the strength degradation of 

the column commences in the fiber model, whereas the hinge model continues to predict mildly 
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increasing strength. 

In order to scrutinise the failure mechanism in the model, the stress-strain hysteretic response 

of various fibers in the column section are shown in Figure 4.7. The stress-strain history of bars in 

opposite sides of the section, i.e. right and left sides, are depicted in Figure 4.7a and Figure 4.7b, 

respectively. Figure 4.7c and Figure 4.7d illustrate the stress-strain history of the two confined 

concrete fibers on the right and left side of the section respectively. It is shown that at the early 

stages of the analysis, concrete fibers sustain compression along with steel bars. However, despite 

the observations in Figure 4.5, where the same section was under the axial load of a ten-storey 

building, the concrete fibers do not reach their compression strain capacity but rather fail in 

tension. The axial force on the column is caused by the movement of the column leading to the 

same strain in compression and tension in concrete and steel fibers. Since the compression strain 

capacity of concrete fibres is small, they start failing in small ranges of drifts. As the load reverses, 

failure of concrete in tension in both sides of the section takes place. Following the commencement 

of failure of the concrete fibers in tension, steel bars sustain the total loads applied on the structure.  

It is evident from Figure 4.7c and Figure 4.7d that the high levels of tensile strain in concrete 

results in circumstances where concrete fibers do not contribute in resisting the lateral load of the 

structure. The structure maintains the lateral loads by steel bars until the failure in compression or 

tension. These failures could be as a result of buckling from large compressive strain or fatigue 

due to several cycles of loading. Figure 4.7b indicates that, in this example, failure of the structure 

is due to the fatigue failure of the bars on the right side of the section. This implies that confinement 

of the concrete is not contributing to the lateral resistance of the structure. Nevertheless, 
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confinement of the concrete has resulted in the selection of large values for plastic rotation capacity 

for the use in definition of lumped plasticity model which leads to prediction of the collapse in 

large drifts by the lumped plasticity model. 

It is noted that the 2.5% drift capacity of the column in this example predicted by the fiber 

model, is governed by the buckling length of longitudinal bars which is a principal input in the 

definition of the reinforcing bar material for the cross section OpenSees. Improved anti-buckling 

detailing of the column could enhance the drift capacity of the column. Effects of the anti-buckling 

detailing of structural components on the collapse capacity of structural systems is further 

securitised in Chapter 6. As shown in this chapter, the buckling length of longitudinal bars is not 

necessarily equal to the spacing between lateral ties, rather is also dependent on the stiffness ratio 

between lateral ties and longitudinal bars. Therefore, close spacing of lateral ties that can satisfy 

the requirements of concrete confinement in the current codes (resulting in the adoption of large 

plastic hinge rotation capacity in the lumped plasticity model) may not necessarily provide the 

smallest buckling length of longitudinal bars to delay structural failure. 
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(c) (d) 

Figure 4.7: Stress-Strain diagrams of RC column at 2.5% drift a) Steel, left side b) 

Steel, right side c) Concrete left side d) Concrete right side 

4.4.2 Portal frame 

One of the major limitations of nonlinear analysis using a lumped plasticity approach is that, 

as constitutive models have to be calibrated in advance, the effect of axial load variation (which is 

inevitable when a frame sways laterally) to the plastic hinge hysteretic response cannot be 

captured. This section further investigates the influence of the variation of axial load in hysteretic 

response of RC columns by comparison of the hysteretic response of the portal frame, shown in 

Figure 4.8, with fiber and lumped plasticity nonlinear modelling. The portal frame consists of an 

elastic stiff beam and two nonlinear columns to be able to concentrate on the nonlinear behaviour 

of the columns with varying axial loads. The columns have a square section 400mm×400mm with 

2.3% reinforcement symmetrically distributed around the perimeter of the section. The section is 

assumed to be well confined with stirrups of size 10mm with maximum 100mm spacing along the 

height of the column.  
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Figure 4.8: Case study portal frame 

Similar to the cantilever column, initial stiffness and flexural yield of the columns are 

computed by the fiber model and are used in defining the plastic hinge element parameters for a 

consistent comparison. Other parameters of the plastic hinge model are computed based on the 

generic equations in Haselton et al. (2008).  

Previous studies on the collapse of buildings based on lumped plasticity models show that 

minor changes in estimation of the parameters of plastic hinges result in remarkable changes in 

collapse probability of buildings (Kampenhuber and Adam 2013, Tsantaki et al. 2013). One of the 

key parameters in the IMK model in prediction of seismic collapse is the cyclic deterioration 

parameter, Λ, which controls cyclic strength and stiffness degradation rate of structural 

components. Figure 4.9a illustrates cyclic hysteretic response of the columns obtained by a plastic 

hinge model using Λ = 3.25 calculated by the Haselton et al. (2008) equations. As it is evident in 

the figure, intense confinement of the column section provides a large median value of Λ which 

implies a small cyclic degradation in the model. However, Lingos and Krawinkler (2012) have 

suggested a median value of Λ = 1.0 with standard deviation of 0.77 for RC beams. In their work 
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no value is reported for cyclic deterioration of RC columns. Test results indicate that due to the 

presence of axial loads cyclic degradation of columns occurs faster than beams, and hence, smaller 

median value of Λ is expected for RC columns. Figure 4.9b shows the cyclic hysteretic response 

of the portal frame columns assuming Λ = 0.5. It is seen that in this case the column reaches zero 

strength at 7% drift, whereas in the previous case even at 10% drift the column had more than 50% 

residual strength. This comparison illustrates the telling effect of the cyclic deterioration parameter 

on the predicted collapse capacity of RC columns which is in line with the findings of previous 

studies. As the purpose of this paper is not to calibrate the lumped plasticity models, different 

values of cyclic deterioration are used to compare the results of lumped plasticity model with the 

fiber model. 

  

(a) (b) 

Figure 4.9: Cyclic hysteretic response of the portal frame using plastic hinge model; a) 

Lambda=3.25 based on the median values proposed by Haselton et al. (2008); b) 

Lambda=0.5, i.e. closer to values proposed by Lignos and Krawinkler (2012a) 

 

Figure 4.10 compares cyclic hysteretic response of the portal frame columns obtained by the 
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fiber model and the lumped plasticity model. In order to avoid biased comparison of structural 

response due to unrepresentative values of the deterioration parameter in the lumped plasticity 

model, two different values of the deterioration parameter, i.e. Λ = 3.25 and Λ = 0.5, are 

examined and shown in the figure. Because of the changes in axial load within loading reversals, 

the hysteretic response of the right and left columns varies in fiber model. Nevertheless, since the 

variation of axial loads is neglected in the plastic hinge model, the responses of the two columns 

predicted by lumped plasticity model are similar. As can be seen in the figure, responses of the 

two columns on the left and on the right predicted by the fiber model are similar up to 2% drift. 

Thereafter, the fiber model indicates abrupt strength degradation in the left column. 

Assuming 𝛬 = 0.5 for the plastic hinge model represents a closer agreement between the 

two structural models particularly for the right column. However, the abrupt strength degradation 

of the column on the left column which stems from increasing the compression load is not captured 

by the plastic hinge model. Comparison of Figure 4.9 and Figure 4.10 assuming 𝛬 = 0.5 indicates 

that collapse of the portal frame occurs at 7% drift in the plastic hinge model in comparison to 

3.5% drift in the fiber model. The difference arises from the sudden deterioration of strength due 

to the variation of axial loads in the fiber model which will be further scrutinised herein. 

The analysis results from the fiber model indicate that the frame continues to carry loads 

until reaching to -3.5% drift. In order to show the failure mechanism of the columns taken by the 

fiber model, the stress-strain hysteretic diagram of the steel bars for two columns of the frame, i.e. 

on the left and on the right, are shown in Figure 4.11. For each column, the stress-strain diagram 

at two locations of the critical section, i.e. left and right side of the section, are illustrated. In this 
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figure, the stress-strain diagrams of concrete fibers are not shown for brevity. However, similar to 

the observations of the previous section shown for the cantilever column, tensile failure of the 

concrete fibers takes place in both columns at low drifts, leading to inefficiency of the confinement 

to increase strain capacity of the concrete. 

  

(a) (b) 

  

(c) (d) 

Figure 4.10: Comparison of the hysteretic cyclic response of the portal frame column 

obtained by fiber and plastic hinge model; a) Left column Λ=3.25; b) Right column 

Λ=3.25; c) Left column Λ=0.5; d) Right column Λ=0.5 
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(a) (b) 

 
 

(c) (d) 

Figure 4.11: Stress-Strain diagrams of RC columns at 3.5% drift; a) Left column, left 

side b) Left column, right side; c) Right column, left side; d) Right column, right side 

 

 Response predictions of the frame depicted on Figure 4.10 and Figure 4.11b implies that 

when the structure attempts to reach 2.5% drift failure of reinforcing bars on the right side of the 

left column violates balance of the forces in the frame and results in varying hysteretic response 

between the two columns. The abrupt degradation of the strength in the left column is more 
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apparent in Figure 4.12a where the moment-curvature diagrams for the two columns of the frame 

are superimposed. Failure of the bars in one side of the left column and abrupt degradation in 

strength places the structure on the verge of collapse. However, unloading along with the capacity 

of the other bars in the section results in continuation of loading up to 3% drift. The flat line on 

Figure 4.11b shows the steps of the analysis following buckling of the bars on the right side of the 

left column section. The structure continues to undergo displacement on the right column up to -

3.5% drift. The analysis then terminates prior to reaching +3.5% drift due to instability of the left 

column. 

  

(a) (b) 

Figure 4.12: Un-balanced response of the left and right columns of the case study portal frame 

a) Moment curvature diagram b) variation of axial deflection in the analysis 

 

Since the hysteretic behaviour of all the fibers on the critical section cannot be tracked, it is 

difficult to verify the complete collapse of the structure at the point of termination of the analysis 

in the program. However, it can be seen from Figure 4.12 that the left column section has lost the 
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majority of its strength prior to termination of the analysis. This confirms that the structural model 

has been able to simulate the condition of the collapse with a reasonable degree of accuracy. Figure 

4.12b illustrates the variation of axial deflections at the top of the columns as the analysis proceeds 

It is shown in the figure that abrupt axial deflection of the left column coming from the failure of 

some of the bars in the section leads to the violation of symmetrical balance of the frame, and 

hence, a different response for the columns on each side of the frame.  

4.4.3 Ten-storey RC building 

Structural response of the case study RC building descried in section 4.24.3 is further 

scrutinised in this section by conducting pushover and response history analysis using the lumped 

and distributed plasticity approaches discussed in previous sections. Initial stiffness of nonlinear 

beams and columns for the lumped plasticity model are calculated using a fiber section analysis of 

structural components. Other parameters of the plastic hinge elements are computed by generic 

expressions proposed by Haselton et al. (2008). Since it was previously observed that cyclic 

deterioration parameters may be overestimated by using the median values suggested by Haselton 

et al. (2008), the median minus one standard deviation of deterioration parameter is used for beams 

and columns.  

A comparison between structural response of the 10-storey case study building using two 

different structural modelling techniques is illustrated in Figure 4.13. Figure 4.13a compares 

pushover curve of the building obtained by the two structural models. To conduct pushover 

analyses, a triangular load pattern in accordance with NZS 1170:2004 load distribution is used. As 
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can be seen in the figure, a substantial disagreement is observed between the pushover curves of 

two different structural models following the commencement of cracking in structural elements. 

This disagreement originates from the un-cracked definition of stiffness as well as the choice of 

plastic hinge parameters for the lumped plasticity model. Upon the commencement of cracking in 

structural elements, pushover curves from structural models start to vary. A descending branch in 

the pushover curve of the lumped plasticity model is seen after 360mm displacement at the top of 

the building. This descending branch in controlled by the definition of plastic hinge capacity at the 

lumped plasticity model. In Figure 4.13, the analysis is continued until structural collapse in the 

fiber model takes place, which is when the majority of fibers in the critical section fail to carry 

axial load as it was elaborated in section 3. Figure 4.13b depicts structural response (in terms of 

inter-storey drift) before the occurrence of structural collapse. As can be seen in the figure, both 

models agree closely in prediction of structural response in terms of inter-storey drift ratio. 

However, at the point of collapse in the fiber model, which is due to the loss in vertical load 

carrying capacity, loading can still be continued according to the plastic hinge model. It is noted 

that the maximum inter-storey drift at the structural collapse takes place at the bottom floor as 

hinging develops at the critical section. This phenomenon occurs when the building is responding 

in the large nonlinear range. 

Incremental dynamic analysis (IDA) (Vamvatsikos and Cornell 2002) of the case study 

building subjected to an example ground motion with increasing level of 𝑆𝑎(𝑇1) was also carried 

out and the IDA curve is depicted in Figure 4.14. This figure illustrates two different modes of 

structural collapse, i.e. vertical and sidesway modes, predicted by the two structural models 

investigated herein. 
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(a) (b) 

Figure 4.13: Pushover analysis comparison of the case study RC building with plastic hinge and 

fiber element models 

 

Using the fiber model, for this particular ground motion, collapse occurs at 𝑆𝑎(𝑇1) = 1.3𝑔 

when the stress-strain responses of concrete and reinforcing fibers in the critical section are in the 

condition shown in Figure 4.5 which implies occurrence of the vertical mode of collapse. 

Meanwhile, the sidesway mode of collapse is predicted to take place at 𝑆𝑎(𝑇1) = 1.7𝑔 by the 

plastic hinge model. Since the case study building is comprised of columns with the same section, 

redistribution of the loads does not occur to a large extent and loss of the strength in the critical 

element results in collapse of the building. The difference between the predicted values of collapse 

capacity implies that the lumped plasticity model leads to overestimation of collapse capacity of 

structural systems in which the loss in vertical load carrying capacity of columns occurs prior to 

the sidesway mode of structural collapse.  
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Figure 4.14: Incremental dynamic analysis of the case study building subjected to an 

example ground motion. a) Fiber model b) Plastic hinge model 

4.5 Definition of collapse using the proposed structural model 

The structural model developed in this chapter is used in other chapters of the thesis for 

seismic collapse probability assessment of numerous case study buildings. The aim here has been 

to adopt a structural model that is capable of capturing the various modes of collapse for ductile 

and non-ductile buildings. It is important to note that, using the proposed structural model in this 

chapter, building collapse is defined as the state at which one or several gravity load-carrying 

components indicate failure, to the extent that results in structural instability and the nonlinear 

response history analysis is terminated. As shown in previous sections, failure of structural 

components may take place due to; (i) complete crushing of confined concrete, which will 

eventually cause buckling of reinforcing steel bars; (ii) buckling of reinforcing bars due to 
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excessive compression during cyclic loading (i.e., cyclic strength and stiffness deterioration); (iii) 

failure of reinforcing steel bars due to low cycle cyclic fatigue. In addition to the failure of 

individual components, structural instability may take place if the second order P-Δ actions 

accelerated by components deterioration overcome gravity load resistance which prompts 

sidesway mode of collapse.  

Above definition of structural collapse does not necessarily represent complete building 

collapse. Rather, it is an indication of the structural failure to the extent that it is no longer 

repairable and safe to use following an earthquake event. This is the state which was seen in many 

buildings after the 2011 Christchurch earthquakes which resulted in demolition of these buildings 

(Kam et al. 2011). From a loss point of view, which is the objective of this thesis, these buildings 

will incur total loss. The collapse state of buildings in this thesis may happen ahead of sidesway 

mode of collapse which is typically used in the literature with lumped plasticity models. An 

example of such advanced failure is shown in Figure 4.14.  

Since seismic collapse in a numerical analysis is triggered by termination of the analysis, a 

rigorous algorithm has been developed in OpenSees to ensure that time history analyses are not 

aborted due to immature numerical instability. Once a numerical instability is recorded at a given 

time history step, all possible alternative numerical solvers available in OpeneSees are first 

examined. If the analysis shows failure at a given time step, despite trying various solvers, the 

algorithm does not yet allow termination of the analysis. Rather, results of the failed step are 

discarded, and the analysis continues to the next time step. The analysis is eventually terminated 

if several consecutive steps indicate structural failure. Results of cyclic response at controlling 



 

 

157 

 

fibres indicate that, using this algorithm, analyses are terminated where the case study buildings 

are in the state of structural collapse.  

4.6 Conclusions 

Application of a fiber element model to predict seismic collapse of RC frame buildings was 

proposed in this chapter. Through analysis a case study 10-storey RC frame building designed 

according to New Zealand standards, it was shown that the fiber element model enables simulation 

of structural failure due to the loss in vertical load carrying capacity of the columns. The model is 

also able to predict sidesway collapse by incorporating buckling and fatigue degradation of 

reinforcing bars. A comparison of the cyclic structural response obtained by the fiber model and 

conventional plastic hinge (i.e., lumped plasticity) model was carried out through a SDOF system, 

a single storey portal frame, and the case study 10-storey building. Findings of the research in this 

chapter can be summarized as follows:  

i) It was demonstrated that sidesway mode of collapse, as well as collapse due to failure 

in vertical load carrying capacity of buildings, can be simulated using nonlinear fiber 

element modelling techniques.  

ii) It was demonstrated that variation of axial loads throughout cyclic loading (i.e., 

flexural-axial interaction) may affects hysteretic response of RC frame buildings. 

Therefore, seismic collapse capacity may happen to be overestimated by using 

concentrated plastic hinge models, as the variation in axial forces in columns is 

typically neglected.  
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iii) It was shown that estimation of the seismic collapse capacity of structural systems 

using plastic hinge models depends entirely on the choice of structural parameters. 

The structural model parameters need to be defined at the component level and 

require precise calibration of structural elements. Confinement of concrete results in 

the selection of large values for plastic hinge rotation in generic imperial equations 

in the literature. However, it was illustrated that confinement of concrete may not 

necessarily increase collapse capacity of columns where subjected to tension. 

Therefore, this may lead to an overestimation of seismic collapse capacity when 

generic equations are used.  

It is believed that by using fiber-element models smaller dispersion in the structural 

modelling for estimation of the seismic collapse probability of structural systems can be used. 

However, this issue is the topic of future research in this field. It is, in general, expected that 

findings of this paper on the benefits of the application of fiber element models for collapse 

simulation of RC frame buildings yields to an improved prediction of seismic collapse capacity of 

structures. 
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CHAPTER 5 

 

5. Effect of ground motion selection on seismic 

collapse fragility of RC frame buildings 

Koopaee, M. E., Dhakal, R. P., & MacRae, G. (2017). Effect of ground motion selection 

methods on seismic collapse fragility of RC frame buildings. Earthquake Engineering & 

Structural Dynamics, 46(11), 1875-1892. 

Summary 

Variation in the seismic collapse fragility of reinforced concrete frame buildings predicted 

using different ground motion (GM) selection methods is investigated in this chapter. To simulate 

the structural collapse, a fiber element modelling approach with path-dependent cyclic nonlinear 

material models that account for concrete confinement and crushing, reinforcement buckling as 

well as low cycle fatigue is used. The adopted fiber analysis approach has been found to reliably 

predict the loss in vertical load carrying capacity of structural components in addition to the 

sidesway mode of collapse due to destabilising P-delta moments at large inelastic deflections. 

Multiple stripe analysis is performed by conducting response history analyses at various hazard 
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levels to generate the collapse fragility curves. To select GMs at various hazard levels, two 

alternatives of uniform hazard spectrum (UHS), conditional mean spectrum (CMS), and 

generalised conditional mean spectrum (GCIM) are used. Collapse analyses are repeated based on 

structural periods corresponding to initial un-cracked stiffness and cracked stiffness of the frame 

members. A return period-based intensity measure is then introduced and applied in estimating 

collapse fragility of frame buildings. In line with the results of previous research, it is shown that 

the choice of structural period significantly affects the collapse fragility predictions. Among the 

GM selection methods used in this study, GCIM and CMS methods predict similar collapse 

fragilities for the case study building investigated herein, and UHS provides the most conservative 

prediction of the collapse capacity; with approximately 40% smaller median collapse capacity 

compared to the CMS method. The results confirm that collapse probability prediction of buildings 

using UHS offers a higher level of conservatism in comparison to the other selection methods. 

5.1 Introduction 

As collapse of buildings in the past earthquakes was the primary source of casualties and 

injury, collapse prevention is used as a key performance criterion to decide the acceptability of 

buildings designed using code provisions worldwide. Capacity design provisions have been 

employed in modern seismic codes (e.g. NZS3101 2006, ACI-318 2014) which ensure undesirable 

brittle failure modes such as column shear failure, beam column joint failure, and soft-storey 

mechanisms are prevented or sufficiently delayed in reinforced concrete (RC) frame buildings. 

Although there is a general consensus that these changes to building code requirements are 
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appropriate, the collapse safety of buildings designed according to modern code requirements is 

not still completely clear. Better understanding of collapse probability associated with the modern 

design approach is necessary for standards writing/revising bodies to align the building design 

provisions with acceptable levels of life safety risks to people inside, outside and nearby buildings 

of different importance levels. 

Advancements in structural models and analysis have made it possible to simulate most of 

the collapse modes of buildings under earthquake ground motions (GMs). Major improvements in 

seismic collapse quantification of buildings have been made since the work of Ibarra and 

Krawinkler (Ibarra et al. 2002, Ibarra and Krawinkler 2005) who introduced a rational procedure 

to compute collapse fragility curve of buildings and combining it with the seismic hazard curve to 

compute mean annual frequency of structural collapse (λc). In this method, an enhanced hysteretic 

model was introduced which enables prediction of the sidesway mode of collapse, in which the 

lateral strength and stiffness become insufficient to resist destabilizing P-Δ effects leading to large 

inter-storey drifts. Since the introduction of this model, majority of research in structural modelling 

for collapse simulation (Haselton 2006, Haselton et al. 2010, Liel et al. 2010, Lignos and 

Krawinkler 2010, 2012a, 2012b, FEMA 2012a, FEMA 2012b, Zimmerman et al. 2015) have 

concentrated on the development and improvement of nonlinear lumped plasticity models, which 

capture sidesway collapse mode of buildings.  

The commonly used lumped plasticity-based nonlinear modelling inherently suffers from 

some drawbacks. Significant among them is that the loss of vertical load carrying capacity of one 

or more components in the structure, such as loss in axial capacity of columns, is not generally 
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modelled. During cyclic excitations, loss in the axial capacity of vertical elements can take place 

when the building may still be able to resist destabilizing P-Δ effects. Moreover, lumped plasticity 

models have to be calibrated for individual sections based on experimental results or 

predetermined generic quantities (e.g. Haselton et al. 2008) which may result in further errors 

within the assessment procedure. Another limitation of conventional lumped plasticity models is 

their inability to capture the variation of moment capacity of component cross sections due to the 

inevitable variation of axial force during lateral cyclic excitation. To overcome these limitations, 

adds-on lumped plasticity models (e.g. in Elwood and Moehle 2008, Baradaran Shoraka et al. 

2013, Masoero et al. 2013) or application of fiber element-based nonlinear modelling (Koopaee et 

al. 2015) have been used by some researchers for collapse analysis. The authors (Koopaee et al. 

2015) have shown that use of fiber elements equipped with path-dependent cyclic nonlinear 

material models that account for concrete confinement and crushing as well as reinforcement 

buckling and low cycle fatigue can reliably simulate the sidesway mode of collapse due to 

destabilising P-delta effects at large inelastic deflections plus the loss in vertical load carrying 

capacity of buildings due to inability of columns to carry axial compressive stresses due to 

permanently opened cracks.  

Incremental dynamic analysis (IDA) (Vamvatsikos and Cornell 2002) has been commonly 

used for probabilistic seismic collapse assessment of buildings using a suite of GMs which are 

scaled from elastic structural response to the structural collapse. GMs in this method are treated as 

dynamic loading protocols which may not realistically represent the hazard intensities at various 

levels. Recently a more convincing approach has been introduced which is sometimes referred to 



 

 

163 

 

as multiple stripe analysis (MSA) (Jalayer and Cornell 2009, NIST 2011, Baker 2013a, Bradley 

2013a). In this approach, different suites of GMs are used at different hazard intensity levels to 

make the analysis results more predictive of building behaviour at that site. It requires site-specific 

motions to be selected for each analysis case. Thus, the collapse assessment requires more 

information about the site and the analysis results are not only dependent on the structural 

properties but also on the site and hazard in the area. 

In particular, this study aims to investigate the influence of GM selection methods and the 

role of structural period on the collapse safety assessment of RC frame buildings. For this purpose, 

a case study RC frame building designed according to the New Zealand Concrete Standard 

(NZS3101 2006) is selected. Using GMs selected by different methods, MSA is performed (for 

each method) to generate the collapse fragility of the case study building. Collapse fragilities of 

the building obtained by different approaches are then compared to identify the confidence level 

suggested by various GM selection methods in the prediction of seismic collapse safety of RC 

frame buildings. The collapse safety assessment presented in this paper offers several 

improvements over the past research, including: (i) application of a fiber-element model to 

simulate structural collapse which enables modelling of loss in vertical load carrying capacity of 

structural components; (ii) using multiple stripe analysis, rather than IDA to obtain collapse 

fragility; (iii) comparison of different GM selection methods for collapse prediction at various 

hazard intensities; and (iv) assessment of the role of the choice of structural period on the predicted 

collapse fragility curve.  
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5.2 Description of the case study building 

The ten-storey New Zealand Red Book building (Bull and Brunsdon 1998), which acts as a 

design example of the New Zealand Concrete Standard (NZS3101 2006), has been adopted for 

this study. Figure 5.1 shows the plan and elevation views of the building. The primary lateral load 

carrying system of the building consists of four one-way perimeter moment resisting frames which 

are three bays long. Vertical loads are transferred primarily through interior columns with gravity 

beams supporting one-way precast flooring units. The building is assumed to be located in 

Christchurch, New Zealand (longitude 172.6, latitude -43.53) and has been designed for soil class 

C based on NZS1170.5 (NZS1170.5 2004) site classification. Further details of the structural 

properties and design calculations can be found in Bull and Brunsdon (Bull and Brunsdon 1998). 

5.3 Structural model 

A two-dimensional nonlinear frame model is created in OpenSees structural analysis 

platform  (OpenSees 2012). Modelling of the frame members consists of nonlinear fiber elements 

justified in chapter 5 for reliable building collapse analysis. As elaborated in chapter 5, the collapse 

predicted by this model is either the sidesway mode of collapse due to P-delta effects at large 

inelastic displacement or when one of the vertical load-carrying elements loses capacity due to 

crushing of the concrete in compression for the whole section or buckling of the bars due to 

excessive compression or low cycle fatigue. To mimic the behaviour of steel bars the generic 

model proposed by Kunnath and Heo (Kunnath et al. 2009) is utilized, which accounts for the 
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strength degradation due to fatigue in cyclic loading as well as buckling of reinforcing bars in 

compression. The degrading behaviour of RC sections is affected by buckling of longitudinal steel 

bars in compression, which is modelled based on (Dhakal and Maekawa 2002a, 200b, 200c). 

Further details of the structural model as well as verifications can be found in (Koopaee et al. 

2015).Apart from vertical load carrying capacity and sidesway modes of collapse, other modes of 

collapse such as shear failure of structural components and punching shear failure in slab-column 

joints were neglected. Contribution of the slab in structural component stiffness and strength, 3D 

torsional effects and effect of base flexibility (including soil structure interaction) are also 

neglected in the structural model. 

 

Figure 5.1: Plan and elevation view of the New Zealand Red Book building  
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Structural analysis is started using elastic gross stiffness of structural elements. The building 

fundamental period using un-cracked stiffness amounts to 𝑇1=1.02 sec. Collapse assessments are 

then followed by using cracked period of the building which is calculated using cracked stiffness 

of structural elements determined by a section analysis. The fundamental period of the structure in 

this case amounts to 𝑇1=1.5 sec. 

5.4 Ground motion selection at individual hazard levels 

5.4.1 Adopted ground motion selection methods 

Among several GM selection and scaling methods proposed in literature over the past 

decade, three methods are utilised in this study: uniform hazard spectrum (UHS), conditional mean 

spectrum (CMS) and generalised conditional intensity measure (GCIM).  

UHS is one of the many outputs of a probabilistic seismic hazard analysis (PSHA) which 

represents spectral accelerations at various periods with an equal probability/rate of exceedance. 

Since the introduction of UHS, it has been the primary method by which ground-motion records 

are selected and scaled. To select GMs based on UHS, two alternatives of the UHS, i.e. (i) UHS 

obtained from a PSHA; and (ii) the design spectrum from New Zealand Seismic Loading Standard 

NZS1170.5 (2004), are used as the target spectra to match the GMs within a period range. Several 

studies have highlighted the differences between the UHS and individual earthquake scenarios and 

the consistently conservative predictions of structural response by UHS (e.g. Burks and Baker 
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2014, Bradley et al. 2015).  

Baker and Cornell (2006) illustrated that scaling to a UHS can produce conservative 

structural response predictions because extreme spectral acceleration at a given period; i.e. Sa(T), 

does not imply the occurrence of equally extreme spectral response at all periods. Therefore, CMS 

was developed as an alternative to UHS. CMS is a target spectrum that links ground motion hazard 

to structural response and provides the mean response spectral ordinates across all periods by 

conditioning the expected response spectrum on the occurrence of a target response spectrum at 

the period of interest (Baker 2010). There are, however, limitations in the use of the CMS which 

primarily stem from the fact that spectral acceleration (Sa), as an intensity measure (IM), provides 

only a partial picture of the true character of a GM. To include non-spectral GM parameters, which 

may be deemed important for predicting the engineering demand parameter (EDP) of interest, a 

GCIM approach has been proposed by Bradley (Bradley 2010a, Bradley 2012a). GCIM is a 

generalisation of the CMS to enable computation of theoretical distribution of an IM given the 

occurrence of another IM. The distribution is then used to select a set of ground motions that can 

be considered as representative of this distribution by comparing its empirical distribution with the 

theoretical target. If the spectral accelerations at different periods are chosen as the intensity 

measures and the conditioning intensity measure is chosen as the spectral acceleration at the 

fundamental period, the mean value of GCIM distribution would be identical to the CMS. It is 

noted that, due to the space limitations, in this paper, attention is placed on the comparison of 

results between various GM selection methods, rather than the underlying theoretical details which 

are discussed in the references (Baker and Cornell 2006, Baker 2010, Bradley 2010, Bradley 
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2012). 

To match GM records with a target spectrum, for UHS and CMS based GM selection 

methods, the range of period within which the GMs are scaled is decided based on structural 

characteristics. The lower limit of the period range is computed as the period of the highest 

significant mode; i.e. the mode whose inclusion makes the cumulative mass participation more 

than 90% of the total building mass. For the case study building used herein, the effective modal 

mass for the first and second modes amount respectively to 83% and 9% of the total building mass. 

Thus, the period of the second mode is taken as the lower limit of the period range for GM scaling. 

The upper limit of the scaling period range should correspond to the likely maximum post-

yielding inelastic response of the structure. If the structure’s nonlinear response is approximated 

as bilinear, this period can be derived using the secant stiffness corresponding to the design 

ductility of the structure as in the following equation: 

𝑇𝑒 = 𝑇𝑖 (
𝜇

1 + 𝑟(𝜇 − 1)
)

0.5

 (5.1) 

where 𝑇𝑒 is the secant period, 𝑇𝑖 is the initial elastic period, 𝜇 is the ductility factor, and 𝑟 is 

the ratio of post-yield to elastic stiffness of the system assuming skeleton bilinear force-

displacement response. The r factor is generally in the order of 0.05-0.1 for reinforced concrete 

structures. In this paper, r factor is assumed zero for simplicity. Hence, Equation (5.1) can be 

simplified to 𝑇𝑒 = 𝑇𝑖(𝜇)0.5. The only effect of this assumption is that GMs are matched with the 

target spectrum within a slightly wider range of periods. Considering that the purpose of the study 
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is to investigate collapse probability, using a wider period range within higher values of period is 

justified. As the case study building used here has been designed for a ductility of 4(𝜇 = 4), the 

upper limit of the period range becomes two times the initial period. 

5.4.2 Selection of ground motions based on UHS 

A PSHA is initially conducted to generate UHS at the site as a target spectrum to select GMs. 

Figure 5.2 illustrates the resulting UHS for a range of periods at 500 and 2500 years return period 

hazard levels (i.e., UHS-500 and UHS-2500). Superimposed in the figure are also NZS1170.5 

(NZS1170.5 2004) design response spectra for the location of the case study building along with 

CMS conditioned on spectral acceleration response at 𝑇 = 1.0𝑠 for 500 and 2500 years return 

periods. As an alternative to the UHS obtained by PSHA, the NZS1170.5 design spectra are also 

used as the target spectra for GM selection. Throughout the paper where the UHS is obtained by a 

PSHA, the resulting UHS is termed as “PSHA” for brevity. Similarly, where the target spectrum 

is obtained from the New Zealand Seismic Loading Standard, the resulting UHS is termed 

“NZS1170”. 

From Figure 5.2, it can be observed that the two forms of UHS, i.e. obtained by PSHA and 

that provided in NZS1170, agree in terms of the spectral shape. However, for both 500 and 2500 

years return periods, the NZS1170 spectra give considerably larger spectral accelerations 

compared to what the PSHA based UHS spectra give. The difference between these curves 

originates partly from the fact that the code spectra are generally generated conservatively for 

design purposes. Furthermore, PSHA results depend greatly on the assumed shear wave velocity 
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of the soil. For soil class C, NZS1170 recommends a range of shear wave velocities within which 

lower shear wave velocities result in larger spectral accelerations in PSHA. Median value of the 

code range, i.e. 𝑉𝑠30 =
300𝑚

𝑠
, has been used in this paper. Considering the difference between the 

UHS obtained by a PSHA and the NZS1170 design spectra, generally a low structural response is 

expected at given hazard levels when PSHA spectra are used compared to the response computed 

based on the NZS1170 spectra. 

 

Figure 5.2: UHS obtained by NZS1170.5 (NZS1170.5 2004) and PSHA along 

with CMS for 500 and 2500 years return periods 

 

At each hazard level, GMs are selected from the Pacific Earthquake Engineering Research 

(PEER) database (Reed and Kassawara 1990) such that they match the site characteristics. GMs 

were selected within a magnitude range of 5 ≤ 𝑀𝑤 ≤ 8 and source to site distance of 20𝑘𝑚 ≤
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𝑅𝐽𝐵 ≤ 150𝑘𝑚 to exclude near source effects. Only the records from strike-slip or reverse fault 

earthquakes and recorded on soils with shear wave velocities within a range of 
150𝑚

𝑠
≤ 𝑉𝑠30 ≤

400𝑚

𝑠
 were used. Selected ranges of magnitude and distance are based on the two major Canterbury 

faults and Alpine faults in the area which can produce GMs with different characteristics. Of the 

GMs with these characteristics, 20 GMs (each with two horizontal components) are selected 

which, once scaled, best match the target spectrum within the selected period range. Scaling of the 

GMs was limited to a factor within a range of 0.3 ≤ 𝑆𝑐 ≤ 2.5. Although a wide range of magnitude 

and distance is chosen to select GMs, the scaling factor limit, to match with the target spectra, 

automatically excludes unrepresentative records.  

5.4.3 Selection of ground motions based on GCIM 

The basis of the GCIM approach is the construction of a multivariate distribution of a set of 

IMs conditioned on the occurrence of a specific IM, 𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
. The GCIM distributions are 

constructed through two major steps: (i) conducting a seismic hazard deaggregation which enables 

determining the probability 𝑃𝑅𝑢𝑝|𝐼𝑀𝑗
 that if a ground motion was observed with 𝐼𝑀𝑗 = 𝑖𝑚𝑗, it was 

caused by a given rupture 𝑅𝑢𝑝 = 𝑟𝑢𝑝𝑘; and (ii) given the observed ground motion with 𝐼𝑀𝑗 =

𝑖𝑚𝑗 from rupture 𝑟𝑢𝑝𝑘, what is the distribution of the other IMs in IM.  There are two steps that 

are repeated to develop a sample which represents 𝑓𝐼𝑀𝑖|𝐼𝑀𝑗
; (i) a random earthquake rupture from 

the seismic hazard deaggregation probabilities, 𝑃𝑅𝑢𝑝|𝐼𝑀𝑗
, is generated; and (ii) for this randomly 

drawn rupture, 𝑟𝑢𝑝𝑛𝑠𝑖𝑚 (where the superscript 𝑛𝑠𝑖𝑚 represents the nth simulation), a random 
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realization of IM, 𝑰𝑴𝑛𝑠𝑖𝑚, is obtained from the GCIM distribution. The set of simulated random 

realizations 𝑰𝑴𝑛𝑠𝑖𝑚 will have the same mean, standard deviation and correlation structure as the 

theoretical ‘target’ distribution, 𝑰𝑴|𝐼𝑀𝑗.  

For each random realization, it is then attempted to select GMs which have the minimum 

misfit compared to the realized vector 𝑰𝑴𝑛𝑠𝑖𝑚. An example of GCIM distribution, random 

realizations and response spectrum of selected GMs for 1% probability of exceedance in 50 years 

hazard level conditioned on 𝑆𝑎(𝑇1 = 1.0𝑠) is shown in Figure 5.3a. Bradley (Bradley 2012) has 

presented an algorithm and a software (URL: 

https://sites.google.com/site/brendonabradley/research/ground-motion-selection) which can be 

used to directly obtain an ensemble of GMs selected based on the theoretical GCIM distributions. 

Readers are referred to the reference for further information on this method.  

It is anticipated that the seismic response of the analysed case study building will depend on 

the intensity, frequency content and duration of the incident GMs. In order to account for GM 

intensity over a wide range of vibration periods, peak ground acceleration (PGA) and (pseudo) 

elastic spectral accelerations (𝑆𝑎) at ten vibration periods, i.e. 0.05s, 0.1s, 0.3s, 0.5s, 0.75s, 1.0s, 

2.0s, 3.0s, 5.0s and 10.0s, are used. As the structural model takes the fatigue effects of reinforcing 

bars into account in cyclic loading, it is also prudent to account for other characteristics of the GMs 

which may trigger cyclic effects. Therefore, cumulative absolute velocity (CAV) (Reed and 

Kassawara 1990), which accounts for the amplitude, frequency content and duration of a GM in a 

cumulative manner, and 5–75% and 5–95% significant durations, Ds575 and Ds595 (Bommer and 

Martinez-Pereira 1999) (which approximately indicate durations of body, and body + surface 

https://sites.google.com/site/brendonabradley/research/ground-motion-selection
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waves, respectively) are used. The correlation relationships between these IMs and Sa are available 

in literature and associated references are found in (Bradley 2010, Bradley 2012). Weighting 

factors, which determine the importance of each 𝐼𝑀𝑖, were applied such that 70% of the weighting 

was evenly distributed among the amplitude-based IMs (i.e., PGA, Sa) while 30% was evenly 

distributed among the other IMs.  

It is noted that, in contrary to the other two GM selection methods used in this study, scale 

factors are not directly limited in GCIM selection method. For instance, cumulative distribution of 

the scale factors for the selected GMs using GCIM method for the rare event of 1% probability of 

exceedance in 50 years is shown in Figure 5.3b. As can be seen, large scale factors of up to 23 are 

used to scale the GM records to match the hazard at this level. It is noted that since all of the GM 

characteristics (i.e., duration, frequency content and amplitude) are considered within the 

procedure to match with the site hazard, selected GMs fall within the acceptable range of 

distribution. For example, distribution of durations of the scaled GMs for this hazard level are 

shown in Figure 5.3c and d which indicate that the selected and scaled GM records still fall within 

the acceptable range of the likely duration of the motions at the site. 
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(a) (b) 

  

(c) (d) 

Figure 5.3: GCIM distributions for 1% probability of exceedance in 50 years hazard 

level conditioned on 𝑆𝑎(𝑇1 = 1.0𝑠); (a) cumulative distribution of scale factors (b) 

cumulative distribution of significant duration, Ds575, of selected GMs (c) cumulative 

distribution of significant duration, Ds595, for selected GMs (d) random realizations 

and response spectrum of the selected ground motions 
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5.5 Generation of collapse fragility curve 

To construct the collapse fragilities in this paper, different GMs are selected and scaled at 

discrete hazard levels from low intensities to rare, severe events. At different hazard levels, 

collapse probability at a given IM, i.e. P(C|IM), is computed as the number of GMs causing 

collapse by the total number of GMs used in the response history analysis (RHA) at the hazard 

level. The cumulative distribution function, assuming a lognormal distribution, of collapse 

probabilities at discrete hazard levels defines the collapse fragility curve. 

 Analysis of the case study building is continued until the collapse probability is larger than 

50%. The decision to stop the analysis at this point was made based on previous studies which 

have indicated that intensities less than the structure’s median collapse intensity typically have the 

largest contribution to the annual rate of building collapse (Bradley and Dhakal 2008, Eads et al. 

2012). Therefore, the information on collapse probabilities up to 50% is typically sufficient to 

construct the collapse fragility curve. Moreover, by increasing the hazard level the error in GM 

selection methods (especially in UHS and CMS based selection methods) increases because 

recorded ground motions are not available to match the target spectra at rare events. Therefore, it 

was decided not to continue the analyses with rarer hazard levels which result in over 50% collapse 

probability, as it is unlikely to provide superior estimation of the collapse fragility curve. 

In order to determine the distribution of the collapse probabilities, collapse probability 

papers (Ang and Tang 2007) are used in this work. Collapse probability papers are constructed 

using a transformed probability scale to generate a linear graph between the cumulative 
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probabilities of the underlying distribution and the values of the random variable. Based on the 

recommendations of previous studies lognormal distribution probability papers are used (Ibarra 

and Krawinkler 2005, Bradley and Dhakal 2008, Ghafory-Ashtiany et al. 2011). An example of 

the constructed probability paper is shown in Figure 5.4a. In this figure, observational data are 

plotted with a linear trend on the lognormal probability paper, so that a straight line can be drawn 

through the data points. From this straight line, median (𝑥𝑚) of collapse capacities is the value 

corresponding to cumulative probability of 50%. By reading the value corresponding to the 

cumulative probability of 0.16 (𝑥16%), standard deviation is computed as 𝛽 = (ln 𝑥𝑚/𝑥16%). 

Strong linear trend of the data points in logarithmic scale, as indicated by 𝑅2 close to 1.0, suggests 

that the underlying collapse probabilities conform to a lognormal distribution.  

Recently another method for fitting collapse probability data points to a lognormal 

distribution has been proposed by Baker (2015). Figure 5.4b illustrates an example of collapse 

fragility curves for a set of collapse probability data points fitted to a lognormal distribution using 

the curve fitting method in this paper along with the method proposed in Baker (2015). It can be 

seen that the difference between these two curves is negligible; particularly in the lower range of 

the curves.  

5.6 Collapse probability of the case study building using T1=1.0s 

As noted before, collapse analysis is first started using the un-cracked period of the structure. 

RHAs are performed for 40 GMs (two horizontal components of 20 GMs) at each hazard level 
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corresponding to various return periods until more than 50% collapse probability is reached. Each 

component of a GM is applied separately to the structure.  

  

(a) (b) 

Figure 5.4: (a) Linear trend fit of the collapse probabilities in logarithmic scale, and (b) 

Collapse probability data points and collapse fragility curve fitted using two different methods 

 

Since GMs are selected based on their probability of exceedance in 50 years, a hazard-based 

IM such as return period can also be defined. Figure 5.5a depicts probabilities of collapse of the 

case study building in terms of return period at discrete hazard levels (corresponding to the 

exceedance probabilities) based on two alternatives of UHS and GCIM selection methods. The 

low probabilities of collapse at different hazard levels in GCIM and PSHA methods originate 

mainly from the difference between the NZS1170.5 design spectra and the spectra based on PSHA. 

As depicted in Figure 5.2, the building has been designed for a larger demand compared to the 

resulting spectrum from PSHA. Therefore, the NZS1170 method better represents collapse 
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probabilities of the building in terms of the return period, as it is consistent with the hazard for 

which the building has been designed. The PSHA method reaches to 50% collapse probability at 

100,000-year return period hazard level. Since a consistent increase in collapse probabilities by 

increasing the GCIM-based hazard level was not observed, the analyses were stopped once a rare 

hazard level was reached. 

Following the current approach in performance-based seismic engineering, results are also 

interpreted using spectral accelerations at fundamental period of the building (𝑆𝑎(𝑇1 = 1.0 𝑠)) as 

the IM. Figure 5.5b and 5c illustrate collapse probabilities of the case study building at various IM 

levels in terms of 𝑆𝑎(𝑇1 = 1.0 𝑠) for PSHA and GCIM methods. Figures 5a and 5b are in fact 

similar, but the horizontal axis is changed to 𝑆𝑎(𝑇1 = 1.0 𝑠) corresponding to each hazard level. 

Figure 5.5c shows the same results for the NZS1170 method. Figure 5.5b and 5c are not 

superimposed because the code spectral accelerations are different to those by PSHA at similar 

hazard levels. It is observed that probabilities of collapse at a given hazard level based on GCIM 

are considerably lower than those based on PSHA. This difference can be explained by looking at 

Figure 5.2 where the median of GCIM spectra (which is the CMS) and the UHS spectrum have 

been compared for two hazard levels. As can be seen, the CMS curve falls below the UHS spectra 

at several periods between 0.5 s and 2.0 s (indicative of the range of frequencies of the 1.0 s 

structure’s response, considering the higher order modes and inelastic response with ductility of 

4); thereby resulting in lower overall structural response and less GMs causing collapse. It can also 

be seen that the collapse probability predictions of GCIM are erratic. This can be explained as 

GMs in this method are selected based on randomly selected realizations rather than matching a 
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target spectrum. 

  

(a) (b) 

 

(c) 

Figure 5.5: Collapse probability of the case study building at various hazard levels using 

initial period of the structure obtained by various GM selection methods; (a) comparison via 

return period as the IM (b) comparison via 𝑆𝑎(𝑇1 = 1.0𝑠) as the IM for PSHA based GM 

selection methods (c) comparison based on 𝑆𝑎(𝑇1 = 1.5𝑠) as the IM for NZS1170.5 spectra 
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Figure 5.6 illustrates the collapse probabilities at discrete hazard levels along with collapse 

fragilities obtained by PSHA, NZS1170 and GCIM ground motion selection methods. Because of 

the observed fluctuation in collapse probabilities at various hazard intensities computed by GCIM, 

and also that the data provide information only up to 37.5% probability of collapse, fragility curve 

of the building based on the GCIM method is not shown. The 37.5% collapse probability obtained 

from the GCIM method corresponded to a hazard level of 500,000-year return period. Needless to 

mention, this is a very rare event. The analysis for higher hazard levels does not show an upward 

trend. If the analysis is continued for even rarer hazard levels adequate number of recorded GMs 

cannot be found or the error to match the GMs with the random realizations will be so high that 

the selected GMs will not be properly representative of the site and the hazard level. Hence, it was 

concluded that any such effort will not lead to any additional reliable information. In contrast, 

since the data points obtained by PSHA and NZS1170 provide information up to 50% and 72.5% 

probability of collapse respectively, collapse fragility curve of the building could be constructed 

for these methods.  

Close agreement between the fragility curves obtained by the two alternatives of UHS in 

Figure 5.6 indicates that although the two variations differ significantly in terms of interpretation 

of hazard, they tend to produce similar collapse fragility because of similar spectral shapes. 

Collapse probabilities at each hazard level can be read from the fragility curves. Based on the 

NZ1170 selection, the building has a median collapse intensity of Sa(T1 = 1.0) = 0.78g and a 

logarithmic standard deviation of 0.53. The probability of collapse is 2.2% and 17% for 500-year 

and 2500-year return periods events, respectively. As for the PHSA method, median collapse 
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capacity of the building amounts to Sa(T1 = 1.0) = 0.81g and the logarithmic standard deviation 

is 0.55. The probability of collapse is estimated to be 2.2% and 18% for 500 and 2500-year hazard 

levels, respectively. 

 

Figure 5.6: Collapse fragility curve of the example building assuming 𝑆𝑎(𝑇1 = 1.0𝑠) 

5.7 Collapse probability of the case study building using T1=1.5s 

Since structural components of RC buildings crack at small deformation, a more realistic 

collapse probability assessment given an IM may be conducted assuming the cracked properties 

of structural components. GM selection approaches, based on both variations of UHS, CMS, and 

GCIM, are significantly dependent on the selection of fundamental period of the structure. In the 

UHS and CMS, the period range for which GMs are matched with a target spectrum varies 

depending on the structural period. In the GCIM and CMS, the median of the target spectra and 

distribution (in the case of GCIM) are conditioned on an IM which is commonly taken as the 
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spectral acceleration at the fundamental period of the structure. The importance of the conditioning 

IM in seismic demand estimation has been previously examined (Bradley 2012, Bradley 2013). 

This research has generally concluded that the distribution of seismic demands given an IM of a 

specific rate of exceedance, which is the subject of this paper, is not unique and depends on the 

conditioning IM.  

Herein, a fiber-based section analysis was performed to identify the cracked stiffness of 

structural sections. Based on this analysis, stiffness reduction factors of 0.63 and 0.42 were used 

to account for cracking in beams and columns, respectively. Using the cracked stiffness of 

structural components, period of the first mode amounts to 𝑇1 = 1.50𝑠. In the following sections, 

results of the analysis for the case study building based on CMS, GCIM and two variations of UHS 

by assuming this natural period are investigated. 

5.7.1 Ground motion selection assuming T1=1.50s  

The first and the second modal periods which contribute more than 90% in the total building 

mass are again used to determine the lower bound of the period range to match the GMs to the 

target spectra. Subsequently, Equation (5.1) is used to determine the upper bound period and GMs 

are scaled to match the target spectra within a period range of 0.5s≤T1≤3.0s. Similar to previous 

sections, the scale factors are limited within the range of 0.3 ≤ 𝑆𝑐 ≤ 2.5. GMs are also selected 

based on both CMS and GCIM methods for the cracked period of the structure. Unlike the UHS 

methods, where the target spectra remain the same despite changing the period, CMS and GCIM 

spectra differ as the conditioning IM changes by variation in the structural period. Figure 5.7 
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compares the PSHA spectrum along with the median of GCIM spectra (i.e. CMS) conditioned on 

𝑆𝑎(𝑇1 = 1.0𝑠) and 𝑆𝑎(𝑇1 = 1.5𝑠) corresponding to 2% probability of exceedance. When 

conditioned on 𝑆𝑎(𝑇1 = 1.5𝑠) the CMS falls above the curve conditioned on 𝑆𝑎(𝑇1 = 1.0𝑠) in 

periods greater than 1.5s. The difference is more evident within the period of range of 2.0𝑠 ≤ 𝑇 ≤

3.0𝑠, where structural response is likely to enter in highly nonlinear range.  

 

Figure 5.7: Comparison of the CMS conditioned on 𝑆𝑎(𝑇1 = 1.0𝑠) and 𝑆𝑎(𝑇1 = 1.5𝑠) for 

2500 years return period hazard level 

5.7.2 Collapse assessment via return period-based IM 

In this section, results of the collapse analyses of the case study building assuming cracked 

stiffness of the structural components are presented. Figure 5.8 illustrates collapse probabilities of 

the building at various hazard levels (i.e. return periods) acquired by different GM selection 
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approaches. Similar to Section 5, collapse probabilities are depicted in terms of return period as 

well as 𝑆𝑎(𝑇1 = 1.5𝑠). Although the analyses could be stopped in UHS methods once the collapse 

probability exceeded 50% and collapse fragility could be plotted using the acquired data, further 

analyses were conducted for two greater hazard levels to obtain more collapse data points and to 

get information on the collapse probability trend with increasing hazard levels. It is noted that 

besides the NZS1170.5 case, PSHA was used to estimate the hazard at each intensity level for all 

other three methods (UHS, CMS and GCIM). Therefore, Figure 5.8a may lead to misinterpretation 

of the collapse assessments as NZS1170.5 suggests higher collapse probability at a given hazard 

level compared to the PSHA. As expected, both UHS methods predict higher collapse probability 

than the other two approaches. Notably in the figure, at some rare events, the NZS1170.5 results 

are close to PHSA despite having higher spectral accelerations at the same hazard level. These 

close results mostly stem from the increase of the error in matching the selected GMs to the target 

spectrum in NZS1170.5. Note that limiting the scaling factor in matching the GMs with a target 

spectrum may lead to larger error in GM selection.  

Definition of a hazard-based IM enables comparison of collapse probabilities in terms of 

return period obtained by various methods based on two different choices of structural period. 

Figure 5.9 illustrates a comparison of different GM selection methods using the two choices of 

structural period. Where collapse probability is zero, such as at the 500 years return period hazard 

level for all of the GM selection methods, no bar chart is shown in the figure. 

 



 

 

185 

 

  

(a) (b) 

 

(c) 

Figure 5.8: Collapse probability of the case study building at various hazard levels assuming 

cracked period of the structure obtained by various GM selection methods; (a) comparison via 

return period as the IM (b) comparison based on 𝑆𝑎(𝑇1 = 1.5𝑠) as the IM for PSHA-based 

GM selection methods (c) comparison via 𝑆𝑎(𝑇1 = 1.5𝑠) as the IM for NZS1170.5 spectra 
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using the same GM selection method, are observed when two different structural periods are 

chosen. For instance, in the event of 500,000-year intensity, the PHSA method gives 67.5% 

probability of collapse if the cracked period of the structure is used, whereas the same method 

predicts 40% probability of collapse if the un-cracked period of the structure is utilized. The GCIM 

method generally results in lower collapse probability compared to UHS, however in contrast to 

the initial period-based outcome, when the cracked period was used the GCIM based results were 

less erratic; i.e. the predicted collapse probability showed a reasonable tendency to increase with 

an increase in the hazard level. Significant difference can be observed between the estimated 

collapse probabilities predicted for the same hazard level even for the GCIM approach; indicating 

the important of the choice of structural period in seismic collapse assessment of RC buildings. 

 

Figure 5.9: Comparison of collapse probability estimation of the case study building at 

various hazard levels using initial and cracked period of the building 
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5.7.3 Collapse fragilities using  𝑇1 = 1.5𝑠 

On the basis of the cracked period of the structure, collapse fragility curves were also 

generated for various GM selection approaches. Fragility curves based on the four different GM 

selection methods are shown in Figure 5.10. Table 5.1 summarizes the results of the collapse 

performance assessment of the building from the collapse fragility curves.  

 

Figure 5.10: Collapse fragility curve of the case study building using four different GM 

selection methods along with the distribution of median collapse capacity assuming cracked 

period of the structure 

 

By comparing the collapse fragility curves shown in Figures 6 and 10, it can be seen that for 
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was used in the assessment. Furthermore, in contrast to the analyses conducted using the initial 

period, collapse fragility curves could be constructed for all the GM selection methods as analyses 

could be continued until the collapse probability exceeded 50% in all methods to generate 

sufficient data points. This indicates significant role of the choice of period selection in collapse 

fragility curve prediction. 

Table 5.1: Results of Collapse Performance Assessment of the Case Study Building assuming 

Cracked Stiffness of structural components 

GM 

selection 

method 

Median 

𝑆𝑎(𝑇1 =

1.5𝑠) 

Record-to-

record 

randomness, 

𝜎𝑅 

𝑃 (𝐶|𝑆𝑎2% 50⁄
= 0.35𝑔) 

Neglecting modelling 

uncertainty 

Total 

uncertai

nty 

𝑃 (𝐶|𝑆𝑎2% 50⁄
= 0.35𝑔) 

Considering modelling 

uncertainty 

UHS (via 

PSHA) 

0.60g 0.46 12% 0.68 21% 

UHS (via 

NZS1170) 

0.57g 0.38 11% 0.60 23% 

CMS 0.85g 0.41 2% 0.65 9% 

GCIM 0.81g 0.58 8% 0.77 14% 

 

Results obtained by conducting IDAs in literature have reported record-to-record variability 

values ranging from 0.35g to 0.45g (Haselton 2006, Liel et al. 2009, Zareian et al. 2010). 

Fragiadakis and Vamvatsikos (2010) reported values ranging from 0.30 to 0.40, while FEMA P695 

(2012) proposes a value of 0.40. In this chapter, record-to-record variability was explored based 
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on a more rigorous approach of conducting RHAs at discrete hazard levels. As can be seen in Table 

5.1, the record-to-record randomness obtained in this study is larger compared to the values 

reported in literature. Only NZS1170.5 (2004) method resulted in the record-to-record randomness 

less than 0.40 when using the cracked stiffness, whereas it was 0.52 when using the initial stiffness. 

These results suggest that record-to-record randomness in design documents may require revision 

in future performance-based guidelines. It is however noted that the large record-to-record 

randomness in this study may be reduced by selecting larger number of GMs at each hazard level. 

As for the modelling uncertainty, previous investigations using lumped plasticity models 

have shown that introducing additional dispersion in the collapse fragility can approximately 

account for the effects of uncertainties in the structural modelling (Haselton and Deierlein 2007, 

Zareian and Krawinkler 2007, Liel et al. 2009). A wide range of dispersion to account for 

modelling uncertainties has been reported in literature (Dolsek 2009, FEMA 2009, Fragiadakis 

and Vamvatsikos 2010). Moreover, Kosic and Fajfar (2012) have proposed a methodology for 

determination of default dispersion measures of RC frames. To propose a simplified method for 

collapse assessment based on default values of uncertainties, Fajfar and Dolsek (2012) assumed a 

modelling uncertainty of 0.40. On the other hand, in an extensive case study to quantify collapse 

potential of ductile and non-ductile moment resisting RC frame buildings (Haselton et al. 2010, 

Liel et al. 2010), a value of 0.50 was assumed for modelling uncertainty. Proposed values of 

modelling uncertainties in literature have been obtained based on the analysis using plastic hinge 

models which captures the sidesway mode of collapse of buildings due to excessive 𝑃 − Δ effects. 

Variability in lumped plasticity models originates mainly from the large underlying uncertainties 
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in parameters related to component deformation capacity and softening behaviour of structural 

components in cyclic loading. It is believed that application of the fiber-element model used in 

this research leads to a considerable decrease in the modelling uncertainty as the model is 

calibrated at the material level compared to the component level in lumped plasticity models. 

Nevertheless, further studies are required to quantify the modelling uncertainty in fiber-element 

models.  

 

Figure 5.11: Collapse fragility curve of the case study building using four different GM 

selection methods, including (dashed lines) and excluding (solid lines) modeling uncertainties  

 

In order to compare the results with previous studies on collapse potential of ductile 

buildings reported in (Haselton et al. 2010), in this paper a modelling uncertainty of 𝜎𝑙𝑛,𝑚𝑜𝑑𝑒𝑙𝑙𝑖𝑛𝑔 =

0.5 was assumed. When combined with record-to-record randomness, total uncertainty is 
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calculated as σTOTAL=√σR2+σmodelling2. Figure 5.11 illustrates collapse fragilities of the case 

study building considering both sources of uncertainties for various GM selections. Superimposed 

in the figure as dashed lines are fragility curves neglecting the modelling uncertainty. Table 5.1 

shows that the collapse probability of the case study building for 2% in 50 years hazard level; i.e. 

P(C|Sa2/50), ranges from 9 to 23% with an average of 17%. Haselton et al. (2010) have reported 

an average value of 11% with the P(C|Sa2/50) values ranging from 3% to 20% for ductile code-

conforming buildings. The increase in collapse probability in fiber analysis is due to the inclusion 

of collapse arising from the loss of vertical load carrying capacity and/or using RHAs in discrete 

hazard levels.  

5.8 Ground motion selection method variability  

Several GM selection methods proposed in the past decade strive to provide superior 

prediction of structural response subjected to unknown future events. As GM selection methods 

become more rigorous, the selection procedure becomes more cumbersome and further reliant on 

the results of PSHA which, by itself, significantly depends on empirical ground motion prediction 

equations. These equations are based on the information obtained on the site and history of the 

recorded previous ground shakings. It is acknowledged that, besides a few locations in the world, 

sufficient information for a reliable PSHA and subsequently advanced GM selection methods are 

not readily available. Therefore, regardless of the choice of GM selection method, selected and 

scaled GMs used in the analysis are indicative and do not fully represent the likely future events 

at a site. 
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For generation of collapse fragility of buildings, various sources of uncertainty are 

incorporated by assuming a lognormal distribution and increasing the dispersion due to the record-

to-record randomness from selected GMs. In this method, it is assumed that the median collapse 

capacity remains constant regardless of the uncertainties. In the previous sections, it was shown 

that calculation of the median collapse capacity by itself depends on the choice of GM selection 

method. Several research in the past have shown that the use of UHS for GM selection leads to a 

conservative prediction of structural response in comparison to more recent GM selection methods 

(e.g. Bommer et al. 2000, Bradley 2010, Jayaram et al. 2011, NIST 2011, Bradley 2013, Lin et al. 

2013). As the UHS based GMs have also resulted here in conservative prediction of collapse 

fragility/capacity, it is fair to suggest that when UHS is used for GM selection, higher levels of 

confidence are provided. 

5.9 Summary and conclusions 

The effect of GM selection method on the prediction of seismic collapse fragility of RC 

frame buildings was investigated in this paper by conducting collapse analyses of a case study ten-

storey RC moment resisting frame building. A fiber element model was used to simulate structural 

collapse due to the sidesway mode of collapse, which is caused by destabilising P-delta moments 

at large displacements, as well as the collapse due to loss in vertical load carrying capacity of 

structural components. To investigate the effect of GM selection method on the predicted collapse 

fragility, several aspects of the GM selection such as the effect of the choice of structural period 

and period range for matching the selected GMs with a target spectrum were examined.  
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A new period range for matching the ground motions with a target spectrum was proposed 

which varies depending on structural characteristics (higher order mode participation to decide the 

lower limit and design ductility to decide the upper limit of the target period range). For 

comparison of collapse probability results, application of hazard-based IMs (e.g. return period) 

which is not dependent on the structural characteristics was proposed. It was shown that the hazard-

based IMs provide a tool for comparison of collapse safety of range of buildings located in the 

same seismic hazard zone irrespective of their structural properties. 

Based on the extensive collapse analysis of the case study building conducted herein, it was 

shown that collapse fragility of buildings varies significantly depending on the choice of GM 

selection method. It was also demonstrated that collapse fragility estimation of the buildings is 

largely dependent on the choice of the structural period for GM selection method. This dependency 

on the structural period was observed in all of the GM selection methods used in this study. 

However, it is notably more evident in GCIM and CMS methods. GCIM based collapse 

probabilities are found to be more erratic as the GMs are selected based on a distribution rather 

than a single target spectrum. In line with the observations in previous research, UHS methods 

predicted lower median collapse capacity for the building compared to GCIM and CMS methods. 

GCIM and CMS methods were conditioned on two different structural periods. The median 

collapse capacity predicted by CMS and GCIM via PSHA was observed to be up to 40% higher 

than the prediction based on UHS by NZS1170 design response spectrum.  

Collapse probability assessment of the case study building generally indicated a larger 

record-to-record randomness compared to the values reported in literature based on IDA results. 
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The GCIM method suggested the largest GM variability amongst all the GM selection methods 

since GMs in GCIM method are selected to match within a distribution rather than a single target 

spectrum. 

Hazard consistent GM selection methods (i.e., CMS and GCIM) are found to significantly 

over-predict important EDPs like collapse capacity (and subsequently under-predict the collapse 

probability) for intensity-based assessments compared to the UHS approach. The UHS approach 

also has fewer conditioning options and is therefore simpler to use than the other methods, so it is 

likely that users will obtain more consistent and more conservative results with it.  
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Chapter 6 

 

6. Simplified seismic collapse probability prediction 

of RC moment resisting frame buildings 

 

 

6.1 Summary 

A simplified procedure for design of RC moment resisting frame buildings based on seismic 

collapse probability at the maximum considered hazard level is proposed in this chapter. For this 

purpose, seismic collapse probability of a series of case study RC moment resisting frame 

buildings with varying design inter-storey drifts, and different levels of confinement and anti-

buckling detailing of structural components, at design basis and maximum considered levels of 

seismic hazard are assessed. It is demonstrated that collapse probability of RC frame buildings is 

highly dependent on anti-buckling detailing of structural components and design inter-storey 

drifts. By utilizing the results of case study buildings, an equation to predict seismic collapse 

probability of ductile RC frame buildings at the maximum considered level of seismic hazard is 
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proposed. The equation is then extended for non-ductile RC frames. Using proposed equations, a 

simplified methodology for design of RC moment resisting frames is proposed which is based on 

adopting a target collapse probability at the maximum credible level of seismic hazard. It is 

demonstrated that the proposed design approach provides a rapid, yet reasonably reliable tool for 

performance-based seismic design of RC frame buildings without the need to verify cumbersome 

capacity design requirements or undertaking a nonlinear analysis. 

6.2 Introduction 

With the advent of performance-based earthquake engineering in contemporary seismic 

codes and guidelines the risk of seismic collapse has started to become more explicitly quantified. 

Quantification of seismic collapse probability of buildings assists in the enhancement of 

probabilistic loss estimation and better understanding of the importance and effectiveness of new 

structural systems and technologies and predicting the life safety risk of non-conforming buildings. 

To quantify seismic collapse probability of buildings, primary modes of building collapse should 

be identified, analytical procedures to simulate collapse should be developed and engineering 

solutions should be provided to minimise the risk of seismic collapse.  

Observations from past earthquakes have shown that structural system integrity can be lost 

partially or wholly due to the two most common modes of collapse; (i) dynamic sidesway 

instability, and (ii) loss of vertical load carrying capacity in one or several structural components 

(Zareian et al. 2010). The sidesway mode of collapse is associated with lateral instability in which 

the second order P-Δ actions accelerated by components deterioration overcome gravity load 
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resistance. It is thus triggered by an abrupt increase in inter-storey drifts and lateral displacement 

of the entire structure (Ibarra et al. 2005). In contrast, the second failure mode (i.e., vertical 

collapse) is a result of the direct loss of gravity load carrying capacity of one or several structural 

components. In RC buildings, a critical section in a critical structural component may fail in shear, 

buckling of longitudinal bars or crushing of core concrete due to combined gravity and seismic 

actions. In a well confined section, confinement of the core concrete allows longitudinal tension 

bars to enter the strain hardening region. In such sections, under monotonic loading failure of the 

section occurs due to spalling of the core concrete which eventually results in buckling of 

longitudinal reinforcement. During cyclic loading of a well confined section, failure may also take 

place by gradual strength deterioration of the section which can be due to buckling of compression 

bars as a consequence of repeated reversed inelastic deformations.  

Numerous studies within the past the decade and beyond have been devoted towards the 

simulation of the sidesway mode of collapse through introduction of enhanced nonlinear lumped 

plasticity models. The lumped plasticity elements rely on the deterioration models which are able 

to simulate the stiffness and strength degradation of structural components (e.g. Zareian and 

Krawinkler 2007, Haselton and Deierlein 2007, Liel et al. 2010, Lignos and Krawinkler 2010, 

Zareian et al. 2010, Eads et al. 2012, Lignos and Krawinkler 2012a, 2012b). One such significant 

attempt was the introduction of the IKM model (Ibarra 2005, Ibarra et al. 2005). In this model, the 

rate of cyclic deterioration is controlled by a rule which is based on the hysteretic energy dissipated 

when the component is subjected to cyclic loading. This model has been further developed and 

modified in a number of studies to improve the agreement of results in comparison to additional 
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experimental data (Lignos and Krawinkler 2012a, 2012b).    

Attempts have been also made to approximately incorporate vertical mode of structural 

failure into lumped plasticity models (Bao et al. 2008, Khandelwal et al. 2008, Tsai 2012, Masoero 

et al. 2013). Majority of these research propose adding other elements (e.g., springs) to lumped 

plastic hinges to account for shear and axial load induced failure modes. For instance, Elwood and 

Moehle (2008) used a fibre-element model to capture variation of axial loads in the middle of a 

component combined with shear elements and lumped plastic hinges at the ends to encapsulate 

shear and moment failures, respectively. Baradaran Shoraka et al. (2013) proposed the use of a 

material model which uses predefined empirical equations to estimate points of shear and axial 

failure based on the drift demands on columns. More recently, Koopaee et al. (2015) have shown 

that the use of fiber element models equipped with advanced path-dependent cyclic nonlinear 

material models can reliably simulate the sidesway mode of collapse as well as the loss in vertical 

load carrying capacity of buildings due to inability of columns to carry axial compressive stresses. 

It is reasonable to perceive that the sidesway mode of collapse of buildings can be delayed 

by limiting maximum inter-storey drifts and consideration of global P-Δ effects at the design stage. 

It is also reasonable to assumes that ductile detailing of structural components, i.e. confinement of 

critical concrete sections and prevention of buckling of the longitudinal reinforcement, improves 

the vertical and sidesway collapse capacity. Capacity design concepts and prescriptive provisions 

in seismic codes (e.g. NZS3101 2006, ACI-318 2014, ASCE7-16 2017) have been developed to 

achieve this purpose. Adoption of capacity design concepts and associated detailing requirements 

have led to major improvements in managing the performance of engineered structures. 
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Nevertheless, the effectiveness of the adoption of these provisions in reducing the risk of seismic 

collapse has not yet been dully quantified. For instance, Haselton et al. (2011) have conducted a 

study to investigate the effect of strong-column weak-beam (SCWB) hierarchy on the seismic 

collapse probability of RC moment resisting frame buildings. The study found that the current ACI 

318 provisions delay, but do not prevent, column yielding and the formation of story collapse 

mechanisms. An increase in the SCWB ratio above 6/5 (1.2) does not significantly improve 

performance of low-rise frame buildings but may reduce collapse risk for midrise and taller 

buildings. Haselton et al (2011) have not investigated the effect of other capacity design 

requirements (e.g., anti-buckling detailing of plastic hinge zones) on the seismic collapse 

probability of buildings. Moreover, models used in their study did not capture axial-flexural 

interaction effects. 

This study is an attempt to quantify the effect of design inter-storey drifts, confinement of 

core concrete, and anti-buckling detailing of plastic hinge zones of critical structural components 

on the seismic collapse probability of RC frame buildings. Understanding of the effect of crucial 

parameters on the seismic collapse probability of buildings serves as a pathway for development 

of simplified procedures for prediction of collapse probability. To this purpose, a vast number of 

nonlinear dynamic analysis are undertaken on a series of case study buildings with varying design 

inter-storey drifts and anti-buckling detailing of the critical regions of structural components. It is 

shown that by reducing maximum design inter-storey drifts, collapse probability of buildings can 

be significantly reduced. Moreover, it is demonstrated that appropriate anti-buckling detailing of 

reinforcing bars at critical sections can, to a great extent, delay collapse of structural systems. 
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Based on the results of case study buildings, a simplified equation to predict collapse probability 

at the maximum considered earthquake hazard level is proposed. It is demonstrated that, without 

explicitly satisfying prescriptive requirements of current seismic design standards, a target collapse 

probability for buildings can be achieved by adopting an associated design inter-storey drift while 

plastic hinge regions of the structural components are adequately detailed for anti-buckling of 

longitudinal bars. Findings from response history analyses on the case study buildings provide a 

basis to propose a design procedure for design of RC moment frame buildings based on a selected 

target collapse probability at the maximum credible earthquake hazard level. 

6.3 Description of case study buildings 

A set of archetypical case study buildings are used in this study to represent variety of low 

to medium rise RC frame buildings in high seismic regions. Collapse analyses are first undertaken 

on a 10-storey, 4-bay RC moment resisting frame building designed in accordance with current 

New Zealand seismic loading standard NZS1170.5 (2004), and the standard for design of 

reinforced concrete structures NZS3101 (2006). This building is used as the “base model” to 

investigate parameters which are envisaged to most influence seismic collapse probability of RC 

frame buildings. The building is assumed to be a typical office building structure, fixed at the base, 

located in Wellington-New Zealand, and founded on a soft soil (class D according to NZS1170.5 

2004 soil classification). Wellington is known to have one of the highest seismic hazards in New 

Zealand with peak ground acceleration (PGA) corresponding to 500-year return period (i.e., design 

basis earthquake, DBE) of 0.448g, as per NZS1170.5 for buildings on soil class D. The base 
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building is designed for ductility of 4, satisfying the requirements of NZS3101 (2006) for strength, 

stiffness, capacity design and detailing. The code requirements for ductile structures include 

avoidance of shear failure in structural components, close spacing of stirrups to meet confinement 

requirements, and higher capacity of columns compared to beams to ensure the “strong column-

weak beam” strength hierarchy. 

Plan and elevation views of the “base” case study building are illustrated in Figure 6.1. 

Designed cross sections for beams and columns of the base building at various floor levels are 

depicted in Figure 6.2. The building is regular in plan and elevation, thus, a typical frame of the 

building in 2-D is modelled for collapse analysis. According to NZS1170.5, since the building is 

regular, equivalent static analysis (ESA) procedure can be adopted for structural analysis. 

However, as an alternative for design purposes, the code allows using response spectrum analysis 

(RSA) for structural analysis. NZS1170.5 stipulates that, in the event that magnitude of the seismic 

base shear calculated using RSA is less than the corresponding value from ESA, base shear of the 

RSA shall be scaled to match with the ESA. Nevertheless, for regular buildings in plan and 

elevation, it permits to match RSA base shear with up to 80% of the base shear from ESA. In any 

case, design base shear shall not be less than the calculated base shear from RSA.  
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Figure 6.1: Plan and elevation view of the base case study building, 10-storey, 4 bays 

 

To control maximum deflections of buildings under seismic forces, NZS1170.5 design inter-

storey drifts are calculated by multiplying inter-storey drifts obtained from an elastic analysis (i.e., 

ESA or RSA) by the design ductility factor (4 in this example) and a drift modification factor, 

kdm. The latter (kdm) is to account for the increase of drifts in nonlinear response due to dynamic 

effects such as strength and stiffness deterioration which is not simulated in an elastic analysis. As 

will be shown later in the chapter, kdm will be used for collapse probability prediction procedure 

developed in this chapter as well to account for adverse nonlinear effects as the building height 

increases. This factor is calculated using  

Table 6.1. Estimated design inter-storey drifts are then compared against the maximum 

allowable design inter-storey drift which is 2.5%. 
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 Column Sections Beam Sections 

Floor 1-3 

  

Floor 4-7 

 
 

Floor 8-10 

  

HD: deformed reinforcement with 𝑓𝑦 = 500𝑀𝑃𝑎 

HR: undeformed (round) reinforcement with 𝑓𝑦 = 500𝑀𝑃𝑎 

 

Figure 6.2: Column and beam cross sections of the “base” case study building – stirrups 

configuration is shown to provide Lsr = 5.0 

 

Table 6.1: Drift modification factor adopted from (NZS 1170.5 2004) 

Structure height Drift modification factor, kdm 

ℎ < 15 𝑚 1.2 

15 ≤ ℎ ≤ 30 𝑚 1.2+ 0.02 (h-15) 

ℎ > 30 𝑚 1.5 

 

The base case study building adopted in this chapter satisfies NZS1170.5 requirements in 
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terms of deflections and strength. The base shear of the building from the RHA is less than 80% 

of the base shear calculated from the ESA. Therefore, the RSA base shear is scaled to 80% of the 

ESA. The maximum inter-storey drifts computed from RSA are then checked to be less than 2.5%. 

 

Figure 6.3: Overview of fiber element nonlinear modelling technique 

6.4 Structural model for simulation of collapse 

In this study a fiber-element-based structural model is used which enables simulation of both 

modes of collapse (i.e., vertical and sidesway). An overview of the fiber element modelling 

technique is shown in Figure 6.3. Analytical simulations by authors in chapter 4 (Koopaee et al. 

2015) on vertical mode of collapse have shown that loss of vertical load carrying capacity of RC 

frames may occur due to (i) crushing of confined concrete in compression, or (ii)  buckling of 
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reinforcing bars due to excessive compression demand on the columns or low cycle fatigue. If 

concrete compressive strain in an RC member exceeds capacity, failure of the member eventually 

takes place due to crushing of concrete and subsequent inevitable buckling of reinforcing bars, as 

vertical compression force in the post-crushing stage will have to be resisted only by reinforcing 

bars. Deterioration of RC sections in cyclic loading happens predominantly due to strength and 

stiffness degradation of steel reinforcement. Thereby, accuracy of a fiber-element-based model to 

simulate structural collapse of RC frame buildings becomes directly dependent on the appropriate 

adoption of reinforcing steel constitutive models. Advancements in cyclic constitutive models for 

reinforcing bars have enabled simulation of various deterioration modes of reinforcing steel 

(especially buckling and low cycle fatigue), and consequently reliable simulation of sidesway and 

vertical modes of collapse. Material models adopted for collapse analysis in this study and 

associated parameters are elaborated in the following sections.  

6.4.1 Adopted material models 

In this study, Popovic’s stress-strain envelope (shown in Figure 6.3) is used for confined and 

unconfined concrete fibres. The hysteretic loops used in the model are also schematically shown 

in Figure 6.3. As for the reinforcing steel model, a generic phenomenological material model 

developed by Kunnath et al. (2009) is utilized which accounts for the degradation due to fatigue 

in cyclic loading as well as buckling of reinforcing bars in compression incorporated based on the 

bar buckling model proposed by Dhakal and Maekawa (2002a, 2002b, 2002c).  

It is noted that degrading behaviour of RC sections is influenced by buckling of longitudinal 
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steel bars in compression which is mainly controlled by potential buckling length of reinforcing 

steel bars. Therefore, vertical load carrying capacity of RC components, and subsequently vertical 

collapse capacity of RC buildings, depends directly on the buckling length of longitudinal bars. 

The assumption that buckling length of longitudinal reinforcing bars inside an RC member is equal 

to the spacing of lateral ties does not hold true except in some special cases such as when: i) lateral 

ties are sufficiently stiff; ii) longitudinal reinforcing bars are slender; and iii) tie spacing is large. 

Axial compression tests of RC prisms have shown that buckling length of longitudinal bars varies 

from one to several times tie spacing. This has been shown to be dependent on the geometrical and 

mechanical properties of the lateral ties and longitudinal bars (Dhakal and Maekawa 2002a, 2002b, 

2002c).  

 

Figure 6.4: Overview of buckling length determination using Dhakal and Maekawa (2002a) 

approach 

 

Dhakal and Maekawa (2002a) have proposed a theoretical method to determine the buckling 
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length of longitudinal reinforcing bars inside an RC member, which is equal to a multiple of tie 

spacing. The method has been extensively verified against experimental studies and found to 

reliably predict the buckling length of longitudinal bars for various configuration of lateral ties. 

The research has been recently extended to circular sections and provides guidelines to design the 

size, arrangement, and spacing of rectangular and circular ties/stirrups/hoops to restrain buckling-

prone longitudinal bars (Dhakal and Su 2018). This approach is utilized in this study to determine 

the effective buckling length of reinforcing steel bars which is summarised in the following 

section. 

6.4.2 Effective buckling length for the adopted reinforcing steel material 

An overview of the procedure for determination of the effective buckling length of the 

reinforcing steel material in Dhakal and Maekawa (2002a) is illustrated in Figure 6.4. In the first 

step, actual stiffness of a lateral tie effective to each longitudinal reinforcing bar connected to the 

tie for rectangular sections is computed using Equation (6.1): 

kt =
EtAt

le
×

nl

nb
  (6.2) 

 

where Et, At, and le are elastic modulus, cross-sectional area and the leg-length of ties, 

respectively. Similarly, nb is the number of bars prone to buckling, i.e. number of longitudinal 

bars in one face of the section in bending, and nl is the total number of transverse reinforcement 

legs (including the hoops and intermediate ties) along the buckling direction.  
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Next, the stable buckling mode, n, needs to be determined- which is multiplied by the tie 

spacing to obtain the buckling length for a given combination of longitudinal and transverse 

reinforcement. To determine the stable buckling length, an iterative approach (as shown in Figure 

6.4) is followed by starting from first buckling mode and then gradually moving to higher modes 

in the event that the stiffness requirement is not satisfied for the mode under consideration. The 

required stiffness of lateral ties for any buckling mode is calculated using the following equation: 

𝑘𝑛 = 𝑘𝑒𝑞 ×
𝜋4𝐸𝐼

𝑠3
 

(6.3) 

where s is the vertical spacing of lateral ties, keq is an equivalent stiffness coefficient, and  

EI is the average flexural rigidity of bars expressed as: 

𝐸𝐼 = 0.5𝐸𝑠𝐼√(𝑓𝑦/400) (6.4) 

 

where Es and fy are elastic modulus and yield strength of the longitudinal bars, respectively. 

Dhakal and Maekawa (2002a, 200b, 200c) have derived keq values for various buckling modes 

based on energy balance principles. These values are shown in Table 6.2, which enable simple 

calculation of the buckling length of bars. As illustrated in Figure 6.4, if calculated required 

stiffness is less than the available tie stiffness (i.e. kt < kn), the buckling mode under consideration 

is the correct (i.e. stable) mode, and the buckling length is calculated as the product of the buckling 

mode and the tie spacing. Otherwise, the process is repeated until the condition  kt < kn is 

satisfied. 
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Table 6.2: Required Spring Stiffness for Different Buckling Modes (adopted from Dahakal and 

Maekawa 2002a) 

Stable 

Buckling 

Mode 

1 2 3 4 5 6 7 8 9 

𝑘𝑒𝑞 0.7500 0.1649 0.0976 0.0448 0.0084 0.0063 0.0037 0.0031 0.0013 

 

For the purpose of collapse assessments in this research, two-dimensional nonlinear frame 

models of the case study buildings are analysed in OpenSees structural analysis platform 

(OpenSees 2012). To investigate the effects of anti-buckling detailing of the plastic hinge regions 

of RC structural components, collapse probability of the case study buildings is estimated at 

different levels of anti-buckling detailing. As discussed above, buckling length of longitudinal 

reinforcing bars is a crucial parameter in failure of RC sections which is controlled by anti-

buckling level of components, i.e. the spacing and stiffness of lateral ties. To estimate the effects 

of buckling length of reinforcing bars on the building collapse probability, the buckling length 

parameter of reinforcing bars is changed for each case study building. In OpenSees, the buckling 

length parameter for RC members is denoted by Lsr, defined as the ratio of buckling length to 

diameter of longitudinal bars: 

Lsr =
Buckling length of longitudinal bars  

Diameter of longitudinal bars
  (6.5) 

It should be noted that buckling length of longitudinal bars is not currently explicitly 

considered in designing and detailing of RC members to satisfy capacity design requirements in 
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current codes. Consequently, design of structural components to meet shear demand corresponding 

to over-strength bending capacity does not restrict the buckling mode; thereby resulting in a wide 

range of Lsr (which represents the effective anti-buckling level). For example, for the base case 

study building, 600mm square columns at the bottom floor are reinforced with 16 - 20mm 

diameter, grade 500MPa, longitudinal bars which any of following alternatives can be used to 

satisfy shear demand requirements on these columns: 

Alternative one: 4 legs of HD12 at 120mm spacing ➔Buckling mode = 1➔Lsr = 6.0  

Alternative two: 3 legs of HD12 at 100mm spacing ➔Buckling mode = 2➔Lsr = 10 

Alternative three: 4 legs of HD10 at 100mm spacing ➔Buckling mode = 2➔Lsr = 10 

where HD represents grade 500MPa deformed reinforcing bars. As can be seen, based on the 

current requirements for capacity design, different designers may use different alternatives, all 

meeting the code requirements while achieving different outcomes in terms of the effective bar 

buckling ratio. 

To better illustrate the effects of  Lsr on the structural response, Figure 6.5 illustrates a 

comparison of the cyclic response of one of the columns of a single storey portal frame with Lsr =

10 and Lsr = 15, respectively (Koopaee et al. 2015). In this figure, lateral force versus lateral drift 

and moment-curvature hysteresis responses of the critical section up to the failure point, predicted 

by lumped plasticity and distributed plasticity (i.e., fiber element) modelling approach, are 

compared for two values of Lsr. The lumped plasticity model used in this analysis is a modified 

version of the Ibarra, Medina and Krawinkler (IMK) (Ibarra et al. 2005) model, for which the 

plastic hinge parameters are defined based on the equations proposed in Haselton et al. (2008).  
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(a) Lsr = 15.0 

 
 

(b) Lsr=10 

Figure 6.5: Comparison of the structural response of a portal frame with Lsr=10 and Lsr=15 

with plastic hinge models 
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The lumped plasticity model accounts for stiffness and strength deterioration of structural 

components through definition of cyclic degradation parameters in the model. However, the 

parameters of the plastic hinge model do not vary throughout the analysis as axial forces vary in 

the columns throughout the analysis. 

As can be seen in Figure 6.5, both lumped plasticity and fiber models are able to simulate 

degradation of structural strength due to the cyclic loading. However, by changing the anti-

buckling detailing of the column section (resulting in different Lsr), cyclic response of the column 

predicted by the lumped plasticity model remains unchanged, whereas the predicted response 

changes significantly (and justifiably) when fiber model is used. It can be seen in the figure that 

adoption of Lsr = 15 for columns of the frame leads to an abrupt strength reduction of the section 

leading to failure of the frame after 2% drift. This indicates the importance of Lsr (i.e. transverse 

reinforcement detailing) in the predicted response. 

6.5 Ground motion selection and scaling for response history analysis 

Ground motions (GMs) are selected and scaled to match the NZS1170.5 design spectrum for 

soil class D (assumed as the target spectrum). At each hazard level, GMs are selected from the 

Pacific Earthquake Engineering Research (PEER) NGA database and are scaled such that they 

best match the target spectrum. The range of period within which the GMs are scaled to match the 

target spectrum is decided based on structural characteristics with an intention to rationally account 

for the effects of higher order modes and softened nonlinear response phase. 
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A schematic depiction of the period range used to match with the target spectrum for the ground 

motion selection is shown in Figure 6.6. The lower limit of the period range is computed as the 

highest modal period whose contribution makes the mass participation exceed 90% of the total 

mass of the building. The upper limit of the scaling period range corresponds to maximum likely 

post-yielding inelastic response of the structure which calculated using secant stiffness of the 

structure corresponding to the design ductility as shown in the following equation: 

Te = Ti (
μ

1+r(μ-1)
)

0.5

 
(6.6) 

 

where Te is the secant period, Ti is the initial period, μ is the ductility factor, and r is the ratio 

of post-yield to elastic stiffness of the system assuming that the skeleton force-displacement 

response is represented by a bilinear approximation. Since the r factor is typically small, equation 

(6.6) can be simplified to Te = Ti(μ)0.5. The case study building has been designed for a ductility 

of 4 (μ = 4), and hence, the upper limit of the period range becomes two times of the initial period.  

 

Figure 6.6: Schematic depiction of the period range to match with the target spectrum for 

ground motion selection 
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Response spectra of the selected GMs scaled to the maximum credible hazard level for the 

base case study building are shown in Figure 6.7 which also shows the target spectrum, the mean 

spectrum of the scaled GMs as well as the spectra corresponding to the mean plus and minus 

standard deviation. In this figure, vertical lines indicate the period range within which the GMs 

are scaled to match with the target spectrum. 

 

Figure 6.7: Response spectra of the selected and scaled ground motions selected at MCE for 

the base case study building. hazard level for the base case study building 

6.6 Collapse probability estimation of case study buildings 

Collapse probability assessments are conducted at hazard levels corresponding to the design 

basis earthquake (DBE, 500-year return period) and the maximum considered/credible earthquake 

(MCE, 2500-year return period). At each hazard level, collapse probability of case study buildings 
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is estimated by assigning Lsr = 5.0, 7.5 and 10 for plastic hinge regions of beams and columns. 

Collapse probability assessment at a given hazard level for a given Lsr is estimated by nonlinear 

response history analyses of the structural model subjected to two orthogonal horizontal 

components of 20 GMs scaled to match the target spectrum (40 GMs in total). Probability of 

collapse is then calculated as the ratio of the number of GMs resulting in structural collapse to the 

total number of GMs.  

In each response history analysis, structural collapse may take place due to either the 

sidesway mode of collapse, which is indicated by an abrupt increase in the drifts, or vertical mode 

of collapse due to failure of one or several gravity bearing components. Building collapse is 

defined as the state at which one or several gravity load-carrying components indicate failure, to 

the extent that results in structural instability and the nonlinear response history analysis is 

terminated. As shown in previous sections, and in more depth in Chapter 4, failure of structural 

components may take place due to; (i) complete crushing of confined concrete - which will 

eventually result in buckling of reinforcing steel bars; (ii) buckling of reinforcing bars due to 

excessive compression during cyclic loading (i.e., cyclic strength and stiffness deterioration); (iii) 

failure of reinforcing steel bars due to low cycle cyclic fatigue. In addition to the failure of 

individual components, structural instability may take place if the second order P-Δ actions 

accelerated by components deterioration overcome gravity load resistance which prompts 

sidesway mode of collapse.  

Based on the above discussion on the failure modes of structural components, it is apparent 

that vertical failure of structural components, and in turn, collapse of RC buildings can be detected 
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by buckling of structural reinforcing bars, as even the crushing of core concrete will also eventually 

trigger buckling of reinforcing bars in compression. Since the buckling of reinforcing bars is 

controlled by Lsr, this factor becomes the controlling parameter for the vertical failure mode of 

buildings. On the other hands, the sidesway mode of collapse is controlled by inter-storey drifts. 

Therefore, the effects of Lsr and the maximum inter-storey drifts on the collapse probability are 

investigated in this chapter as the governing factors for seismic collapse probability of RC frame 

buildings. 

Definition of structural collapse in this thesis does not necessarily represent complete 

collapse of buildings. Rather, it is an indication of the structural failure to the extent that it is no 

longer repairable and safe to use following an earthquake event. This is the state which was seen 

in many buildings after the 2011 Christchurch earthquakes which resulted in demolition of these 

buildings (Kam et al. 2011). From a loss point of view, which is the objective of this thesis, these 

buildings will incur total loss. The collapse state of buildings in this thesis may happen ahead of 

sidesway mode of collapse which is typically used in the literature with lumped plasticity models. 

An example of such advanced failure is shown in Figure 4.14.   

Since seismic collapse in a numerical analysis is triggered by termination of the analysis, a 

rigorous algorithm has been developed in OpenSees to ensure that time history analyses are not 

aborted due to immature numerical instability. Once a numerical instability is recorded at a given 

time history step, all possible alternative numerical solvers available in Opensees are first 

examined. If the analysis shows failure at a given time step, despite trying various solvers, the 

algorithm does not yet allow termination of the analysis. Rather, results of the failed step are 



 

 

217 

 

discarded, and the analysis continues to the next time step. The analysis is eventually terminated 

if several consecutive steps indicate structural failure. Results of cyclic response at controlling 

fibers indicate that, using this algorithm, analyses are terminated where the case study buildings 

are in the state of structural collapse.  

It is noted that the MCE hazard level in this thesis is defined based on the NZS1170.5 

definition of 2500-year return period event, which is 1.8 times the DBE hazard level. This 

represents a significantly high GM intensity with PGA of 0.96g. It should therefore be noted that 

the case study buildings in this paper are subjected to severely strong GMs. 

6.7 Effect of the maximum design inter-storey drift on seismic collapse 

probability 

To investigate the effects of design inter-storey drifts on the seismic collapse probability, 

cross section sizes of structural components for the base case study building are altered to ascertain 

different levels of design inter-storey drifts. Beam and column cross section dimensions are 

changed while the number and diameter of longitudinal reinforcing bars are retained unchanged. 

This strategy enables maintaining the strength of structural components between different case 

study buildings within a narrow range while varying the design inter-storey drifts. Capacity design 

requirements, such as beam to column capacity ratio, are not necessarily maintained when the 

section sizes are changed. Since varying section sizes of structural components creates new case 

study buildings with a different structural period, and consequently the structural period range 
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within which GMs are scaled to match with the target spectrum, a new suit of GMs needs to be 

selected for each building at each hazard level. 

Collapse analysis results for various case study buildings with varying Lsr and design inter-

storey drifts and building heights are shown in Table 6.3 and Table 6.4 for 500-year (DBE) and 

2500-year (MCE) return period hazard levels, respectively. In these tables, each row presents 

analysis results for a new case study building which is created by varying section sizes of structural 

components to achieve an intended design drift. An empty cell in the tables indicates that collapse 

analysis is not carried out for that specific case, since it is not providing any additional useful 

information on top of those provided by the other cases.  

Table 6.3: Collapse probability of different case study buildings with varying design drift and 

varying 𝐿𝑠𝑟 at 500 return period hazard levels 

      

500-Yr Return Period 

Design Basis Earthquakes (DBE) 

      Lsr = 5.0 Lsr = 7.5 Lsr = 10 

Build. 

ID 

Max. 

θ𝑑𝑒𝑠 

Max. 

θP 
P(C|DBE) P(C|DBE) P(C|DBE) 

10-Storey, 4-bay Case Study Buildings 

Base 

Model 
0.028 0.023 0.125 0.375 0.80 

2 0.024 0.020 0 0.075 0.4 

3 0.021 0.017 0 0.025 - 

4 0.016 0.013 0 - - 

5 0.0146 0.012 0 0 - 

6 0.010 0.009 0 0 0.225 

10-Storey, 6-bay Case Study Buildings 

7 0.026 0.022 0.1 - - 

8 0.023 0.020 0 0.075 - 
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Table 6.4: Collapse probability of case study buildings with varying design drift and varying 𝐿𝑠𝑟 

at 2500-year return period (MCE) hazard level 

  

 

    

2500-Yr Return Period 

Maximum Considered Earthquake (MCE) 

       Lsr = 5.0 Lsr = 7.5 Lsr = 10 

Build. 

ID 

T 

(Sec.) 

Max. 

θ𝑑𝑒𝑠 

Max. 

θP 
P(C|MCE) P(C|MCE) P(C|MCE) 

10-Storey, 4-bay Case Study Buildings 

Base 

Model 
1.76 0.028 0.023 0.675 0.90 0.975 

2 1.62 0.024 0.020 0.4 0.625 0.8 

3 1.47 0.021 0.017 0.35 0.525 0.8 

4 1.16 0.016 0.013 0.175 0.425 0.675 

5 1.12 0.0146 0.012 0.15 0.375 0.65 

6 0.83 0.010 0.009 0.1 0.275 0.625 

10-Storey, 6-bay Case Study Buildings 

7 1.75 0.026 0.022 0.55 0.95 1.0 

8 1.6 0.023 0.020 0.325 0.65 0.85 

12-Storey, 4-bay Case Study Buildings 

9 1.84 0.0265 0.022 0.525 - - 

10 1.35 0.0162 0.0135 0.30 0.60 - 

11 1.22 0.0141 0.0112 0.25 - - 

5-Storey, 3-bay Case Study Buildings 

12 0.85 0.016 0.013 0.15 0.275 0.55 

13 0.87 0.0178  0.014 0.20 0.325 0.625 

 

It is noted that by increasing the size of structural components, the estimated design storey 

drifts are reduced. This will lead to an increase in the strength of the components (despite retaining 

the reinforcement quantity). Nevertheless, larger stiffness of the entire building results in reduced 

structural period and consequently an increase in the design seismic force due to the shape of 

design response spectrum. Assessment of structural components in terms of the demand to capacity 

ratio indicates that the ratio does not vary widely between buildings with different design drifts. 
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For instance, the maximum seismic demand (calculated based on a linear analysis assuming 

ductility of 1.0) to capacity ratios for columns for the first 3 buildings (i.e., buildings 1, 2 and 3) 

are 5.75, 6.2 and 6.5, respectively. Hence, the variation in demand to capacity ratios is within 10%-

15%. This indicates that by increasing section sizes and retaining the reinforcement quantity, the 

demand to capacity ratio of structural components for the case study buildings does not change to 

a considerable extent. 

In Table 6.3 and Table 6.4, design inter-storey drifts (θdes) are calculated from a linear 

equivalent static analysis (ESA) at the DBE hazard level multiplied by factors kdm and μ as per 

NZS1170.5 provisions. As previously noted, kdm is a coefficient to account for adverse nonlinear 

effects in prediction of inter-storey drifts for buildings with varying heights.  

Design inter-storey drift comprises of two components: elastic deformations (θe) and plastic 

deformations (θp): 

θdes = θP,a + θe,a  (6.7) 

 

Nevertheless, collapse of buildings take place as a result of plastic deformations in structural 

components. Therefore, it is prudent to relate the maximum plastic drift of buildings to the collapse 

probability. Plastic drift for case study buildings can be approximately estimated using Equation 

(6.8): 

θP = θe(μ × kdm-1)  (6.8) 
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where θe is the maximum linear inter-storey drift calculated from an equivalent static 

analysis for a given ductility, μ. Equation (6.8) is based on equal displacement principal, arguably 

valid for moderate to long period structures. This introduces an assumption in the prediction of 

inelastic drifts for which the validity has been the subject of extensive scrutiny in the past. 

However, it should be noted that the objective herein is to compare collapse probability results 

between various case study buildings with varying inelastic drifts. Considering that the inelastic 

drifts are calculated using the same assumption for all case studies, conclusions can be drawn even 

if the drift estimations are not precisely accurate. 

As noted above, the base case study building (i.e., the first case study building) satisfies the 

seismic design requirements of the New Zealand standards, which allows inter-storey drifts up to 

2.5%. Inter-storey drifts for this building were calculated using the response spectrum analysis 

(RSA), and these drifts were below 2.5%; thereby satisfying the above criteria. Nevertheless, for 

some cases listed in Table 6.3 and 4, the design inter-storey drifts shown are slightly greater than 

2.5% as these were calculated using ESA. As the base shear of the building calculated from RSA 

was less than 80% of the base shear from ESA (the New Zealand code permits this but requires 

adjusting the design base shear to 80% of that given by ESA), it is natural that the drifts calculated 

by ESA are also greater than those from RSA. 

From Table 6.3, it is evident that for most of the case study buildings collapse probability at 

500-year return period (i.e. DBE) remains zero for Lsr = 5.0, except for when the design drift is 

larger than 2.5%. It is thus reasonable to put the emphasis on the collapse probability at 2500-year 

return period (i.e., MCE) hazard level as it provides a wide range of data to quantify the 
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interrelationship between design inter-storey drifts and collapse probability, particularly for well-

detailed structures. Therefore, collapse analysis at DBE level for some of the cases is not conducted 

as they do not provide any further useful information for the purpose of this research. 

Analysis results of case study buildings demonstrate that collapse probability depends 

directly to design inter-storey drifts. Collapse probabilities for buildings 1 and 2 indicate that 

collapse probability of buildings designed in accordance with the New Zealand standards 

(NZS1170.5) can become high (and probably unacceptable) despite applying strict capacity design 

requirements (even at Lsr = 5.0); if design is pushed to the maximum allowable inter-storey drift 

limit. To investigate the issue, the base building has been redesigned (i.e., building model 2) such 

that the maximum inter-storey drift calculated by the ESA method is below the 2.5% limit of the 

NZS1170.5. It is evident from the table that while the collapse probability of the building becomes 

significantly lower at the DBE level (500-year return period), collapse probability is still relatively 

high at the MCE (2500-year return period) hazard level.  

Case study buildings 3 to 6 have been designed by gradually reducing the design inter-storey 

drifts. As expected, analysis results for these buildings demonstrate that designing stiffer buildings 

(which drift less) result in considerably lower collapse probability compared to flexible buildings. 

Findings from these building models suggest a consistent reduction of collapse probability can be 

achieved by reducing the maximum design inter-storey drift. To further investigate this outcome, 

building model 7 has been designed in accordance with NZS1170.5 but with a different layout 

compared to the base building. This building has 6-bays, compared to 4-bays in the previous case 

study buildings, which results in different design cross sections compared to the base model. 
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Collapse analysis of this building further confirms that buildings designed to precisely achieve 

maximum allowable drift limits of NZS1170.5 may lead to high collapse probability. Compared 

to the base case study building, collapse probability for building 7 is slightly smaller; and this is 

understandable because the design inter-storey drift used for this building is slightly less than that 

used for the base building. Similarly, building 8 has been designed as an alternative to building 7, 

with a reduced design inter-storey drift such that the ESA predicted drift is less than 2.5%. Results 

for this building further confirm the positive effect of maximum design drift reduction, despite the 

fact that the reinforcing contents for beams and columns are still retained. 

To investigate the issue for buildings with different heights, collapse assessment analyses 

have also been carried out for 12-storey and 5-storey buildings with varying levels of design inter-

storey drifts. It is intuitive that by reducing the height of buildings adverse effects of nonlinear 

behaviour are also declined. In this study, these effects have been approximately accounted for by 

making use of the kdm factor in the calculation of the design inter-storey drift as per NZS1170.5. 

It is noted that any similar modification factor may be used instead of kdm to account for the effect 

of building height in the inelastic response.  

In line with previous results, collapse assessment of the 5-storey case study buildings, i.e. 

buildings 12 and 13, demonstrate that by reducing maximum design inter-storey drifts, collapse 

probability will significantly reduce. Considering that changes in the building height has been 

considered in the estimation of maximum design inter-storey drifts, it is expected that collapse 

probability of buildings with similar predicted θp (calculated from a linear ESA) are approximately 

similar. This can be observed by comparing the collapse probability of buildings 4 and 12, i.e. 



 

 

224 

 

17.5% and 15% respectively. These two buildings have close estimated design θp even though 

their building height and member cross sections are different. However, by comparing the results 

of buildings 4 and 10, it is evident that this trend is not precisely followed for the 12-storey 

buildings. This is attributed to the fact that a maximum value of kdm = 1.5 is assigned for 

buildings higher than 30m in NZS1170.5. Nevertheless, results of the collapse analyses for the 12-

storey buildings indicate that the adverse nonlinear effects exacerbate continually as the building 

height increases beyond 30m. However, further research is needed to be able to draw a firm 

conclusion on this matter. 

To illustrate relative independency of the collapse probability results to the building layout 

and height, particularly for low to medium-rise buildings, variation of the collapse probability of 

all case study buildings with respect to the design plastic drift θp is illustrated in Figure 6.8. It can 

be seen in the figure that collapse probability of the different case study buildings (irrespective of 

the height or layout) has typically increased by increasing the design θp. Nevertheless, 

notwithstanding this overall trend collapse probabilities of odd buildings with similar design θp 

can be different. Particularly, as the building height increases, the effect of design θp becomes 

more prominent. These results suggest that the design plastic deformation of structural components 

is an important metric in controlling/limiting the likelihood of collapse of RC frame buildings.  

6.8 Effect of anti-buckling detailing of reinforcing bars on the seismic 

collapse probability 
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Collapse analysis results in Table 6.3 and Table 6.4 also provide an image of the effect of 

anti-buckling detailing of the potential plastic hinge regions of structural components on seismic 

collapse probability. It is evident from these tables that typically buildings designed with Lsr >

5.0 are having notably higher collapse probabilities compared to buildings designed with Lsr =

5.0, particularly at MCE (i.e. 2500-year return period) hazard level. This increase in collapse 

probability is more significant for 10-storey 6-bay buildings and less significant for 5-storey 

buildings analysed in this study.  

 

Figure 6.8: Variation of the collapse probability at MCE level with respect to the estimated θP 

for all the case study buildings 

Moreover, results plotted in Figure 6.8 suggest that the relative increase in collapse 

probability of buildings with Lsr > 5.0 in comparison to buildings with Lsr = 5.0 does not vary 

significantly with changes in 𝜃𝑝. To better illustrate this trend, the magnitude of increase in the 

0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0.8

0.9

1

0.005 0.010 0.015 0.020 0.025

P
(C

|M
C

E
)

Max. Plastic Inter-Stoery Drift, θp



 

 

226 

 

collapse probability for 10-storey, 4-bay case study buildings with Lsr > 5.0,  in comparison to the 

collapse probability at Lsr = 5.0 are plotted at different levels of the plastic design drift in Figure 

6.9. As can be seen in the figure, generally collapse probability at MCE for the 10-storey 4-bay 

buildings with Lsr = 7.5 and Lsr = 10 is increased by an additional 20% and 45% in comparison 

to that with Lsr = 5.0, respectively. For Lsr = 10, the increase in collapse probability is seen to 

be larger at lower values of 𝜃𝑝. However, at this level of poor anti-buckling detailing the collapse 

probabilities at larger 𝜃𝑝 are already close to 100%; leaving little room to increase further. 

 

Figure 6.9: Magnitude of collapse probability increase for 10-sorey, 4-bay case study buildings 

by increasing Lsr compared to Lsr = 5.0 at varying design inter-storey plastic drifts 

Analysis results in Table 6.3 also demonstrate that reduction of design inter-storey drifts 

does not necessarily undermine the importance of anti-buckling detailing of structural components, 

if buildings are designed to respond within highly nonlinear range at the MCE level. This is 

specifically evident from results of building 6 which is designed for a very low design inter-storey 
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drift. Collapse probability of this building at MCE is increased by 2.5 folds when the beams and 

columns are detailed for Lsr = 7.5. For this building, collapse probability with Lsr = 10 is 0.625 

which is presumably unacceptable for design purposes. Therefore, it is fair to suggest that to 

achieve acceptably lower collapse probability at MCE, ensuring appropriate anti-buckling 

detailing of structural components to satisfy Lsr = 5.0 is paramount.  

6.9 Simplified estimation of seismic collapse probability of RC frame 

buildings detailed for anti-buckling (Lsr=5.0)  

This section aims to develop an enhanced rapid procedure to predict collapse probability of 

RC frame buildings to be used by practicing engineers to predict seismic collapse probability of 

buildings. Collapse probability of buildings explicitly designed to achieve life safety as per 

requirements of current codes is typically low at 500-year return period (DBE) events. This is due 

to the fact that buildings are explicitly designed to resist DBE level of hazard within the design 

ductility (so collapse is unlikely for engineering designed structures). Hence, collapse probability 

at MCE (i.e 2500 return period) hazard level, denoted as P(C|MCE), is considered to be a more 

meaningful tool to measure the building performance. Furthermore, once the P(C|MCE) is 

restricted to an allowable level, the P(C|DBE) will naturally be very small (if not zero). Thus, there 

will be no need to explicitly check the collapse probability at DBE. Results of case study buildings 

in previous sections demonstrated that collapse probability of RC frame buildings is directly 

related to Lsr and design inter-storey drifts. They also illustrated that, in general, if RC members 

are designed such that Lsr is higher than 5.0, the resulting collapse probability is generally high, 
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even though the effect of confinement and anti-buckling detailing becomes less important for 

buildings with lower design inter-storey drifts. Therefore, for seismic design of new buildings, it 

is reasonable to suggest design of ductile RC frames to satisfy Lsr = 5.0 for seismic resisting 

structural components within the plastic hinge regions.  

Provided that confinement and anti-buckling detailing of structural components conform to 

the requirements of the Lsr = 5.0, based on the results of the case study buildings, Equation (6.9)  

is proposed for prediction of collapse probability of RC moment resisting frames; 

P(C|MCE|Lsr = 5.0) = 0.034[e(125×θP)-1]  (6.9) 

 

where θP is the maximum plastic hinge rotation at the DBE which is computed via an 

equivalent static analysis and utilising Equation (6.8), which has been used as the basis for the 

development of the above equation. Equation (6.9) enables approximate prediction of seismic 

collapse probability of RC frame buildings at MCE without having to conduct a rigorous nonlinear 

analysis. A simple linear static analysis at DBE will be enough to estimate the elastic drifts (θe), 

which is in line with the current design procedure in seismic codes. 

Equation (6.9) is as the result of thousands of nonlinear RHA undertaken in this thesis. It has 

been specifically generated by fitting collapse probability data points for the 10-storey case study 

buildings against the design plastic inter-storey drifts to an equation. Therefore, although the use 

of Equation (6.7) introduces an approximation in the calculation of θp, it is consistent with the 

way that this equation has been developed.  
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It is expected that buildings with lower height will have less adverse nonlinear effects in 

terms of displacements. It is also expected that buildings with lower height will have lower collapse 

probability at the same level of design inter-storey drifts compared to taller buildings. The effects 

of building height on the collapse probability given by Equation (6.9) is considered by including 

kdm in the calculation of θP [see Equation (6.8)]. Based on the results of Table 6.4, accuracy of 

Equation (6.9) reduces for buildings taller than 30m, unless a more accurate factor for the effect 

of building height is utilised. 

To investigate the accuracy and versatility of the proposed equation, in Figure 6.10 collapse 

probabilities obtained from nonlinear response history analysis (NRHA) are plotted against those 

predicted by the proposed equation for various levels of design plastic storey-drifts and for 

buildings with varying heights and configuration. Moreover, Figure 6.11 illustrates a comparison 

between the predicted (i.e., from NRHA) and calculated (equation) collapse probabilities for each 

of the analysed case study buildings. As can be seen in these figures, there is a close agreement 

between the values of the proposed equation and collapse probabilities obtained by NRHA. For 

majority of buildings, predictions of the equation fall below NRHA results. For instance, for 

buildings 9 and 10 collapse probability from NRHA is 15% and 20% respectively, in comparison 

to 12% and 17% predicted by the equation which is considered within acceptable range. Moreover, 

it should be noted that previous research in chapter 6 (Koopaee et al. 2017) has shown that when 

GMs are selected based on a uniform hazard spectrum as the target spectrum, structural response 

predictions can be up to 40% conservative. Therefore, it is expected that predictions of the equation 

will still provide reasonable estimations of collapse probability for engineering purposes, 
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particularly for low to medium-rise buildings.  

 

Figure 6.10: Comparison of predicted collapse probability of case study buildings with Lsr =

5.0 at MCE level using the proposed equation and NRHA 

 

Equation (6.9) implies that when plastic deformations are converted to design inter-storey 

drifts buildings designed with maximum inter-storey drifts higher than 0.033 (𝜃𝑃 ≅ 0.0255) at the 

DBE level will result in 100% collapse probability. This may induce an error if this equation is 

used for buildings with design drifts higher than 0.033. It is however noted that this will probably 

have no consequences in design as P(C|MCE) will typically be restricted to much lower values for 

design purposes. Thereby, precise estimation of collapse probability at high levels of probabilities 

is not deemed to be of interest.  
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Figure 6.11: Comparison of collapse probability of case study buildings obtained by NLRHA 

and the proposed equation for Lsr =5.0 

 

Furthermore, results of analysis on case study buildings demonstrate that inter-storey drifts 

obtained from NLRHA are generally lower than 3% for GMs that do not result in collapse of 

buildings. This implies that for buildings with Lsr = 5.0 inter-storey drifts must be typically higher 

than 3% to be able to cause building collapse. To better illustrate this observation, as an example, 

maximum inter-storey drift profiles for the case study building 7 with Lsr = 5.0  in two forms (by 

including and excluding the GMs that result in building collapse) are plotted in Figure 6.12. In this 

figure, broken blue lines represent inter-storey drift profiles for individual GMs. The graph on the 

left depicts only GMs which do not result in structural collapse, while on the right maximum inter-

storey drift profiles for all GMs are plotted. For GMs that result in structural collapse, inter-storey 

drifts are recorded at one step before the structural collapse. As can be seen in the figure, when the 

building collapse is considered, maximum inter-storey drifts which the building can withstand has 

been significantly reduced.  
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Figure 6.12: Inter-storey drift profiles for building 7 with Lsr = 5.0 at MCE considering only 

the no collapse GMs (left) and both collapse and no collapse GMs (right) – solid red lines 

indicate the median, median plus and median minus standard deviation drift profiles 

6.10 Simplified prediction of seismic collapse probability for buildings 

with Lsr ≥ 5.0 (generic equation) 

NRHA results in Table 6.3 Table 6.4 also provide data on collapse probability of buildings 

without anti-buckling detailing complying with the requirements of Lsr within the plastic hinge 

regions of lateral resisting structural components. From the results of case study buildings in 

previous sections, it is evident that increasing the Lsr leads to a significant surge in the seismic 

collapse probability of RC frame buildings. Moreover, analysis results illustrate that an increase 

in the seismic collapse probability may still take place at lower levels of design inter-storey drifts 

and does not necessarily vary with the changes in 𝜃𝑃 (see Figure 6.9). Based on these observations, 

Equation (6.10) is proposed for the estimation of seismic collapse probability of RC moment 
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resisting frames; 

P(C|MCE) = 0.034[e(125×θP)-1] + 0.08 × (𝐿𝑠𝑟 − 5)  (6.10) 

 

This equation is limited to minimum of zero and maximum of 1.0 as collapse probability 

cannot be outside this range. As can be seen in the equation, in comparison to Equation (6.9), an 

additional term is included at the end which escalates the collapse probability for buildings with 

Lsr > 5.0. For instance, Equation (6.10) results in 20% increase in the collapse probability for 

buildings with Lsr = 7.5 and 40% increase in the collapse probability for buildings with Lsr = 10.  

Figure 6.13 illustrates collapse probability of RC buildings at MCE level of hazard intensity 

predicted by Equation (6.10) for three values of Lsr used in the case study buildings in this chapter. 

Included in the figure are also the collapse probability of all case study buildings obtained from 

the NRHA reported earlier. As can be seen in the figure, accuracy of Equation (6.10) drops as the 

Lsr is increased. This is due to the fact that the proposed equations herein are developed based on 

the results of buildings with the Lsr = 5.0, and then extended to cover other levels of the Lsr. 

However, it should be noted that, as evident in the figure, error in the prediction of collapse 

probability becomes larger only where the collapse probability is already unacceptably high and 

thus not of interest for engineering purposes.  
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Figure 6.13: Comparison of predicted collapse probability of case study buildings with varying 

Lsr at MCE level using the proposed equation and NRHA 

 

It is also noted that Equation (6.10) provides collapse probabilities higher than 0% for 

buildings with a zero 𝜃𝑃. This is justified as the 𝜃𝑃 in Equation (6.10) is not in fact representing 

the design plastic inter-storey drift, rather, it is a prediction of the maximum plastic deformation 

via a linear ESA. Note that 𝜃𝑃 is calculated by Equation (6.8) which results in a non-zero and 

positive value of 𝜃𝑃 even for buildings designed with ductility of 1. Furthermore, it should be 

noted that 𝜃𝑃 in Equation (6.10) is estimated at the DBE hazard level, whereas the outcome of the 

equation provides collapse probability at the MCE hazard level. It is therefore expected that even 

buildings designed with low inter-storey drifts (such as the building 6 in this chapter) will still 

undergo some level of inelastic behaviour at MCE, and thus confinement and anti-buckling 

detailing of structural components will contribute to an improved collapse safety of such buildings.  
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6.11 Verification of the proposed simplified equations for the case study 

of NZ Red Book building 

The ten-storey New Zealand Red Book building (Bull and Brunsdon 1998) acts as a design 

example of the New Zealand concrete standard (NZS3101 2006). The design document has been 

revised multiple times to incorporate various amendments to NZS3101 (e.g., 2008, 2010, and most 

recently February 2019 to incorporate amendment 3 of the NZS3101). Plan and a typical elevation 

view of the building is depicted in Figure 6.14.  

  

Figure 6.14: Plan and a typical exterior elevation view of the NZ Red Book Building (Bull and 

Brundsdon 1998) 
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The building is assumed to be an office building located within the Central Business District 

(CBD) of Christchurch in New Zealand. The primary lateral load carrying system of the building 

consists of four one-way perimeter moment resisting frames which are three bays long. Vertical 

loads are transferred primarily through interior columns with gravity beams supporting one-way 

floor units. The building has been designed using a ductility of 4.0. 

Typical cross section detailing for beams and columns of the building is illustrated in Figure 

6.15. Cross section detailing for beams and columns comply with the requirements of NZS3101 

(2006) for spacing of lateral ties, confinement of core concrete, and shear failure avoidance in 

structural components. However, if buckling mode of lateral ties is computed based on the 

procedure proposed in Dhakal and Su (2018), the unsupported length of longitudinal bars becomes 

twice the spacing between lateral ties (i.e., buckling mode is 2) which leads to large values of 𝐿𝑠𝑟. 

 

Typical cross section detailing 

of beams 

 

Cross section detailing of 

columns for levels above ground 

floor  

 

Cross section detailing of 

columns for Ground Floor 

Figure 6.15: Typical cross section detailing for beams and columns of the NZ Red Book 

Building (Bull and Brundsdon 1998) 

 

Seismic collapse safety of the NZ Red Book Building has been extensively assessed in this 
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thesis. Seismic collapse fragility of the building via an incremental dynamic analysis (IDA) has 

been developed in chapter 4. Moreover, through a series of multiple stripe analysis (MSA), seismic 

collapse fragility of the building has been developed using various ground motion selection 

methods in chapter 5. Collapse probability of the building at MCE using MSA with different 

ground motion selection methods from collapse assessments in the previous chapter is shown in 

Table 6.5. It is noted that, collapse probability estimates in this table are assuming that detailing 

of structural components (regardless of the detailing in the design document) meet the lateral ties 

to longitudinal bars stiffness ratio requirements, such that the buckling length of longitudinal bars 

become equal to the spacing between lateral ties. 

Table 6.5: Collapse probability at MCE for ten-storey Red Book building via multiple stripe 

analysis using different ground motion methods (Max. 𝐿𝑠𝑟 = 6.0)   

GM selection 

method 

Median 

𝑆𝑎(𝑇1 =

1.5𝑠) 

Record-to-

record 

randomness, 

𝜎𝑅 

𝑃 (𝐶|𝑆𝑎2% 50⁄
= 0.35𝑔) 

Neglecting modelling 

uncertainty 

Total 

uncertai

nty 

𝑃 (𝐶|𝑆𝑎2% 50⁄
= 0.35𝑔) 

Considering modelling 

uncertainty 

UHS (via 

PSHA) 

0.60g 0.46 12% 0.68 21% 

UHS (via 

NZS1170) 

0.57g 0.38 11% 0.60 23% 

CMS 0.85g 0.41 2% 0.65 9% 

GCIM 0.81g 0.58 8% 0.77 14% 

 

At this section, seismic collapse probability of the building using Equation (6.10) is 
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calculated to compare with the results of nonlinear analyses. To this purpose, design displacements 

and inter-storey drifts of the building at DBE, adopted from Bull and Brundsdon (1998), are shown 

in Table 6.6. As can be seen in the table, the maximum inter-storey deflection of the building 

(excluding 𝑃 − ∆) from a linear analysis multiplied by the ductility factor amounts to 21.2mm, 

which is happening between levels 2 and 3. Thus, the maximum elastic inter-storey drift 

determined at DBE from a linear analysis [to use in Equation (6.8)] amounts to 𝜃𝑒 = ((57.2 −

36)/4)/3600 = 0.0015 𝑟𝑎𝑑𝑖𝑎𝑛𝑠. Hence, the maximum plastic deflection (𝜃𝑝) can be estimated 

as; 𝜃𝑝 = 𝜃𝑒(𝜇 × 𝑘𝑑𝑚 − 1) = 0.0015 × (4 × 1.5 − 1) = 0.0074 𝑟𝑎𝑑𝑖𝑎𝑛𝑠. Knowing the maximum 

plastic hinge deflection from a linear analysis, collapse probability of the building is estimated as 

follows: 

P(C|MCE|Lsr = 5.0) = 0.034[e(125×θP)-1] + 0.08 × (𝐿𝑠𝑟 − 5) = 13%  

In comparison to predictions of nonlinear RHA, seismic collapse probability prediction of 

Equation (6.10) is conservative if modelling uncertainties are neglected and is un-conservative if 

modelling uncertainties are considered. It is seen that collapse probability prediction of the 

proposed equation is closer to results of nonlinear RHA when ground motions are selected using 

a uniform hazard spectrum (UHS). These outcomes were expected as Equation (6.10) has been 

developed based on the results of nonlinear RHA for ground motions selected based on a UHS and 

neglecting modelling uncertainties. Nevertheless, predictions of the equation are deemed to be 

within the acceptable range for engineering purposes in comparison to results of the rigorous 

approach which requires extensive number of nonlinear analyses with advanced structural 

modelling techniques. It is also noted that the accuracy of the proposed equations is expected to 
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improve for buildings designed with 𝐿𝑠𝑟 = 5.0, since the equations are originally developed on the 

basis of the results for this condition and were then extended for buildings with higher 𝐿𝑠𝑟. 

 

Table 6.6: Inter-storey deflection at DBE for Red Book Building (Bull and Brunsdon 1988)  

 

6.12 Design of RC frame buildings based on a target collapse probability  

6.12.1  Proposed design algorithm 

By adopting an acceptable/target collapse probability at the MCE and re-arranging Equation 
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(6.9), a maximum allowable plastic hinge rotation for structural components can be calculated 

using Equation (6.11): 

θP,a =
ln [

P(C|MCE|Lsr)
T

0.034
+ 1]

125
⁄

 (6.12) 

where θP,a is the maximum allowable plastic hinge deformation at DBE and P(C|IM|Lsr)T is the 

target collapse probability at MCE hazard level given Lsr = 5.0.  

As an alternative to Equation (6.12), and by re-arranging Equation (6.10), the following 

equation can be adopted to compute the allowable plastic hinge rotation of structural components, 

where buildings are designed to achieve Lsr> 5.0: 

θP,a =
ln [

P(C|MCE|Lsr)
T

-0.08(Lsr-5)

0.034
+ 1]

125
⁄

  (6.13) 

where, P(C|MCE)T is the target collapse probability at MCE regardless of the adopted Lsr in the 

design of structural components. This equation is penalising the allowable plastic hinge rotation 

by reducing the target collapse probability for buildings designed with Lsr> 5.0. It is noted that 

using this equation will probably lead to conservative results due to the fact that Equation (6.10) 

provides conservative estimate of collapse probability particularly for buildings with Lsr > 6.0.  

Once θP,a is calculated for a given allowable collapse probability at MCE, the maximum allowable 

design inter-storey drift, θdes, and consequently the maximum allowable elastic inter-storey drift, 

θe,a at DBE, can be determined using Equation (6.14): 
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θe,a =
θP,a

μ.kdm-1
 

(6.15) 

 

where 𝜃𝑒,𝑎 is the allowable elastic inter-storey drift from an equivalent static analysis at DBE.  

Using above equations, a simplified seismic design procedure to limit collapse probability 

of RC frame buildings can be developed. An overview of such design procedure is illustrated in 

Figure 6.16. The proposed design methodology is based on conducting a linear ESA with a selected 

ductility at DBE. Beam and column sizes and reinforcing are determined for the actions obtained 

from the elastic analysis to satisfy capacity to demand ratio less than 1.0. There is no need to 

explicitly verify capacity design requirements, nor is a need for dynamic modification factor or 

other measures to increase seismic design demands. Knowing the preliminary member sizes and 

reinforcement contents, the maximum allowable inter-storey drift (between all floor levels) is 

calculated by utilising Equations (6.12) and (6.13). Determination of target collapse probability 

depends on several parameters such as building importance, definition of hazard levels (i.e., 

definition of MCE), and acceptable level of risk between decision makers and stakeholders. For 

instance, ASCE7-16 (2017) stipulates 10% as the acceptable seismic collapse probability for 

ordinary buildings at the MCE shaking. However, it is noted that the MCE level of shaking defined 

in ASCE 7-16 is 1.5 times the DBE, which is potentially lower than the MCE level used in this 

thesis in accordance with NZS1170.5 (2004) definition for 2500-year return period event defined 

as 1.8 times of the DBE hazard level. 
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Figure 6.16: Overview of the proposed approach to design RC frame buildings based on seismic 

collapse safety 
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Following the calculation of the maximum allowable inter-storey drift, cross section sizes 

for beams and columns are amended (while retaining the reinforcement quantity) to achieve the 

allowable elastic inter-storey drift. At the end of the design, it must be ensured that all critical 

regions of structural components are detailed to avoid shear failure in structural components which 

has been the underlying assumption of the whole procedure. 

As an example, if 20% probability of collapse at the MCE (defined based on NZS1170.5 for 

2500-year return period event, i.e., 1.8×DBE) is assumed as the target collapse probability, either 

of the case study buildings 4, 5 and 6 can be considered to have been designed based on the 

proposed design procedure. In fact, case study buildings 4 and 12, as representatives of medium 

and low-rise buildings, have been specifically designed using the proposed design approach to 

achieve 15% collapse probability. NRHA for these buildings resulted in 17.5% and 15% collapse 

probability, respectively. It is seen that despite varying building height and configuration, Equation 

(6.9) has resulted in collapse probabilities close to the NRHA predictions. 

Compared to current design procedures, design of buildings 4 and 12 using the proposed 

approach could be completed in a shorter time and with less computational effort. Moreover, 

buildings are designed to perform within a predefined level of collapse risk that is more directly 

related to life safety, rather than relying on prescriptive provisions leading to unknown 

performance in terms of likelihood of collapse. Presumably, it can also be shown that buildings 

designed using this approach can satisfy a target building loss without needing to carry out a 

comprehensive building loss estimation. However, this has not been investigated in this thesis and 

will remain the subject of future research. 
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Another example of design using the proposed procedure could be the NZ Red Book building 

which was assessed in the previous section. Once again if 20% is adopted for the allowable 

collapse probability at MCE, assuming that detailing of the plastic hinge regions of structural 

components conforms to the 𝐿𝑠𝑟 = 6.0, the maximum allowable plastic hinge rotation can be 

calculated from Equation (6.16). Consequently, the maximum allowable elastic inter-storey drift 

for the ten-storey building (𝑘𝑑𝑚 = 1.5) designed with 𝜇 = 4 becomes: 

θe,a =
θP,a

μ.kdm−1
= 0.0024 𝑟𝑎𝑑𝑖𝑎𝑛𝑠  

which is larger than the maximum design inter-storey of the building at 0.0015, and thus 

design is deemed to be acceptable. However, it should be noted that above calculations assume 

that detailing of structural components comply with the requirements of 𝐿𝑠𝑟 = 6.0, meaning that 

the buckling length of longitudinal reinforcing cannot be greater than 6 times of the diameter of 

longitudinal bars. As can be seen from Equation (6.13) if 20% is selected for the allowable collapse 

probability, the maximum 𝐿𝑠𝑟 that can be adopted for the detailing of structural components 

becomes 7.5 in order to achieve a positive value for [P(C|MCE)T − 0.08(Lsr − 5)]. This is in line with 

the results of collapse assessments in this chapter which generally suggest that buildings with 𝐿𝑠𝑟 > 5.0 

will have relatively high collapse probabilities. In the next section recommendations for design and 

detailing of the potential plastic hinge regions of structural components are provided to assist with the 

design of RC structures to achieve low collapse probability at MCE. 
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6.12.2  Recommendations for design and detailing of RC frame buildings to achieve 

acceptable collapse probability 

NLRHA results of case study buildings in the thesis demonstrate that collapse probability of 

RC buildings at MCE, designed in accordance with the New Zealand standards (NZS1170.5), may 

still become high (and probably unacceptable) despite applying strict capacity design requirements 

(even at Lsr = 5.0); in the vent that design is pushed to the maximum allowable inter-storey drift 

limit. It has been demonstrated that whilst at high design inter-storey drifts collapse probability 

remains low at DBE (500-year return period), it becomes relatively high at MCE (2500-year return 

period) hazard level. Therefore, in order to achieve an acceptable level of collapse probability to 

satisfy the algorithm in Figure 6.16 without several rounds of iterations, it is recommended to 

design RC frame buildings with inter-sorey drifts lower than 1.5% at the DBE level.  

Moreover, findings from collapse analyses of case study buildings in this chapter suggest 

that, to achieve low collapse probability in RC frame buildings, it is prudent to detail structural 

components within the potential plastic hinge regions such that the buckling length of longitudinal 

bars is not more than 5 times the bar diameter (i.e., Lsr=5.0). Nevertheless, an acceptable range of 

seismic collapse probability is also expected for buildings which are designed with Lsr = 6.0 (i.e. 

𝑠
𝑑𝑏

⁄ ≤ 6 as suggested by current modern seismic codes such as NZS3101 2006 and ACI318 2018). 

This is evident from seismic collapse assessment results for the NZ Red Book building as well as 

collapse assessments carried out by Haselton et al. (2011). Anti-buckling detailing of plastic hinge 

regions of beams and columns to satisfy Lsr= 5.0 is specifically recommended herein since case 
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study buildings in this chapter have been assessed with this value, which has also been used as a 

basis for the development of Equation (6.9). 

 

Figure 6.17: Flow chart for design of lateral ties for buckling resistance (Dhakal and Su 2018) 
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Numerical and experimental investigations by Dhakal and Su (2018) and several preceding 

research works (e.g. Dhakal and Maekawa 2002a, 2002b) have illustrated that to avoid premature 

buckling failure of reinforcing bars in ductile frames, (i.e. to achieve an Lsr in order of 5 or 6), the 

stiffness of lateral ties, in comparision to the stiffness of longitudinal bars, shall be considered. 

Stiffness of longitudinal bars in comparision to the stiffness of lateral ties will increse when vertical 

spacing between latral ties is reduced. Thereby, despite recommendations of current codes which 

are merely focused on lower spacing of lateral ties to avoid shear failure and confinement of core 

concrete, reducing the vertical spacing bteween lateral ties may lead to unfavorable buckling 

modes, and thus higher values of Lsr. On the other hand, by increasing the spacing between lateral 

ties, the ratio of spacing of ties to the diameter if longitudinal bars (i.e. 𝑠 𝑑𝑏
⁄ )  will increase, even 

though buickling mode of 1 (as per Table 6.2) can be obtained.  

Therefore, in order to fulfill a balnce between the ratio of lateral ties spacing to diameter of 

longitudinal bars, while achieving an stable buckling mode (i.e. buckling mode 1), Dhakal and Su 

(2008) have proposed using the algorithm shown in Figure 6.17. As demontrated through extensive 

number of case study buildings in the thesis, the algorithm in Figure 6.16, combined with the 

procedure illustrated in Figure 6.17 for design of lateral ties, offers a simple, yet reliable procedure 

for performance-based seismic design of RC moment resisting frame buildings in high seismic 

regions. 

6.13 Sidesway and vertical modes of collapse in case study buildings 

As noted in previous sections, generally collapse of buildings have been attributed to vertical 
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and sidesway modes of structural failure in the literature. The structural model used in this thesis 

has enabled prediction of both modes of structural collapse. Majority of research in the literature 

have been focused on the simulation of sidesway mode of collapse by utilising lumped plasticity 

models. Sidesway mode of collapse is expected to be the predominant mode of failure for ductile 

frames for which confinement of core concrete and anti-buckling detailing of longitudinal bars 

delays the loss of vertical-load-carrying capacity of columns until the failure of the structure takes 

place due to excessive 𝑃 − ∆ effects arising from large inter-storey drifts. However, the vertical 

mode of collapse may still take place in buildings that are detailed for confinement of core concrete 

and anti-buckling of reinforcing bars. 

In this study, collapse refers to either vertical or sidesway modes of structural failure. The 

exact number of buildings that collapsed in either mode of failure was not counted during the 

analyses. However, by looking at the inter-storey drift predictions of NL-RHA of case study 

buildings, it can be seen that, by increasing the 𝐿𝑠𝑟, the likelihood of vertical collapse increases 

significantly. As an example, Figure 6.18 illustrates inter-storey drift predictions of the case study 

7 from NL-RHA at MCE with the 𝐿𝑠𝑟 = 5.0. Depicted in the figure are inter-storey drifts for GMs 

that have not resulted in structural collapse (the left figure) and the inter-storey drift predictions 

for all GMs including collapse and none collapse records (the right figure). For GMs that have 

resulted in structural collapse, inter-storey drifts are recoded at one step prior to the failure. As can 

be seen in the figure, inter-storey drifts for GMs that have caused collapse are as high as 9.5% for 

this building. For this example, majority of GMs that have caused structural collapse are showing 

inter-storey drifts over 6%, and almost in all analyses inter-storey drifts have reached to over 3.5%. 
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This observation indicates that confinement and anti-buckling detailing of structural components 

have led in large plastic hinge rotation of structural components resulting in sidesway mode of 

collapse. It is noted that this building is a flexible building with design inter-storey drifts over 2.5% 

at DBE.  

  

Figure 6.18: Inter-storey drift predictions from NL-RHA of case study 7 at MCE with 𝐿𝑠𝑟 =

5.0. - no collapse ground motions (left), collapsed and no collapse ground motions (right) 

 

Figure 6.19 depicts height-wise variation of inter-storey drifts for the case study building 6. 

In contrary to the flexible case study building 7, this building is a very stiff building with large 

beams and column cross sections, while the reinforcing content has still been kept same as the 

“base building”. Design inter-storey drift for this building (which is the maximum inter-storey drift 

at DBE from an ESA multiplied by the design ductility and 1.5 for 𝑘𝑑𝑚) is only 1%. Considering 

the low inter-storey drifts of the building as well as the small reinforcing content of cross sections, 

the sidesway mode of collapse is less likely to happen and the predominant mode of failure is 

shifted towards vertical failure of columns. This can be implied by looking at Figure 6.19a which 
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illustrates inter-storey drift predictions of the building 6 at MCE with structural components 

complying to the 𝐿𝑠𝑟 = 5.0, where inter-storey drift predictions are predominantly below 2%. 

Collapse probability of this building at MCE is 10% which is in fact really low considering the 

location of the building in one of the highest seismic regions in NZ subjected to GM excitations 

scaled to 1.8 × NZS1170.5 design spectrum at DBE. Figure 6.19b illustrates the inter-storey drifts 

at MCE for the same building with 𝐿𝑠𝑟 = 7.5. Collapse probability for this building has surged to 

27.5%. From this figure it can be seen that GMs that were typically pushing the building to over 

(or adjacent) to 2% drifts have caused structural failure. This indicates that by increasing 𝐿𝑠𝑟, the 

probability of vertical collapse has increased despite the very small design inter-storey. Majority 

of structural failures for this building is expected to be the vertical mode of collapse due to 

excessive compression demand on reinforcing bars which triggers rapid failure of columns by 

small increase in the 𝐿𝑠𝑟 . 

From the above discussion, it is evident that generally for well detailed buildings the 

sidesway mode of collapse is predominantly expected to happen prior to the vertical mode of 

failure. However, as shown for the case study buildings in this chapter with really low design inter-

storey drifts, the vertical mode of collapse becomes more likely as the building becomes stiffer. 

For very stiff buildings the vertical mode of collapse may still be the predominant mode of failure 

despite proper detailing of structural components to avoid non-ductile failure modes of structural 

components. Nevertheless, for such buildings, the probably of structural failure is still low as the 

failure of the building is pushed to very high levels of hazard intensities. 



 

 

251 

 

  

Figure 6.19: Inter-storey drifts from NL-RHA for building 6 at MCE with 𝐿𝑠𝑟 = 5.0. (left) and 

𝐿𝑠𝑟 = 7.5. (right) 

6.14 Conclusions 

In this chapter, effects of design inter-storey drifts and anti-buckling detailing of structural 

components on the seismic collapse probability of RC moment resisting frame buildings was 

investigated. In this regard, seismic collapse probability assessments were carried out for an 

extensive range of case study buildings with varying heights and number of bays, at DBE and 

MCE levels of seismic hazard.  

To account for anti-buckling detailing of structural components, a parameter defined as the 

ratio of buckling length to diameter of the longitudinal bars (𝐿𝑠𝑟) was adopted. To determine the 

buckling length of longitudinal bars, a procedure proposed by Dhakal and Maekawa (2002a, 

2002b) for estimation of the unsupported length of longitudinal bars was used, which depends on 

the relative stiffness between longitudinal and transverse reinforcing bars. The procedure has been 
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extensively verified by experimental and numerical studies. Case study buildings were analysed 

for 𝐿𝑠𝑟 = 5.0, 7.5, and 10.  

To investigate the effect of design inter-storey drifts, at a given 𝐿𝑠𝑟, cross section sizes of 

case study buildings (while retaining the reinforcement content) were altered to achieve varying 

design inter-storey drifts. Analysis results of case study buildings demonstrated that seismic 

collapse probability of ductile RC frame buildings is directly related to maximum design inter-

storey drifts and anti-buckling detailing of plastic hinge regions of structural components. 

Numerical results of the case study buildings with varying 𝐿𝑠𝑟 and design inter-storey drifts 

indicated that: (i) collapse probability of buildings plummets exponentially as inter-storey drifts 

are reduced, (ii) collapse probability of RC frame buildings designed based on the NZ standards 

may become high in the event that design inter-storey drifts are pushed to the highest allowable 

limit (i.e. 2.5%), (iii) to achieve reasonably low collapse probability at MCE, plastic hinge regions 

of structural components need to be detailed to achieve 𝐿𝑠𝑟 ≤ 5.0 within the potential plastic hinge 

regions for buildings in high seismicity regions. Nevertheless, the effect of confinement and anti-

buckling detailing of structural components was found to become less prominent at lower design 

inter-storey drifts; and (iv) collapse probability at MCE increases in the order of 8% by increasing 

every unit of 𝐿𝑠𝑟 . 

Based on the results of case study buildings, an equation was proposed which relates plastic 

design inter-storey drifts (derived from a simple linear equivalent static analysis at DBE) to the 

seismic collapse probability at MCE for buildings detailed with 𝐿𝑠𝑟 = 5.0. The equation was then 

extended for collapse probability prediction of RC frame buildings with 𝐿𝑠𝑟 > 5.0. The proposed 

equations provide a simplified tool to predict seismic collapse probability of RC buildings from a 
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linear analysis, instead of collapse assessment procedures using cumbersome nonlinear RHA. By 

utilising the proposed equations, a new procedure for design of RC frame buildings based on a 

target collapse probability at the MCE was introduced. The proposed design methodology is based 

on conducting a linear static analysis at DBE which is consistent with the current design methods. 

However, compared to the existing code procedures, it provides a simpler design solution by 

eliminates the need for explicitly verifying capacity design requirements. The procedure offers a 

simple, yet reliable, performance-based seismic design approach for engineering purposes. 

Moreover, it enables straightforward consideration of collapse risk (and subsequently life safety) 

in the design without the need to perform cumbersome nonlinear response history analysis.  
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Chapter 7 

 

7. Conclusions and Recommendations 

 

7.1 Summary 

This thesis was started with the further development of the framework for loss optimisation 

seismic design (LOSD), first proposed by Dhakal (2010). To this purpose, different levels of 

computational rigor were proposed for LOSD through a series of straightforward seismic loss 

assessment steps. Research in the thesis then progressed towards the development of simplified 

methods for estimation of seismic collapse probability for RC frame buildings, as one of the key 

steps of the LOSD procedure. To develop a simplified methodology for prediction of seismic 

collapse probability several axillary objectives were achieved. Application a fiber-element model 

for simulation of structural collapse was scrutinised which was shown to enable simulation of 

vertical and sidesway modes of seismic collapse. Following the adoption of a reliable structural 

model, state-of-the-art ground motion selection methods to verify the role of the adoption of 
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various ground motion selection methods on the seismic collapse probability prediction was 

investigated. Subsequently, by analysing a wide range of case study buildings, the influence of 

design inter-storey drifts and anti-buckling detailing of structural components on the seismic 

collapse probability of buildings was examined. By utilizing the results of parametric studies, a 

simplified equation for prediction of seismic collapse probability of RC moment resisting frames 

at MCE was proposed. Furthermore, a simplified performance-based seismic design methodology 

based on collapse probability at the MCE level was developed. Results of nonlinear response 

history analysis in terms of inter-storey drifts and peak floor acceleration are also illustrated in the 

Appendix which assist in understanding the height-wise distribution of seismic demands in RC 

frame buildings. The key contributions of this thesis and recommendations for future works are 

summarised in this chapter. 

7.2 Key contributions 

7.2.1 Improvement of the LOSD framework 

Framework of the LOSD to introduce a comprehensive probabilistic performance-based 

seismic design methodology was further developed and improved in chapter 3. In particular, three 

levels of computational rigor were proposed for LOSD to undertake the loss-based design. The 

first level of computational rigor (rigorous LOSD) requires a time-based assessment using 

nonlinear response history analysis (NL-RHA) at various earthquake hazard levels for structural 

analysis as well as complete inventory of building components. The second level of computational 
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rigor is based on nonlinear static structural analysis and requires simplified pre-defined functions 

for estimating the loss of buildings components. The third level of computational rigor is a 

simplified performance-based approach which is based on linear structural analysis and simplified 

functions to predict seismic loss of building components. All levels of computational rigor have 

been elaborated through a case study example building which was assessed using the proposed 

steps. 

The major contribution in this chapter is development of a step-by-step loss assessment 

methodology with varying levels of computational effort. Moreover, the proposed assessment 

steps in this chapter has made a contribution towards introduction of the LOSD as a complete and 

comprehensive loss-based design methodology to serve daily engineering design needs with 

varying importance, budget, and timeframe for the next generation of seismic design codes and 

standards.  

7.2.2 Nonlinear fiber-element modelling for seismic collapse simulation 

Application of an enhanced fiber element model to predict seismic collapse capacity of RC 

moment resisting frames was investigated in Chapter 4 of the thesis. The fiber element model used 

in this chapter utilises the hysteretic model of Dhakal and Maekawa (2002a, 2002b, 2002c) for 

simulation of confined concrete and the Kunnath et al. (2009) model for simulation of reinforcing 

steel materials. Application of these material models for a fiber element-bsaed structural model of 

an RC section enables simulation of the stiffness and strength degradation of structural 

components. Through analysis of a case study 10-storey RC frame building designed in accordance 
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with New Zealand standards, it was illustrated that the proposed fiber element model in this thesis 

enables simulation of structural failure due to the loss in vertical load carrying capacity in RC 

columns, in addition to sidesway modes of collapse captured by conventional lumped plasticity 

models.  

Moreover, it was demonstrated that the variation of axial loads throughout cyclic loading – to a 

great extent - affects hysteretic performance of RC frame buildings. Therefore, seismic collapse 

capacity of RC moment resisting frames may be overestimated by using lumped plastic hinge 

models that does not account for the variation of axial forces in columns. 

It was also illustrated that estimation of the seismic collapse capacity of structural systems using 

lumped plastic hinge models is entirely dependent on the selection of structural component 

parameters for definition of plastic hinges. The structural model parameters need to be defined at 

the component level which require precise calibration with experimental investigations. 

Confinement of the reinforced concrete components generally leads to the selection of large values 

for definition of plastic hinge rotations in proposed empirical plastic hinge functions in the 

literature. However, it was shown that RC column components may not be able to sustain large 

seismic demands when subjected to high tension forces. Therefore, conventional lumped plastic 

hinge simulations may lead to overestimation of seismic collapse capacity when generic equations 

proposed in the literature are used. For instance, for the case study example used in chapter 4, an 

overestimation of the median seismic collapse capacity of up to 50% using lumped plasticity 

models was observed. 
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7.2.3 Effect of ground motion selection on the prediction of seismic collapse 

probability 

The effect of GM selection methods on the prediction of seismic collapse fragility of RC 

frame buildings was investigated by conducting nonlinear response history analyses (NL-RHA) at 

various earthquake intensity levels on a 10-storey case study RC moment resisting frame building 

using different GM selection methods.   

Several aspects of the GM selection for NL-RHA such as the effect of the choice of structural 

period and period range for matching GMs to a target spectrum on the prediction of median seismic 

collapse capacity were examined. A new period range for matching GMs with a target spectrum 

was also proposed which varies depending on the structural characteristics (i.e., higher order mode 

participation to decide the lower limit and design ductility to decide the upper limit of the target 

period range). To compare the collapse probability results with varying choice of structural period, 

application of return period as a hazard-based intensity measure (IM) which is independent of the 

structural characteristics was proposed. It was shown that application of a hazard-based IM 

provides a useful tool for comparison of collapse capacity for a range of buildings located in the 

same seismic hazard zone and varying structural characteristics. 

Parametric studies in Chapter 5 demonstrated that collapse fragility of buildings varies 

considerably depending on the choice of GM selection methods. Estimated median collapse 

capacity varied from 0.6g-0.81g depending on the GM selection method used for the analysis. It 

was also demonstrated that collapse fragility estimation of buildings is largely dependent on the 
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choice of the structural period for GM selection. Results of the study indicated a difference of 

approximately 50% in the predicted median seismic collapse capacity for a case study building 

using cracked and un-cracked stiffness of structural components for estimation of structural period. 

This dependency on the structural period was seen in all GM selection methods used in the study. 

However, it was notably more evident in the generalised conditional intensity measure (GCIM) 

and conditional mean spectrum (CMS) selection methods.  

GM selection methods using a uniform hazard spectrum (UHS) predicted lower median 

collapse capacity compared to GCIM and CMS methods, for the case study building used in 

Chapter 5. The median collapse capacity predicted by CMS and GCIM via probabilistic seismic 

hazard analysis was shown to be up to 40% higher than the capacity predicted based on the 

NZS1170.5 (2004) design response spectrum.  

Collapse probability assessment results in Chapter 5 generally indicated a larger record-to 

record randomness (i.e., 0.46 – 0.58) compared to the values reported in the literature (i.e. in the 

order of 0.4) based on IDA results. The GCIM method suggested the largest GM variability 

amongst the GM selection methods investigated in this study. 

In summary, hazard consistent GM selection methods (i.e., CMS and GCIM) were found to 

notably over-predict important engineering demand parameters such as collapse capacity (and 

subsequently under-predict the collapse probability) for intensity-based assessments, compared to 

the UHS-based approaches. The UHS was also found to be less sensitive to conditioning options 

(such as structural period), thus leading to more consistent and conservative predictions which are 

suitable for engineering purposes. 
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7.2.4 Simplified estimation of seismic collapse probability at MCE 

Seismic collapse probability assessment for an extensive range of case study buildings 

ranging from 5, 10 and 12-storey with 3, 4 and 5 bays at the design basis of earthquake (DBE) and 

the maximum credible earthquake (MCE) hazard levels was undertaken in Chapter 6. Analyses 

results for the case study buildings demonstrated that seismic collapse probability of ductile RC 

frame buildings is primarily governed by maximum design inter-storey drifts and anti-buckling 

detailing of the plastic hinge regions of structural components. To account for anti-buckling 

detailing of structural components, a parameter measured as the ratio of unsupported length to 

diameter of longitudinal bars, denoted as Lsr, was defined. The calculate the unsupported length 

of longitudinal bars a procedure proposed by Dhakal and Maekawa (2002a, 200b) based on the 

relative stiffness of longitudinal and transverse reinforcement was adopted which has been 

extensively verified by numerical and experimental studies. 

Numerical results of the case study buildings with varying Lsr and design inter-storey drifts 

in Chapter 6 indicated that (i) collapse probability of buildings is significantly reduced as the 

maximum design inter-storey drift is reduced, (ii) collapse probability of RC frame buildings 

designed in accordance with NZ standards may become large if they are designed with the 

maximum allowable inter-storey drifts, and (iii) to achieve low collapse probability at the 

maximum considered hazard level, RC structural components need to be detailed for Lsr ≤ 5.0 

within the potential plastic hinge regions, even though the effect of confinement of structural 

components becomes less prominent at lower design inter-storey drifts. 
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Assuming that all structural components conform to the requirements for Lsr = 5.0, 

Equation (6.8) was proposed which relates linear inter-storey drifts (computed from an equivalent 

static analysis at DBE hazard level) to seismic collapse probability at MCE hazard level. The 

equation was then extended for the collapse assessment of RC frame buildings with Lsr ≥ 5.0 (i.e., 

Equation 6.9). To calculate seismic collapse probability using these equations, one only needs to 

undertake a simple linear equivalent static analysis and design potential plastic hinge regions of 

structural components for an intended Lsr. Therefore, these equations suggest a useful simplified 

seismic collapse probability prediction tool for RC frame buildings. 

7.2.5 Design of RC frame buildings based on seismic collapse probability 

By utilising the proposed equations, a new design approach for RC frame buildings based 

on a target collapse probability at the maximum credible hazard level was introduced. Design is 

commenced by adopting a target collapse probability at MCE level. A linear equivalent static 

analysis at DBE, consistent with the current design methods, is then carried out. Preliminary size 

and reinforcement of the structural components are designed for the demands obtained based on 

the linear analysis. It is suggested to design and detail structural components such that Lsr ≤ 5.0 

is satisfied for new buildings at the potential plastic hinge zones. Using the proposed Equation 6.8, 

collapse probability of the designed building is estimated and compared to target collapse 

probability. If the calculated collapse probability is higher than the selected target probability, 

section sizes are amended to reduced inter-storey drifts until the desired target probability of 

collapse is achieved. 
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Compared to the existing code methods, the proposed design approach is faster and 

eliminates the need to explicitly verify capacity design requirements while offering a simple, yet 

reliable, performance-based seismic design procedure. It enables straightforward consideration of 

collapse risk (and hence life safety) in the design without the need to perform cumbersome 

nonlinear response history analysis. It does not require cumbersome capacity design checks 

making the design simpler for practicing engineers while being a probabilistic performance-based 

approach.  

7.2.6 Height-wise variation of seismic demands 

While nonlinear response history analyses were undertaking for collapse analysis, inter-

storey drift and peak floor acceleration demands for selected case study buildings were also 

recorded and depicted in Appendix A. Seismic demand results presented in this chapter provide 

superior information compared to the literature as the structural model used for the study has 

accounted for cyclic strength and stiffness degradation of structural components, 𝑃 − ∆ effects, 

and excluded the ground motion records which may result in structural collapse. Parametric studies 

in chapter 7 indicated that inclusion of structural response for GMs that cause structural collapse 

in the estimation of median seismic demands may result in misleading outcome. Other 

observations from the results of case study buildings in this chapter are summarised in the 

following sections. 
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7.2.7 Height-wise variation of inter-storey drifts 

Results of the case study buildings indicated that maximum inter-storey drifts for low to 

medium-rise buildings typically take place at low to mid height floor levels. For instance, 

maximum inter-storey drifts took place at level 4 for majority of 10-storey buildings under 

majority of GM records. However, as buildings move further into nonlinear range, formation of 

plastic hinges at lower levels results in larger inter-storey drifts at the lower height floor levels 

(e.g. first level for 5-storey buildings). Therefore, maximum inter-storey drifts are likely to be at 

peak at the first-floor level for structures responding in highly nonlinear range.  

Inter-storey drift profiles predicted by a linear equivalent static analysis method were in 

relatively close agreement to NL-RHA, in terms of the shape of profile. However, they provided 

a poor prediction of the magnitude of seismic demands primarily because collapse of buildings 

cannot be simulated by linear analysis methods. This resulted in predicting high demands by linear 

methods which may not happen due to structural collapse. It was demonstrated that confinement 

of structural components has a notable influence on the seismic demand profile of RC frame 

buildings. Well confined buildings were able to move further into nonlinear range, allowing to 

sustain higher inter-storey drifts before structural collapse. This leads to higher median inter-storey 

drift demands for well confined buildings. Linear analysis methods were not able to capture 

confinement effects in the estimation of seismic demands. 

It was illustrated that generally NZS1170.5 linear equivalent analysis predictions of inter-

storey drifts are generally conservative compared to results of NL-RHA in terms of the magnitude 
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of response. Linear analysis predictions are close to median plus standard deviation values of NL-

RHA in well confined buildings. Results obtained from the linear equivalent static analysis method 

combined with the simplified prediction of seismic collapse probability using the proposed 

equation in Chapter 6 is expected to provide a simple and conservative prediction of seismic 

demands for loss estimation purposes. However, the level of approximation in the estimation of 

loss was not quantified in this thesis and remains the subject of future research.   

7.2.8 Height-wise variation of peak floor accelerations 

The median of the ratio of peak floor acceleration to peak ground acceleration (PFA/PGA) for the 

case study buildings, excluding ground motions resulting in structural collapse, at different floor 

levels remained close to the peak ground acceleration. For majority of case study buildings, it was 

seen that the magnitude of the peak median acceleration at various floor levels is close to the 

magnitude of PGA for lower floor levels, moves below PGA at mid floor levels and typically is 

higher than PGA at the top levels. This trend was observed at almost all case study buildings, 

irrespective of the building height, configuration or confinement of structural components. Median 

plus standard deviation of PFA/PGA was seen to increase significantly at upper floor levels. This 

increase was up to 2 while remained at around 1.5 for majority of case study buildings. Overall, 

the ratio of PFA/PGA was observed to be lower than the values suggested by NZS 1170.5 (2004).  

It was noted that in contrast to the inter-storey drifts, variation of PFA/PGA is not highly dependent 

on the confinement of structural components. For various levels of Lsr, similar trend of the 

variation of PFA/PGA was observed. 
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In summary, spatial distribution of PFA for structures responding in high nonlinear range 

indicated that maximum value of the median PFA is typically close to PGA at various floor levels. 

However, higher accelerations incur in upper levels with median values between 1.20 - 1.50 PGA. 

7.3 Summary of the thesis novelties and contributions 

In summary, the following specific contributions have been made in this thesis which will 

assist in the advancement of structural and earthquake engineering discipline: 

1) Introduction of levels of computational rigor for LOSD (chapter 3) 

2) Introduction of a framework for pushover-based loss assessment (section 3.3.2) 

3) Application of an enhanced fibre-element modelling technique as an effective tool 

for simulation of the collapse RC moment resisting frame buildings including 

flexural-axial interaction (Chapter 4) 

4) Introduction of a new period range for matching ground motion spectra with a target 

spectrum (section 5.4.1) 

5) Development of a new methodology for fitting collapse probability data points to a 

lognormal distribution for application in multiple strip analysis (section 5.5) 

6) Definition of return period as an intensity measure for comparison of the collapse 

probability of buildings with different structural periods (section 5.7.2) 

7) Rigorous collapse probability assessment of the New Zealand Red Book building 

which acts as a design example of the NZ concrete standard, NZS3101 2006 (Table 

5.1) 
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8)  Quantification of the effect of design inter-storey drifts on the seismic collapse 

probability of RC buildings (section 6.6) 

9) Quantification of the effect of anti-buckling detailing of RC frames on the seismic 

collapse probability of RC frame buildings (section 6.7) 

10) Development of an equation for simplified seismic collapse probability of ductile 

moment resisting frames (Eq. 6.8) 

11) Development of an equation for simplified seismic collapse probability prediction of 

non-conforming moment resisting frames (Eq. 6.9) 

12) Development of a new simplified performance-based seismic design for RC moment 

resisting frame buildings (section 6.10) 

7.4 Recommendations for future work 

Considering the limitations of this dissertation and the current literature, following 

recommendations are made for future work. 

7.4.1 Development of LOSD 

As it was elaborated in chapter 3, LOSD encompasses several aspects of earthquake 

engineering. Extensive research opportunities exist to improve the existing science on various 

aspects loss estimation. In particular, some of the areas of research for simplified LOSD were 

shown in chapter 3. Simplified functions/methods are required to estimate downtime, for which 
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limited information is currently available in literature. 

7.4.2 Quantification of uncertainties 

Further research works are required for quantification of the uncertainties in the prediction 

of seismic collapse probability of buildings. Record-to-record randomness in the prediction of 

seismic collapse probability of RC frame buildings using various ground motion selection methods 

has been shown for a case study building in Chapter 5. It was illustrated that the different ground 

motion selection methods suggest varying levels of record-to-record randomness ranging from 

0.38-0.58, which depends on the ground selection method used in the analysis. Therefore, it was 

shown that the ground motion selection method used for the analysis may change the collapse 

probability results by up to 40%.  

However, the effects of modelling uncertainties on the prediction of seismic collapse 

probability were not investigated in this thesis and remains an ongoing topic of research in future. 

As noted in Chapter 5, dispersions in the vicinity of 0.7 have been proposed for modelling 

uncertainties in the literature. Nevertheless, modelling uncertainties in the literature are based on 

the lumped plasticity models at the component level. It is expected that modelling uncertainties at 

the material level for fiber-element modelling to be lower than that of lumped plasticity models 

which is yet to be investigated. As it was shown in Chapter 5, consideration of modelling 

uncertainties will eventually lead to higher probabilities of collapse. The simplified equations 

proposed in Chapter 6 for prediction of collapse probabilities do not account for modelling 

uncertainties. However, it is noted that neglecting modelling uncertainties can be indirectly 
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accounted by adopting lower allowable collapse probabilities for design purposes. Similar 

methodology has been adopted in ASCE 7 where the collapse probability prediction does not 

include modelling uncertainties but the limiting collapse probabilities account for this 

phenomenon. 

7.4.3 Collapse probability prediction for various structural systems 

In this thesis a simplified equation for estimating seismic collapse probability of RC frame 

buildings was developed. Similar equations are needed to be developed for various structural 

systems. This includes functions for simplified collapse prediction of buildings with new 

technologies such as base isolated buildings and buildings with low damage systems. 

7.4.4 Simplified functions for prediction of inter-storey drifts and peak floor 

accelerations 

In this thesis spatial distribution of inter-storey drifts and peak floor acceleration demands 

obtained from NL-RHA for selected number of case study buildings is illustrated in Appendix A. 

Development of simplified functions and/or methods to estimate these demands without 

conducting NL-RHA is an essential step in the simplified prediction of building losses. In 

particular, very few research is found in literature for prediction of peak floor accelerations. 

Majority of these attempts provide methods for prediction of acceleration within linear range. 

Considering the significant contribution of PFA in building loss, development of reliable functions 

for simplified prediction of accelerations for linear and nonlinear structures is of prime importance. 
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Appendix A. Height-wise variation of inter-storey 

drifts and peak floor accelerations for RC moment 

resisting frame buildings 

  

 

A.1 Summary 

In this appendix height-wise variation of engineering demand parameters used for seismic 

loss estimation of buildings- other than seismic collapse probability- for selected case study 

buildings adopted in the previous chapter are examined. Engineering demand parameters used for 

loss estimation - other than seismic collapse probability- consist of peak floor acceleration (PFA) 

and inter-storey drift ratio (IDR). Results of nonlinear response history analyses (NL-RHA) for 

selected case study buildings with varying height, number of bays and confinement of structural 

components in comparison to predictions from NZS1170.5 (2004) are depicted in this chapter. 

Structural responses are shown at design basis of earthquake (DBE) and maximum credible 

earthquake (MCE) hazard levels considering collapse and no collapse ground motions records. 

Results of NL-RHA indicate that maximum median structural response demands (inter-storey 

drifts in particular) prior to structural collapse depends directly on the level of confinement of 
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structural components. It is seen that structural collapse for majority of case study buildings take 

place when median inter-storey drifts are below 2.5% at the DBE hazard level. Therefore, 

depending on the level of confinement of structural components, structural failure (i.e., partial or 

global building collapse) may take place below the allowable inter-storey drift currently suggested 

by the NZS1170.5. 

A.2 Introduction 

A significant portion of the dollar and downtime loss incurred in earthquakes, contributing 

over 80-90% of a buildings value in most cases, can be attributed to the loss from damage to non-

structural components and contents. Damage to non-structural components often occurs at 

response intensities that are smaller to those required to produce structural damage. Therefore, it 

is not surprising that when losses due to structural and non-structural components are separated 

loss due to non-structural components have consistently been reported to be far greater than those 

resulting from structural damage (e.g. Ramirez and Miranda 2009).  

Since damage to non-structural components and contents are typically sensitive to inter-

storey drifts and peak floor accelerations, prediction of these seismic demands become of prime 

importance for estimating building losses. Numerical estimation of seismic demands under various 

hazard levels requires selection of representative ground motion records and application of 

nonlinear structural models which can simulate cyclic deterioration characteristics of structural 

components and are able to predict building collapse. However, majority of attempts to predict 

seismic demands, particularly peak floor accelerations, have been concentrated on linear response 
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of buildings (e.g., Chaudhuri and Hutchison 2004, Miranda and Taghavi 2005, Taghavi and 

Miranda 2005) which do not account for collapse and cyclic degradation effects on the structural 

response. 

To estimate the collapse probability of various case study buildings in this thesis, non-linear 

response history analyses (NL-RHA) at 500-year return period and 2500-year return period hazard 

levels for various case study buildings were performed in previous chapters. Collapse probability 

of case study buildings was shown in previous chapters, as the main focus of this thesis. In this 

chapter, height-wise variation of seismic demands for selected case study buildings in terms of 

maximum inter-storey drift ratio (IDR) and peak floor acceleration (PFA) is shown. Depicted 

structural responses for various case study buildings illustrated in this chapter provide useful 

information on the variation of the structural response of RC frame buildings as different design 

parameters vary. Compared to the height-wise variation of IDR and PFA in literature the results 

shown in this appendix provide an improved comparison due to (i) the use of an advanced fiber-

element modelling technique for structural analysis which has enabled cyclic stiffness and strength 

degradation of structural response as well as nonlinear second order 𝑃 − ∆ effects, (ii) comparison 

of structural response excluding the collapsed buildings which may provide misleading prediction 

of structural response.  

Majority of studies in the literature to estimate seismic demands have used structural models 

which are not able to simulate structural collapse or cyclic stiffness and strength degradation of 

structural components. Therefore, it is believed that results shown in this chapter provide a more 

realistic prediction of seismic demands compared to the literature. 
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It is noted that since the main purpose of this thesis has been development of simplified 

methods for prediction of the seismic collapse probability at a given hazard level, seismic demand 

parameters shown in this chapter were not recorded for all case study buildings. This has helped 

to save space and time during the analyses, considering that nonlinear response history analysis 

using fiber-element models is a time-consuming process. Therefore, structural responses are 

shown for a limited number of case study buildings in this chapter. Considering the large extent of 

the case study buildings in the thesis, it is still believed that results shown herein provide 

reasonable database to be able to follow the trend in the structural response and draw conclusions.  

A.3 Case study buildings 

Building configuration and characteristics of the case study buildings used in this chapter are the 

same as those used in Chapter 6. The list of case study buildings used in this chapter along with 

seismic collapse probability at DBE and MCE levels are shown again in Tables A. 1 and A. 2, 

respectively.  

As noted in chapter 6, case study buildings vary in height (i.e., 5-storey, 10-storey and 12-storey), 

number of bays and confinement of structural components. Confinement of structural components 

vary using Lsr as defined in the previous chapter. 
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Table A. 1: List of case study buildings used in the research along with collapse probabilities at 

DBE level 

500-Year Return Period (DBE) 

     Lsr=5.0 Lsr=7.5 Lsr=10 

Build. 

ID 

T 

(Sec.) 

Max. 

θ𝑑𝑒𝑠 
P(C|DBE) P(C|DBE) P(C|DBE) 

10-Storey, 4-bay Case Study Buildings 

Base 

Model 

1.76 
0.028 0.125 0.375 0.80 

2 1.62 0.024 0 0.075 0.4 

3 1.47 0.021 0 0.025 - 

4 1.16 0.016 0 - - 

5 1.12 0.0146 0 0 - 

6 0.83 0.010 0 0 0.225 

10-Storey, 6-bay Case Study Buildings 

7 
1.75 

0.026 0.1 - - 

8 1.6 0.023 0 0.075 - 

  

Table A. 2: List of case study buildings used in the research along with collapse probabilities at 

MCE level 

Maximum Credible Earthquake (MCE) 

     Lsr=5.0 Lsr=7.5 Lsr=10 

Build. 

ID 

T 

(Sec.) 

Max. 

θ𝑑𝑒𝑠 
P(C|MCE) P(C|MCE) P(C|MCE) 

10-Storey, 4-bay Case Study Buildings 

Base 

Model 
1.76 0.028 0.675 0.90 0.975 

2 1.62 0.024 0.4 0.625 0.8 

3 1.47 0.021 0.35 0.525 0.8 

4 1.16 0.016 0.175 0.425 0.675 

5 1.12 0.0146 0.15 0.375 0.65 

6 0.83 0.010 0.1 0.275 0.625 

10-Storey, 6-bay Case Study Buildings 

7 1.75 0.026 0.55 0.95 1.0 

8 1.6 0.023 0.325 0.65 0.85 
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12-Storey, 4-bay Case Study Buildings 

11 1.84 0.0265 0.525 - - 

12 1.35 0.0162 0.30 0.60 - 

13 1.33 0.0159 0.35 - - 

14 1.22 0.0141 0.25 - - 

5-Storey, 3-bay Case Study Buildings 

9 0.85 0.016 0.15 0.275 0.55 

10 0.87 0.0178 0.20 0.325 0.625 

 

A.4 Seismic demand prediction results 

At this section height-wise variation of the seismic demands for selected case study buildings are 

illustrated. For each case study building, inter-storey drift ratio for individual ground motions 

along with the median and median plus and minus standard deviations of the results are illustrated. 

It is noted that seismic demand results are only shown for the ground motions which have not led 

to structural collapse. Seismic demand results for the collapsed GMs are excluded from the graphs 

as they can result in biased estimation of the median seismic demand. This is because seismic 

demand before structural collapse may appear unrealistically large. To illustrate this issue, as an 

example, Figure A. 1 depicts inter-story drift predictions from nonlinear response history analysis 

(NL-RHA) for the case study model 7 at MCE. Results of the collapse and no collapse cases are 

recorded until the last step before analysis is terminated to indicate structural failure. For those 

GMs that cause structural collapse one step following the points shown in the figure indicate 

infinite inter-storey drifts.  

It is evident from the figure that inclusion of collapse cases suggests median response which is 

significantly higher than what the structure is in fact able to withstand prior to collapse. Maximum 
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median inter-storey drift on the right figure is close to 3.7% whereas the maximum median drift 

for no collapse cases is 2.9%. This indicates the importance of structural model used for seismic 

demand estimation which are able to simulate structural collapse and degrading response of 

structural components.  

  

Figure A. 1: Inter-storey drift prediction from nonlinear response history analysis for case 

study 7 - no collapse ground motions (left), collapsed and no collapse ground motions (right) 

A.4.1 Inter-storey drift profile for case study buildings 

In this section inter-storey drift profile resulting from NL-RHA for selected case study buildings 

is illustrated. For comparison purposes, inter-storey drift predictions from a linear equivalent static 

analysis (ESA) and linear response spectrum analysis (RSA) computed in accordance with 

NZS1170.5 are also shown in the following graphs using black lines. At each hazard level seismic 

demands are depicted for three levels of confinement of structural components, i.e. Lsr=5.0, 7.5, 

and 10. As noted before, results are not illustrated for all cases as they were not saved during the 

analysis. 
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As noted in the previous chapter, for case study buildings used for analysis the seismic base shear 

computed using linear RSA is scaled to 80% of the linear ESA as per NZS1170.5 stipulations for 

regular buildings. Therefore, RSA predictions are expected to be lower than the ESA estimations 

by 20%. NZS1170.5 inter-storey drift estimations for 2500-year return period hazard level are 

obtained by simply multiplying predicted responses for 500-year return period hazard level by a 

factor of 1.8, as suggested by the code. Therefore, distribution of structural response does not vary 

in the linear analysis at larger hazard levels. 

It is also noted that in order to be able to compare the magnitude of inter-storey drifts between 

various buildings, inter-storey drift axis in the graphs is consistently shown to 0.08 and 0.04 limit 

for MCE and DBE hazard levels, respectively. 

MCE DBE 

Lsr=5.0 Lsr=5.0 

  
Figure A. 2: Inter-storey drift profile for Model ID=1 
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Lsr=10   

 

  

Figure A. 3: Inter-storey drift profile for Model ID=2 
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Figure A. 4: Inter-storey drift profile for Model ID=3 
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Figure A. 5:Inter-storey drift profile for Model ID=4 
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MCE DBE 

Lsr=5.0 Lsr=7.5 

  
Figure A. 6: Inter-storey drift profile for Model ID=5 
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Figure A. 7: Inter-storey drift profile for Model ID=6 
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Figure A. 8: Inter-storey drift profile for Model ID=7 
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Figure A. 9: Inter-storey drift profile for Model ID=8 

 

 
MCE MCE 

Lsr=5.0 Lsr=7.5 

  

Lsr=10  

 

 

Figure A. 10: Inter-storey drift profile for Model ID=9 
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Figure A. 11: Inter-storey drift profile for Model ID=10 

A.4.2 Peak Floor acceleration profile for case study buildings 

Peak floor acceleration (PFA) response of case study buildings for individual ground motion 

records along with median and median plus and minus standard deviation of results from NL-RHA 

is discussed in this section. PFA from Nl-RHA are shown in two different formats at each hazard 

level and for a given Lsr. Acceleration response of selected case study building is shown in the 

following figures. Figures on the left illustrate ratio of the peak ground acceleration (PGA) to peak 

total acceleration (i.e. maximum recorded acceleration) at each floor level. To obtain this ratio, for 

each ground motion absolute value of the maximum of floor acceleration for all time steps is 

recorded and then divided by absolute value of the peak ground acceleration (i.e., 
𝑀𝑎𝑥.|�̈�(𝑡)|

𝑀𝑎𝑥.|�̈�𝑔(𝑡)|
). It is 

thus noted that the peak total acceleration at a given floor level may not take place at the same time 

as PGA. It is also noted that this ratio may have occurred at different times for different floor 

levels. Therefore, these figures indicate variation of the total peak acceleration with respect to PGA 
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at each floor level which can be used to estimate seismic demands to non-structural components 

which are sensitive to PFA.  

Figures on the right (noted as relative peak floor acceleration) illustrate the total peak floor 

acceleration minus the peak ground acceleration (i.e.,  𝑀𝑎𝑥. |�̈�(𝑡) − �̈�𝑔(𝑡)| ). This value is zero at 

the ground level and increases over the height of buildings. These figures indicate distribution of 

accelerations as a result of structural response to ground excitation and depict variation of the 

acceleration along the height of nonlinear buildings which can be used for design of structural 

components. In order to be able to compare different graphs with varying Lsr, relative PFA graphs 

are limited to 3g and 6g for DBE and MEC hazard levels respectively. 

MCE, Lsr=5.0 

  

DBE, Lsr=5.0 

0 0.5 1 1.5 2 2.5 3
0

2

4

6

8

10

Peak Floor Acceleration/PGA

S
to

re
y

 L
ev

el

 

 

Median

Median-Std deviation

Median+Std deviation

0 1 2 3 4 5 6
0

2

4

6

8

10

Relative Peak Floor Acceleration(g)

S
to

re
y

 L
ev

el

 

 

Median

Median-Std deviation

Median+Std deviation



 

 

299 

 

 
 

 

Figure A. 12: Peak floor acceleration profile for building ID = Model 1 
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DBE Hazard level, Lsr=7.5 

  

Figure A. 13: Peak floor acceleration profile for building ID = Model 2 
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MCE Hazard level, Lsr=10.0 

  

Figure A. 14: Peak floor acceleration profile for building ID = Model 3 
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DBE Hazard level, Lsr=7.5 

  

Figure A. 15: Peak floor acceleration profile for building ID = Model 4 
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MCE Hazard level, Lsr=10.0 

  

Figure A. 16: Peak floor acceleration profile for building ID = Model 5 
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MCE Hazard level, Lsr=7.5 

  

MCE Hazard level, Lsr=10.0 
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DBE Hazard level, Lsr=7.5 

  

DBE Hazard level, Lsr=10.0 

  

Figure A. 17: Peak floor acceleration profile for building ID = Model 6 
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MCE Hazard level, Lsr=5.0 
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Figure A. 18: Peak floor acceleration profile for building ID = Model 7 
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MCE Hazard level, Lsr=7.5 

  

DBE Hazard level, Lsr=5.0 
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Figure A. 19: Peak floor acceleration profile for building ID = Model 8 
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Figure A. 20: Peak floor acceleration profile for building ID = Model 9 

MCE Hazard level, Lsr=5.0 

  

MCE Hazard level, Lsr=7.5 

  

MCE Hazard level, Lsr=10.0 
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Figure A. 21: Peak floor acceleration profile for building ID = Model 10 

A.5 Key structural response observations 

Structural response graphs illustrated in the previous section provide a valuable image of the 

variation of structural response with varying structural characteristics. Results from NLRHA 

presented in this chapter are of interest particularly because the structural model used for analysis 

encompasses stiffness and strength degradation of structural components and enables simulation 

of vertical and sidesway modes of collapse. The following sections summarise the observations 

from the analysis of case study buildings. 

A.5.1 Variation in inter-storey drift profiles 

Maximum inter-storey drifts before structural collapse is seen to be largely related to 

confinement of structural components. For buildings with 𝐿𝑠𝑟 = 7.5 and 𝐿𝑠𝑟 = 10 the ability of 

structures to sustain higher inter-storey drifts reduce significantly and thus maximum inter-storey 
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drift demands, obtained from no collapse GM records, remain at a much lower level compared to 

buildings with 𝐿𝑠𝑟 ≤ 5.0. This is evident for all the case study buildings irrespective of the building 

height. Nevertheless, it is more evident in taller buildings as results show that shorter buildings 

(i.e. 5 –storey buildings herein) are able to move further into nonlinear range and sustain further 

drifts prior to structural collapse. This is in particular due to the fact that sidesway mode of collapse 

occurs at larger inter-storey drifts at shorter buildings. 

Height-wise variation of inter-storey drift demand estimations using linear analysis methods 

are generally in relatively close agreement with the NL-RHA, in terms of the shape of the inter-

storey drift profiles. Nevertheless, linear methods predict the maximum inter-storey drift at level 

2 for 10-storey case study buildings whereas maximum drifts generally take place at levels 4 and 

5 in NL-RHA. 

Agreement of the shape of inter-storey drift profiles between linear and nonlinear analysis is 

superior for 10-storey case study buildings compared to the 5-storey buildings. This can be 

explained mainly because 5-storey buildings have been able to move further into nonlinear range 

before structural collapse, particularly at Lsr=5.0. In 5-storey buildings plastic hinge deformation 

at the first level has continued while the global structural stability is still retained. This has resulted 

in formation of maximum inter-storey drifts at the first-floor level in NL-RHA which has not been 

captured by the linear analyses.  

In terms of the magnitude of inter-storey drifts, linear methods generally over-estimate the 

magnitude of inter-storey drifts. This is mainly due to the fact that structural collapse is not 
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captured in the linear analysis methods. At DBE hazard level that collapse probability is close to 

zero, it would be fair to conclude that linear methods provide results comparable to median plus 

standard deviation of NL-RHA. However, for MCE majority of case study results indicate a poor 

agreement between the linear and nonlinear analysis as the linear analyses have not predicted the 

structural collapse. Poor results of linear analysis are significantly exacerbated for case study 

buildings with Lsr>5.0. For these buildings vertical or sidesway mode of collapse has taken place 

at inter-storey drifts less than 2%. However, for 5-storey case study buildings higher levels drifts 

are observed even for buildings with larger Lsr. This indicates that confinement of structural 

components becomes more important for taller buildings in order to delay the structural collapse. 

A.5.2 Variation in peak floor acceleration profiles 

The ratio of peak floor acceleration to peak ground acceleration (PFA/PGA) for the case study 

buildings, excluding ground motions resulting in structural collapse, illustrate that the median ratio 

at different floor levels remains close to 1. Typically, it is seen that the magnitude of the median 

PFA is close to the magnitude of PGA at the lower floors, goes below PGA for the middle floor 

levels and moves to higher than PGA at the top levels. This trend was observed for almost all case 

study buildings, irrespective of the building height, configuration, or confinement of structural 

components. Median plus standard deviation of PFA/PGA is seen to increase significantly at upper 

floor levels, i.e. is up to 2 while remains at around 1.5 for majority of case study buildings. For 

some individual GM records this ratio is seen to be as large as 5. However, overall, the ratio of 

PFA/PGA observed in the analyses are typically lower than the values suggested by NZS 1170.5 
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(2004).  

The median value of relative acceleration is seen to increase sharply at the lower floor levels and 

remaining relatively constant along upper floor levels. This trend can be seen in majority of case 

study buildings regardless of the building height or confinement of structural components. At 

median plus standard deviation, predictions of relative acceleration are seen to increase 

significantly at lower storey levels and typically coming back slightly at upper floor levels.  

It is noted that, in contrast to the inter-storey drifts, variation of PFA/PGA is not highly dependent 

on the confinement of structural components. For various levels of Lsr in this study similar trend 

in the variation of PFA/PGA and relative PFA is observed.  

It is noted that spatial distribution of peak floor accelerations shown in this chapter are for 

case study buildings subjected to severe ground motions scaled to represent high seismicity of the 

Wellington region. Majority of GM records used in this study result in nonlinear response of the 

case study buildings even at the DBE level. Therefore, results may vary for structures that 

responding within linear range or early stages of nonlinear behaviour. Observations in this chapter 

are in line with several research in literature which have shown that the magnitude of peak floor 

accelerations tend to become close to PGA as buildings move further into inelastic range.  

A.6 Conclusions 

Inter-storey drift predictions for selected case study buildings used in the thesis resulting 

from NLRHA considering structural collapse was shown in this chapter. Results shown in this 
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chapter illustrated the importance of the consideration of structural collapse in the prediction of 

seismic demands. It was shown that inclusion of ground motions which result in the structural 

collapse in the prediction of median structural response may result in misleading estimations.  

It was observed that confinement of structural components affects the magnitude of inter-

storey drift demands to a great extent. Inter-storey profile predictions for case study were seen to 

agree relatively well with results from an equivalent linear static analysis using NZS1170.5 (2004) 

procedure. Nevertheless, the magnitude of IDR was only close for buildings with Lsr=5.0 with 

low seismic collapse probability. 

The median value of the ratio of PFA/PGA for majority of case study buildings was observed 

to remain close to 1.0. However, for individual ground motion records, values as high as 6 was 

observed. Typically, it was seen that the PFA/PGA predictions from NZS1170.5 provide a 

conservative estimation compared to the results obtained from N-RHA. 

It should be noted that results shown in this chapter are for case study buildings under severe 

GM records which result in nonlinear response of structural components for majority of cases.  

Further research is required with additional variety of case study buildings responding in various 

range of nonlinearity to develop simplified solutions to estimate seismic demands. 

 

 



 

 

316 

 

 

THE END 

 


